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PREFACE
Cold-formed steel members are used in virtually every area of construction. In order to
review the research findings and the design methods developed in this field, 24
International Specialty Conferences on Cold-Formed Steel Structures have been held
since 1971. In 2014, in recognition of his vision and many contributions to the field of
cold-formed steel structures, the conference was named the Wei-Wen Yu International
Specialty Conference on Cold-Formed Steel Structures.
In recent years, significant progress has been made in the development of design
standards and in research studies of cold-formed steel members and structural systems
throughout the world. The Wei-Wen Yu International Specialty Conference on ColdFormed Steel Structures 2018 was held in St. Louis, Missouri on November 7th and 8th,
2018. It was sponsored by the American Iron and Steel Institute (AISI), Cold-Formed
Steel Engineers Institute (CFSEI), Metal Building Manufacturers Association
(MBMA), Rack Manufacturers Institute (RMI), Steel Deck Institute (SDI), Steel
Framing Industry Association (SFIA), and the Missouri University of Science and
Technology (formerly University of Missouri-Rolla) in cooperation with the American
Society of Civil Engineers Committee on Cold-Formed Members, Canadian Sheet Steel
Building Institute, Structural Stability Research Council Task Group on Thin-Walled
Metal Construction, and the Centre for Advanced Structural Engineering of the
University of Sydney in Australia.
This publication contains the 61 conference papers. These papers not only report the
results of recent research but also discuss many the technical developments in coldformed steel design and construction.
This conference also saw the continuation of the Wei-Wen Yu Student Scholars
Program, the purpose of which is to provide travel reimbursement support for university
students to attend and present a paper at the conference, and the Wei-Wen Yu
Outstanding Paper Award, which is given for the best student authored or co-authored
paper presented at the conference.
As Directors of the Conference, we are very grateful to all the sponsors and supporting
organizations for their financial and technical support and to all authors for their
contributions in the field of cold-formed steel structures. Appreciation is also due to
members of the Planning Committee (D. Allen, R.L. Brockenbrough, H.H. Chen, J.
Crews, P. Dalia, P. Ford, S.R. Fox, G.J. Hancock, R.B. Haws, R.A. LaBoube, J.W.
Larson, T.B. Pekoz B.W. Schafer, W.L. Shoemaker, T. Sputo and W.W. Yu) for review
and selection of papers and their advice in preparation of the conference. We thank all of
the session chairpersons listed in the program for their time and effort. We also
acknowledge the in valuable assistance of S.F. Stephens and A. Gheni during the
conference.
Special thanks are extended to Mrs. Christina Stratman for her assistance with the
conference planning and organization as well as preparing this publication.
Roger A. LaBoube
Wei-Wen Yu
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Using Generalized Beam Theory to assess the behavior of
curved thin-walled members
Nuno Peres 1, Rodrigo Gonçalves1 and Dinar Camotim 2
Abstract
In this work, the first-order behavior of naturally curved thin-walled bars with
circular axis, without pre-twist, is assessed with the help of the Generalized Beam
Theory (GBT) formulation previously developed by the authors. With respect to
the previous work, which dealt with simple cross-sections, the present paper
presents a method to obtain the deformation modes for arbitrary flat-walled crosssections. Despite the complexity involved in this generalization, the standard GBT
kinematic assumptions are kept, since they are essential to (i) subdivide the modes
in a meaningful way and (ii) reduce the number of DOFs necessary to obtain
accurate solutions. It is shown that the curvature of the bar influences significantly
the deformation mode shapes. Furthermore, a standard displacement-based finite
element (FE) is employed to solve several examples that highlight the peculiar
behavior of curved members. For validation and comparison purposes, results
obtained using shell FE models are provided. Finally, the superiority of a mixed
GBT-based FE format is demonstrated.
1. Introduction
Generalized Beam Theory (GBT) is a thin-walled bar theory incorporating crosssection deformation through the consideration of hierarchical and structurally
meaningful cross-section DOFs, the so-called “cross-section deformation
modes”. GBT was initially proposed and developed by Schardt (1966, 1989), and
it is currently well-established as an efficient, versatile, accurate and insightful
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approach to assess the structural behavior of thin-walled prismatic bars (e.g.,
Camotim et al., 2010a, 2010b).
Quite recently, the authors developed, for the first time, a linear GBT formulation
for elastic thin-walled bars with circular axis, without pre-twist (Peres et al.,
2016). This formulation extends the classic prismatic case while still making it
possible to incorporate (or not) the usual GBT strain assumptions. Moreover, it
extends the classic theories of Winkler (1868) and Vlasov (1958). Although all
types of cross-section deformation modes can be handled, their systematic
determination for complex cross sections was not developed, since the so-called
“natural Vlasov modes” (complying with Vlasov’s assumption) need to be
calculated using a complex constraint for curved bars. This paper closes the
previous work by proposing a procedure for the calculation of the cross-section
deformation modes for members with circular axis and arbitrary flat-walled crosssections, extending the concepts introduced for the prismatic case in (Gonçalves
et al., 2010; 2014; Bebiano et al., 2015). The modes are hierarchized and
subdivided using specific kinematic constraints (such as the Vlasov assumption),
to keep the usual efficiency of the GBT analyses, namely to ensure that the modal
decomposition of the solution provides in-depth insight into the mechanics of the
problem under analysis. A set of representative numerical examples is presented,
to show the capabilities of the finite element (FE) implementation of the proposed
formulation. Moreover, it is demonstrated that a mixed format is more efficient
than a standard displacement-based format.
2. First-Order GBT for Members with Circular Axis
For completeness of the paper, the fundamental equations derived in (Peres et al.,
2016) are reviewed. Fig. 1 shows the global cylindrical (θ, Z, R) and the local
wall (x, y, z) coordinate systems for an arbitrary curved thin-walled member. The
member axis arc-length coordinate X defines the arbitrary cross-section “center”
C, lies on the Z = ZC horizontal plane and has curvature equal to 1/RC. For the wall
local axes, y and z define the mid-line and through-thickness directions,
respectively, and x is concentric to X. Moreover, ϕ is the wall rotation angle.
The standard GBT variable technique is employed for the membrane
displacements (u, v, w) along (x, y, z), respectively,
� 𝑇𝑇 (𝑦𝑦) 𝝓𝝓′(𝑋𝑋),
�𝑇𝑇 (𝑦𝑦) 𝝓𝝓(𝑋𝑋),
𝑣𝑣 𝑀𝑀 = 𝒗𝒗
𝑤𝑤 𝑀𝑀 = 𝒘𝒘
� 𝑇𝑇 (𝑦𝑦) 𝝓𝝓(𝑋𝑋), (1)
𝑢𝑢𝑀𝑀 = 𝒖𝒖
where bold letters indicate column vectors, the “bar” vectors contain the
deformation mode functions, the 𝝓𝝓 vectors collect the corresponding amplitude
functions, the commas indicate derivatives (e.g., f,x = ∂f/∂x) and the prime ' is used

3

for a derivative with respect to X. Using small-strains and Kirchhoff’s thin-plate
assumption, to eliminate plate-like shear locking and write the displacements in
terms of the membrane displacements, the strains are given by
𝑇𝑇
𝑇𝑇
𝟎𝟎 𝝃𝝃13
𝝃𝝃11
𝑇𝑇
𝚵𝚵𝜺𝜺 = �𝝃𝝃21 𝟎𝟎
𝟎𝟎 �,
𝟎𝟎 𝝃𝝃𝑇𝑇32 𝟎𝟎
𝑀𝑀
𝑀𝑀
̅ � + 𝛽𝛽̅ 𝐾𝐾𝑧𝑧 𝒖𝒖
��, 𝝃𝝃13
�, 𝝃𝝃𝑀𝑀
�,𝑦𝑦 , 𝝃𝝃𝑀𝑀
� + 𝒖𝒖
� ,𝑦𝑦 ,
= 𝛽𝛽̅ �𝐾𝐾𝑦𝑦 𝒘𝒘
� − 𝐾𝐾𝑧𝑧 𝒗𝒗
= 𝛽𝛽̅ 𝒖𝒖
𝝃𝝃11
21 = 𝒗𝒗
32 = 𝛽𝛽 𝒗𝒗
2
𝐵𝐵
𝐵𝐵
𝐵𝐵
2
��, 𝝃𝝃13 = −𝑧𝑧𝛽𝛽̅ 𝒘𝒘
� ,𝑦𝑦 + 𝛽𝛽̅ 𝐾𝐾𝑦𝑦 𝒘𝒘
� − 𝛽𝛽̅ 𝐾𝐾𝑦𝑦 𝐾𝐾𝑧𝑧 𝒗𝒗
� , 𝝃𝝃21 = −𝑧𝑧𝒘𝒘
� ,𝑦𝑦𝑦𝑦 ,
𝝃𝝃11 = −𝑧𝑧𝛽𝛽̅ �−𝐾𝐾𝑧𝑧 𝒘𝒘
� ,𝑦𝑦 + 𝛽𝛽̅ 𝐾𝐾𝑦𝑦 𝒗𝒗
� − 𝛽𝛽̅ 𝐾𝐾𝑦𝑦 𝐾𝐾𝑧𝑧 𝒖𝒖
��,
� ,𝑦𝑦 + 2𝛽𝛽̅ 𝐾𝐾𝑧𝑧 𝒘𝒘
� − 𝐾𝐾𝑦𝑦 𝒖𝒖
𝝃𝝃𝐵𝐵32 = −𝑧𝑧𝛽𝛽̅ �2𝒘𝒘

𝜀𝜀𝑥𝑥𝑥𝑥
𝝓𝝓
𝜀𝜀
𝜺𝜺 = 𝜺𝜺 + 𝜺𝜺 = � 𝑦𝑦𝑦𝑦 � = 𝚵𝚵𝜺𝜺 � 𝝓𝝓′ �,
𝛾𝛾𝑥𝑥𝑥𝑥
𝝓𝝓′′
𝑀𝑀

𝐵𝐵

(2)
(3)
(4)
(5)

where M/B designate membrane/bending terms, Ky = cosϕ/RC, Kz = −sinϕ/RC are
the curvatures along the local axes and 𝛽𝛽̅ = 𝑅𝑅𝐶𝐶 /𝑅𝑅�, where 𝑅𝑅� is the mid-line radius.

Fig. 1. Global and local (wall) axes for a naturally curved thin-walled member

The homogeneous form of the differential equilibrium equations reads
𝐂𝐂𝝓𝝓′′′′ − (𝐃𝐃 − 𝐅𝐅 − 𝐅𝐅 𝑇𝑇 )𝝓𝝓′′ + (𝐆𝐆 + 𝐄𝐄 + 𝐄𝐄 𝑇𝑇 + 𝐁𝐁)𝝓𝝓 = 𝟎𝟎,

where 𝐃𝐃 = 𝐃𝐃1 − 𝐃𝐃2 − 𝐃𝐃𝑇𝑇2 and the GBT modal matrices read
𝐸𝐸

(6)

𝐁𝐁 = ∫𝐴𝐴

1−𝜈𝜈2 𝑅𝑅𝐶𝐶

𝝃𝝃21 𝝃𝝃𝑇𝑇21 𝑑𝑑𝑑𝑑,

𝐂𝐂 = ∫𝐴𝐴

𝐸𝐸 𝑅𝑅
𝝃𝝃 𝝃𝝃𝑇𝑇 𝑑𝑑𝑑𝑑,
1−𝜈𝜈2 𝑅𝑅𝐶𝐶 13 13

(7)

𝐄𝐄 = ∫𝐴𝐴

𝜈𝜈𝜈𝜈 𝑅𝑅
𝝃𝝃 𝝃𝝃𝑇𝑇 𝑑𝑑𝑑𝑑,
1−𝜈𝜈2 𝑅𝑅𝐶𝐶 11 21

𝐅𝐅 = ∫𝐴𝐴

𝐸𝐸 𝑅𝑅
𝝃𝝃 𝝃𝝃𝑇𝑇 𝑑𝑑𝑑𝑑,
1−𝜈𝜈2 𝑅𝑅𝐶𝐶 11 13

(9)

𝐃𝐃1 = ∫𝐴𝐴
𝐆𝐆 = ∫𝐴𝐴

𝐺𝐺𝐺𝐺
𝑅𝑅𝐶𝐶

𝑅𝑅

𝝃𝝃32 𝝃𝝃𝑇𝑇32 𝑑𝑑𝑑𝑑,

𝐸𝐸 𝑅𝑅
𝝃𝝃 𝝃𝝃𝑇𝑇 𝑑𝑑𝑑𝑑.
1−𝜈𝜈2 𝑅𝑅𝐶𝐶 11 11

𝐃𝐃2 = ∫𝐴𝐴

𝜈𝜈𝜈𝜈

𝑅𝑅

1−𝜈𝜈2 𝑅𝑅𝐶𝐶

𝑇𝑇
𝝃𝝃21 𝝃𝝃13
𝑑𝑑𝑑𝑑,

(8)

(10)
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In these expressions, A is the cross-section area, E is Young’s modulus, ν is
𝑀𝑀
= 0 is assumed, the Poisson
Poisson’s ratio and G is the shear modulus. If 𝜀𝜀𝑦𝑦𝑦𝑦
terms for the membrane strains are eliminated and membrane/bending coupling is
eliminated by taking 𝑅𝑅/𝑅𝑅𝐶𝐶 ≈ 𝑅𝑅�/𝑅𝑅𝐶𝐶 = 1/𝛽𝛽̅ . In Peres et al. (2016) the equilibrium
equations are also written in terms of stress resultants, and the external load terms
and the natural boundary conditions are also given.
3. Cross-section Deformation Modes
For the determination of the deformation modes, the cross-section is discretized
using (i) “natural” nodes, automatically located at wall mid-line intersections and
free edges, and (ii) “intermediate” nodes, arbitrarily located in the walls, between
natural nodes, defining the discretization level. An initial basis for the modes is
generated using three DOFs per node: two in-plane displacements (the in-plane
rotations are condensed, as in the classic GBT formulations) and one warping.
Between nodes, as usual, Hermite cubic functions are employed for 𝑤𝑤
�𝑘𝑘 and linear
functions for 𝑣𝑣̅𝑘𝑘 and 𝑢𝑢�𝑘𝑘 . For members with circular axis, linear 𝑢𝑢�𝑘𝑘 functions can
𝑀𝑀
𝑀𝑀
= 0) and 𝜀𝜀𝑦𝑦𝑦𝑦
= 0 assumptions,
be shown to be consistent with the Vlasov (𝛾𝛾𝑥𝑥𝑥𝑥
which read, from the strain-displacement equations,
𝑣𝑣̅𝑘𝑘,𝑦𝑦 = 0,

𝑣𝑣̅𝑘𝑘 = −

�𝑘𝑘,𝑦𝑦
𝑢𝑢
�
𝛽𝛽

− 𝐾𝐾𝑧𝑧 𝑢𝑢�𝑘𝑘 .

(11)

It is noted that the latter is significantly more complex to handle than its prismatic
member counterpart. However, it is fundamental to subdivide the deformation
modes – for open sections it is generally acceptable to consider only the modes
𝑀𝑀
= 0 – and eliminate shear locking. For illustrative purposes, Fig. 2 shows
with 𝛾𝛾𝑥𝑥𝑥𝑥
the initial modes for a lipped channel discretized with a single intermediate node
in the web, leading to 21 modes.
The final deformation modes are calculated from the initial basis through change
of basis operations using the GBT modal matrices and assuming 𝑅𝑅/𝑅𝑅𝐶𝐶 ≈ 1/𝛽𝛽̅,
leading to membrane-bending uncoupling. The following mode sets are defined:
• Vlasov natural modes, generated from the natural node warping DOFs and
𝑀𝑀
𝑀𝑀
= 𝜀𝜀𝑦𝑦𝑦𝑦
= 0. As in the classic GBT, this set is subdivided into (i)
satisfying 𝛾𝛾𝑥𝑥𝑥𝑥
distortional and (ii) rigid-body modes (extension, bending and, for open
sections, torsion).
𝑀𝑀
𝑀𝑀
= 𝜀𝜀𝑦𝑦𝑦𝑦
= 0 but involving essentially
• Local-plate modes, also satisfying 𝛾𝛾𝑥𝑥𝑥𝑥
plate bending.
𝑀𝑀
𝑀𝑀
• Shear modes (𝛾𝛾𝑥𝑥𝑥𝑥
≠ 0 and 𝜀𝜀𝑦𝑦𝑦𝑦
= 0), which are subdivided into (i) cell shear
flow modes for closed sections (torsion is included), (ii) warping functions of
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the Vlasov modes and (iii) additional warping functions. The shear modes
generated by the intermediate node DOFs are included in the latter subset.
𝑀𝑀
≠ 0, including the intermediate
• Transverse extension modes, satisfying 𝜀𝜀𝑦𝑦𝑦𝑦
node DOFs.

Fig. 2. Lipped channel (a) geometry and discretization, (b) initial deformation modes.

From the strain-displacement relations, it is observed that modes complying with
the Vlasov constraint span the nullspace of 𝐃𝐃1𝑀𝑀 , whereas the null membrane
transverse extension modes belong in the nullspace of 𝐁𝐁 𝑀𝑀 . Both matrices are
necessarily positive semi-definite and one solves
(𝐁𝐁 𝑀𝑀 − 𝜆𝜆𝑰𝑰)𝒗𝒗 = 𝟎𝟎,

(12)

(𝐃𝐃1𝑀𝑀 − 𝜆𝜆𝑰𝑰)𝒗𝒗 = 𝟎𝟎,

(13)

�𝐁𝐁 𝑀𝑀 − 𝜆𝜆(𝐂𝐂𝑀𝑀 + 𝐂𝐂𝐵𝐵 )�𝒗𝒗 = 𝟎𝟎,

(14)

𝑀𝑀

where the 𝜆𝜆 ≠ 0 eigenvectors define the 𝐁𝐁 -orthogonal transverse extension
𝑀𝑀
= 0 and thus contain the remaining
modes. The 𝜆𝜆 = 0 eigenvectors satisfy 𝜀𝜀𝑦𝑦𝑦𝑦
mode sets. One then solves, in the latter space,

where the 𝜆𝜆 = 0 eigenvectors define a basis for the Vlasov and local-plate modes.
These modes are hierarchized as in the procedure proposed by Schardt (1989) for
prismatic members, namely by solving
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with the 𝜆𝜆 = 0 eigenvectors defining the rigid-body mode subspace and the
remaining eigenvectors corresponding to the Vlasov distortional and local-plate
modes. The rigid-body modes are extracted as in the classic formulations for
beams with circular axis (e.g. Dabrowski, 1968): C coincides with the centroid
and the first three modes correspond to tangential (mode 1), radial (mode 2) and
out-of-plane (mode 3) rigid-body displacements. Using Eq. (6b), it can be shown
that mode 3 involves a torsional rotation equal to −1/𝑅𝑅𝐶𝐶 .

The torsion mode for open sections is calculated by working in the 4-D rigid-body
mode space and calculating the 𝜆𝜆 ≠ 0 eigenvector of
(𝐃𝐃1𝐵𝐵 − 𝜆𝜆𝐂𝐂𝑀𝑀 )𝒗𝒗 = 𝟎𝟎,

(15)

since the nullspace of
corresponds to
= 0 and matrix 𝐂𝐂 ensures
orthogonality of the torsion warping stress resultant with respect to the first three
modes. For closed sections, the torsional mode belongs to the shear mode space,
as discussed next.
𝐃𝐃1𝐵𝐵

𝐵𝐵
𝛾𝛾𝑥𝑥𝑥𝑥

𝑀𝑀

The determination of the shear modes is based on the procedure proposed in
(Gonçalves et al., 2014) for the prismatic case. This set is subdivided into: (I) cell
shear flow modes, which only exist in closed sections, (II) warping functions of
the Vlasov modes and (III) additional warping functions. The II modes are
obtained by retaining only the warping functions of the Vlasov natural modes,
excluding mode 1 (extension). For the III modes, the orthogonal complement (in
the 𝐂𝐂𝑀𝑀 sense) of the II subset plus mode 1, in the warping mode space, is first
obtained. The modes are orthogonalized and hierarchized through
(𝐃𝐃1𝑀𝑀 − 𝜆𝜆𝐂𝐂𝑀𝑀 )𝒗𝒗 = 𝟎𝟎.

(16)

�𝐁𝐁 𝐵𝐵 − 𝜆𝜆(𝐁𝐁 𝐵𝐵 + 𝐃𝐃1𝑀𝑀 )�𝒗𝒗 = 𝟎𝟎,

(17)

(𝐃𝐃1𝐵𝐵 − 𝜆𝜆𝐃𝐃1𝑀𝑀 )𝒗𝒗 = 𝟎𝟎,

(18)

For the I modes, a basis pertaining to independent 𝑣𝑣̅ displacements of the walls is
obtained and added to the II and III shear modes, excluding the warping functions
of modes 2 and 3 (the bending modes). Then, one solves
where the eigenvectors for 0 < 𝜆𝜆 < 1 define the I shear subspace excluding
torsion. The torsional mode is obtained from the 𝜆𝜆 = 0 eigenvectors (the
nullspace of 𝐁𝐁 𝐵𝐵 ), by calculating the single non-null eigenvalue of

The final deformation modes are normalized as follows: (i) the rigid-body modes
correspond to unit displacement/rotations, (ii) the Vlasov, local-plate and I shear
modes have a maximum unit in-plane displacement, (iii) the II and III shear modes
have a maximum unit warping displacement and (iv) the transverse extension
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modes have a maximum unit membrane transverse extension. The proposed
procedure was implemented in MATLAB (The MathWorks, 2010). With an Intel
Core i7-9700HQ CPU@2.60 GHz processor and an open cross-section with about
20 modes, the runtime is approximately 0.2 seconds. For a closed cross-section
with 50 modes, the runtime increases to about 2 seconds.
Figs. 3 and 4 show the deformation modes for two cross-sections, considering
𝑅𝑅𝐶𝐶 = 0.4 m and 𝑅𝑅𝐶𝐶 = 100 m (Fig. 4c shows only selected modes). In both cases
C is taken as the cross-section centroid. It is observed that the mode configurations
change with 𝑅𝑅𝐶𝐶 , becoming less symmetric or anti-symmetric as this parameter
decreases. Note that, for 𝑅𝑅𝐶𝐶 = 0.4, mode 1 does not correspond to uniform
warping and mode 3 includes a torsional rotation, as already discussed. Note also
that, in Fig. 4b, the center of rotation of mode 4 is slightly offset to the right of
the centroid.
4. Numerical Examples
All examples concern 90º cantilevers subjected to end forces, with E = 210 GPa
and ν = 0.3. Examples 4.1 to 4.3 are solved using a standard displacement-based
GBT FE (see, e.g., Gonçalves & Camotim 2011, 2012), using Hermite cubic and
Lagrange quadratic functions, the latter for the deformation modes involving only
warping. To prevent locking, 3-point Gauss (reduced) integration along X is used.
Along y, 5 Gauss points are employed between cross-section nodes. Along z,
analytical integration is carried out due to the 𝑅𝑅/𝑅𝑅𝐶𝐶 ≈ 1/𝛽𝛽̅ assumption. Finally,
example 4.4 compares the performance of the displacement-based element with
that of a mixed displacement-strain element, to demonstrate that the latter is
particularly efficient for curved members.
The FE procedure was implemented in MATLAB. Although uniform
discretizations along X are employed in all cases, the procedure is quite fast – e.g.,
with an Intel Core i7-9700HQ CPU@2.60 GHz processor, the runtime is below
0.5 seconds for a discretization with 50 elements and 15 deformation modes. For
comparison purposes, results obtained with refined 4 node MITC shell FE models,
using ADINA (Bathe, 2017), are presented.
4.1 Lipped channel beam subjected to two out-of-plane tip loads

The first example concerns a lipped channel section cantilever subjected to two
out-of-plane tip loads, as shown in Fig. 5 (recall also Fig. 3). The GBT crosssection analysis was carried out with 7 nodes, as displayed in the figure.
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Fig. 3. Lipped channel cross-section deformation modes: (a) geometry, discretization and
material parameters, (b) deformation modes for 𝑅𝑅𝐶𝐶 = 0.4 m and (c) 𝑅𝑅𝐶𝐶 = 100 m.
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Fig. 4. Three-cell cross-section deformation modes: (a) geometry, discretization and
material parameters, (b) deformation modes for 𝑅𝑅𝐶𝐶 = 0.4 m and (c) 𝑅𝑅𝐶𝐶 = 100 m.
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Fig. 5. Lipped channel 90º cantilever subjected to two out-of-plane tip loads.

The table in Fig. 5 shows the tip vertical displacements obtained with a refined
shell FE model and the GBT solution, using 50 FEs and different combinations of
mode sets: (i) rigid-body (RB), (ii) Vlasov distortional (D) and (iii) local-plate
modes (LP) – the shear (S) and transverse extension (TE) modes have a very small
influence and therefore were left out. It is concluded that the GBT solution
including only the RB modes falls very short of the shell model result. This
difference is due to the influence of the D (mostly) and the LP modes, whose
inclusion in the analysis leads to results that virtually match those of the shell
model, as the deformed configurations displayed in the figure clearly show. This
demonstrates that, as in the case of prismatic open sections, only the RB+D+LP
modes are normally required to achieve very accurate results.
In spite of the influence of the D and LP modes, they are hardly visible in the
deformed configurations. A more in-depth analysis can only be achieved from the
mode amplitude graphs in Fig. 5. These graphs show that, although the B and T
modes are naturally dominant, the D mode 5 plays a relevant role, namely near
the support. The LP modes are only visible in the bottom-right graph, even though
their inclusion lowers the displacement error by more than 3 %.
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4.2 Three-cell beam subjected to an out-of-plane tip load

A beam with the cross-section of Fig. 4 is analyzed, as shown in Fig. 6. The GBT
analyses were carried out with several combinations of mode sets. The table
shows that a virtually “exact” GBT solution is obtained when the RB+D+LP
modes are included in the analysis. The deformed configurations demonstrate the
excellent agreement between the GBT and shell model results: cross-section
torsion and distortion are visible throughout the beam and significant local-plate
deformation occurs near the fixed end (see the detail in the figure). The mode
amplitude graphs confirm these findings: although the RB+D modes are
predominant, the LP modes also play a significant role, even if their participations
are one order of magnitude below the other ones.

Fig. 6. Three-cell section 90º cantilever subjected to an out-of-plane tip load.

12
4.3 Twin trapezoidal cell beam subjected to an out-of-plane tip load

This example consists of a twin cell section taken from (Garcea et al., 2016) and
shown in Fig. 7, whose discretization leads to 51 deformation modes – the most
relevant ones are displayed in the figure.

Fig. 7. Twin trapezoidal cell cross-section deformation modes for RC = 2.0 m.

Fig. 8 shows the results obtained when a single concentrated eccentric vertical
force is applied at the free end cross-section of a 90º cantilever. It is once more
concluded that the RB modes alone do not provide accurate results. In particular,
the three Vlasov D modes (6-8 in Fig. 7) play a significant role. A small
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improvement is obtained when either (i) all the LP (9-17) or (ii) the distortional
cell shear flow (5) or (iii) all the shear modes are added to the analysis. The
deformed configurations clearly demonstrate that there is an excellent match
between the shell and GBT models. The bottom-left modal participation graph
makes it possible to conclude that the B and T modes are dominant. Nevertheless,
the bottom-right graph shows that all three Vlasov D modes are also quite relevant
throughout the beam length, followed by the cell shear flow mode 5. The LP
modes are only important near the fixed end.

Fig. 8. Twin trapezoidal cell section 90º cantilever subjected to an out-of-plane tip load.
4.4 Comparison between compatibility and mixed elements

In this example, the displacement-based FE is compared with a mixed straindisplacement FE. The latter is obtained using the Hellinger-Reissner principle and
approximating the strains associated with each deformation mode using linear
functions. The additional DOFs are subsequently eliminated at the element level.
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Fig. 9 compares the performance of the two GBT-based FE with the classic
Winkler solution, for a 90º cantilever subjected to a tip load. It is observed that
the displacement-based FE requires 10 elements to achieve accurate results,
whereas the mixed element leads to good results with just one or two elements.

Fig. 9. I-section 90º cantilever subjected to an in-plane tip load.

5. Concluding Remarks
This paper improved the first-order GBT formulation for curved thin-walled
members introduced by Peres et al. (2016) by presenting a systematic procedure
to obtain the cross-section deformation modes for arbitrary flat-walled crosssections (open, closed or “mixed”). This procedure retains the nomenclature of
the deformation mode subsets defined for prismatic members, by handling
adequately the complex kinematics pertaining to curved bars. In particular, it was
shown that (i) very accurate solutions are generally obtained with only a small set
of modes and (ii) the modal features of the GBT solution can provide in-depth
insight into the structural behavior of naturally curved bars. Finally, it was shown
that a mixed strain-displacement FE format is much more accurate than its
displacement-based format. This mixed element is currently being developed to
include all deformation modes. The results will be presented in the near future.
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Proposal to Improve the DSM Design of Cold-Formed Steel Angle
Columns: Need, Background, Quality Assessment and Illustration
Pedro Borges Dinis1 and Dinar Camotim1
Abstract
This paper presents a proposal for the codification of an efficient design approach,
based on the Direct Strength Method (DSM), for cold-formed steel equal-leg angle
columns with short-to-intermediate lengths, i.e., those buckling in flexural-torsional
modes. Initially, the available experimental failure load data, comprising fixed-ended
and pin-ended (“cylindrical hinges”) columns with several geometries (cross-section
dimensions and lengths) and tested by various researchers, are collected and used to show
that the currently codified DSM design provisions are not able to handle adequately shortto-intermediate angle columns and that a specific DSM-based design approach is needed
to estimate the failure loads of such columns. Then, the paper presents a brief overview of
the structural reasoning behind the DSM-based design approach proposed by Dinis &
Camotim (2015, 2016). Next, the quality (accuracy and reliability) of the failure load
estimates obtained with this design approach is assessed through the comparison with the
above experimental failure load data and also a fairly large number of numerical failure
loads. This merit assessment includes the determination of the LRFD resistance factors
concerning the failure-to-predicted load ratios  it is shown that the value recommended,
for compression members, by the North American Specification (AISI 2016), c=0.85,
can also be adopted for short-to-intermediate angle columns designed with this DSMbased approach. Finally, the paper presents and discusses a few numerical examples,
which illustrate the application of the proposed design approach and provide evidence
of its advantages and benefits, when compared with the currently codified one.
1. Introduction
The geometrical simplicity of angles can only be matched by their complex structural
behavior, a feature that is responsible for the fact that the most recent North American
Specification (NAS) for the Design of Cold-Formed Steel Structural Members (AISI
2016) does not cover adequately the design of short-to-intermediate equal-leg angle
columns (i.e., those buckling in flexural-torsional modes) by means of the Direct Strength
1
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Method (DSM  e.g., Schafer 2008, Camotim et al. 2016). Indeed, up until 2012 angle
columns were not pre-qualified to be designed using the DSM (AISI 2012). Although the
concept of pre-qualification was removed (AISI 2016), no novel provisions or guidelines
for the DSM design of angle columns were added to the specification. Thus, it is only
viable to use the currently codified DSM strength curve against local-global interactive
failures to predict the intermediate angle column failure loads2  however, as clearly
shown in this work, the corresponding failure-to-predicted load ratios, concerning the
available experimental and/or numerical failure loads, invariably lead to LFRD (Load and
Resistance Factor Design) resistance factors below the value recommended for
compression members (c=0.85). This stems from the fact that these columns buckle in
flexural-torsional modes, associated with an almost horizontal “critical load plateau” of
the corresponding “signature” curve Pcr vs. L (Fig. 1 shows typical fixed-ended and pinended angle column curves3)  L is the column length, in logarithmic scale. Even if the
above feature is explicitly mentioned in the current NAS Commentary (item F of Section
E2  AISI 2016), there are no provisions/guidelines on how to take it into account when
designing short-to-intermediate angle columns by means of the DSM.
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Figure 1. Typical “signature” curves Pcr vs. L of fixed-ended (F) and pin-ended (P) columns

Since the flexural-torsional buckling deformations occurring in equal-leg angle columns
are predominantly torsional and very similar/akin to local deformations, these columns
have been said, erroneously, to fail in local-global interactive modes, thus explaining
why their design on the basis local strength concepts is still implicitly prescribed by AISI
(2016). Indeed, up to a couple of years ago, the most successful attempts to develop an
efficient DSM-based approach to design equal-leg short-to-intermediate angle columns,
developed by Young (2004  F columns), Rasmussen (2006  P columns) and Silvestre
et al. (2013  F and P columns), involve the use of either (i) the currently codified DSM
2
3

Recall that the failure loads of the longer angle columns, which exhibit a “trivial” minor-axis flexural buckling
behavior, are adequately predicted by the currently codified DSM global strength curve.
It should be mentioned that these two support conditions only differ in the restraint of the end-section minor-axis
flexural rotations, which are either fully restrained (fixed end) or completely free (pinned end)  in both cases,
the columns are fixed-ended with respect to major-axis flexure and have the (secondary) warping of their end
cross-sections fully restrained. In the experimental studies, warping fixity is achieved by attaching thick/rigid
plates to the column end cross-sections and the pin-ended support conditions correspond to “cylindrical hinges”.
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column local design curve or (ii) a slightly modified (empirically) version of this curve.
This situation was altered by Dinis et al. (2012) and Mesacasa et al. (2014), who provided
clear numerical evidence that the column failure stems from the interaction between
major-axis flexural-torsional and minor-axis flexural buckling  a kind of unique global
coupling phenomenon that (i) does not involve local deformations, (ii) is highly sensitive
to the “sign” of the minor-axis flexural initial geometrical imperfections and (iii) exhibits
very clear length-dependent characteristics. These findings led Dinis & Camotim (2015)
to develop a novel DSM-based design approach, based on flexural-torsional strength
curves (instead of local ones) and valid for both fixed-ended and pin-ended short-tointermediate angle columns, which was shown to predict quite well the available failure
loads (experimental and/or numerical)  the reliability assessment prescribed by AISI
(2016) (see Section 1.1) shows that the LRFD resistance factors associated with this
design approach never fall below c=0.85. In order to improve its user-friendliness,
without sacrificing efficiency, the design approach was slightly simplified a bit later
(Dinis & Camotim 2016)  this last version is the one considered in this work.
After collecting the available experimental failure loads, concerning both fixed-ended and
pin-ended short-to-intermediate angle columns, the paper demonstrates that the currently
DSM local-global interactive strength curve is unable to estimate them adequately, thus
justifying the need for the codification of a novel DSM-based design approach able to
handle such columns. Then, a brief overview of the structural reasoning behind the
DSM-based design approach proposed by Dinis & Camotim (2016) is presented, paying
special attention to (i) the replacement of local buckling concepts by flexural-torsional
ones, (ii) the length-dependence of the strength curves involved and (iii) the need to
use different strength curves to design otherwise identical fixed-ended and pin-ended
columns. Next, the quality (accuracy and reliability) of the failure load estimates provided
by the proposed DSM-based design approach is assessed through the prediction of the
above experimental failure load data and also a fairly large number of numerical failure
loads (obtained in previous works). It is confirmed that the LRFD resistance factor
recommended in AISI (2016) for compression members (c=0.85) can be adopted also
for angle columns designed with this DSM-based approach. Finally, the paper presents
and discusses a few numerical examples, which illustrate the application of the proposed
DSM-based design approach and evidence its advantages and benefits, when compared
with the currently codified one, making it possible to conclude that it deserves to be
considered for inclusion in a future version of the North American Specification for the
Design of Cold-Formed Steel Structural Members.
1.1 Load and Resistance Factor Design (LRFD)

According to Section K2.1.1 of AISI (2016), the LFRD resistance factor is given by

c  C (M m Fm Pm ) e

2
 0 VM
V F2  C PV P2 VQ2

(1)
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where (i) C =1.52 (calibration coefficient for LRFD), (ii) Mm=1.10 and Fm=1.00 (taken
from Table K2.1.1-1 of the specification) are the material and fabrication factor mean
values, (iii) β0 is the target reliability value (β0=2.5 for structural members in LRFD), (iv)
VM=0.10 and VF=0.05 (also taken from Table K2.1.1-1) are the material and fabrication
factors, (v) VQ=0.21 is the coefficient of variation of the load effect, and (vi) Cp is a
correction factor dependent on the number of tests. The Pm and Vp values are the mean
and coefficient of variation of the “exact” (experimental/numerical)-to-predicted failure
load ratios. As already mentioned, the value recommended for compression members is
c=0.85, regardless of the column failure mode nature  however, lower c values have
been are reported for equal-leg angle columns (e.g., Ganesan & Moen 2012).
2. Experimental Failure Load Data of Cold-Formed Steel Angle Columns
The experimental failure loads, previously collected by Dinis & Camotim (2016) concern
(i) 37 fixed-ended columns, tested by Popovic et al. (1999), Young (2004) and Mesacasa
Jr. (2012), and (ii) 50 pin-ended columns, tested by Wilhoite et al. (1984), Popovic et al.
(1999), Chodraui et al. (2006), Maia et al. (2008)4 and Landesmann et al. (2016)  it is
worth noting that 4 fixed and 5 pin-ended columns tested by Popovic et al. (1999) were
excluded from this investigation, because they did not fail in flexural-torsional modes,
(their lengths are located in the Pcr (L) curve descending branch, i.e., they buckle in
minor-axis flexural modes). Note that, for equal angles with sharp corners, the maximum
column length lying on the signature curve plateau (length associated with coincident
major-axis flexural-torsional and minor-axis flexural critical buckling load), termed
L=LT.F and L=LT.P (see Fig. 1), are given by the expressions
LT .F  b

2 K F
6

2


with K F  1    2.25  b   4.0
t



LT .P  b

2 K P
6

2


with K P  1    0.5125  b   4.0 ,
t



(2a)

(2b)

where b and t are the leg mid-line width and thickness, and  is Poisson’s ratio.
The columns selected exhibit leg width, thickness and length values in the following
ranges: (i) fixed-ended columns with 71.1  b  47.7 mm, 4.7  t  1.2 mm, 60.7  b/t  10.1,
3500  L  150 mm and (ii) pin-ended columns with 90.8  b  47.7 mm, 4.7  t  1.6 mm,
58.2  b/t  10.1, 1636  L  285 mm. Therefore, a total of 87 experimental failure loads
are available, a number deemed acceptable to assess the merits of DSM-based design
4

It is worth noting that none of the 4 fixed-ended columns tested by Maia et al. (2008) was included in the failure
load data, since the ultimate strengths reported do not seem plausible  they are lower than those reported by
those authors for pin-ended columns with almost identical geometrical and material characteristics.
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approaches. Table 1 provides the numbers and origins of the available test results
concerning fixed-ended and pin-ended columns (the measured specimen dimensions and
steel properties can be found in the appropriate references) and Fig. 2 plots their failureto-yield load ratios Pu /P against the column flexural-torsional (critical) slenderness ft.
Table 1. Experimental failure loads test concerning fixed and pin-ended equal-leg angle columns
Fixed-ended columns

Tests

Pin-ended columns
Wilhoite et al. (1984)

8

Popovic et al. (1999)

11

Popovic et al. (1999)

13

Young (2004)

21

Chodraui et al. (2006)

4

Mesacasa Jr. (2012)

5

Maia et al.(2008)

5

Landesmann et al.(2016)

20

Total

fu / fnfte

37

1.2

1.5

50

Pu / Py
F Columns
P Columns

1.0
0.8

1.0

0.6
0.4

0.5

0.2
0.0

0.0
0.0

 ft


1.0

2.0

3.0

4.0

5.0

Figure 2. Plots Pu /Py vs. ft concerning the fixed-ended (F) and pin-ended (P) column tests

3. Direct Strength Method (DSM) Design
The currently codified DSM strength/design curves for cold-formed steel columns are
defined by “Winter-type” expressions that (i) were calibrated against fairly large
numbers of experimental and/or numerical failure loads and (ii) provide safe and accurate
ultimate strength estimates associated with local, distortional, global and local-global
interactive failures on the sole basis of the elastic critical buckling and squash loads. In the
context of this investigation on angle columns the relevant nominal strengths are Pnl
(local), Pne (global) and Pnle (local-global), given by (AISI 2016)
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with l =(Py /Pcrl)0.5, (3)
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with le =(Pne /Pcrl)0.5, (5)
 le  0.776

where (i) l,, c and le are the local, global and interactive slenderness values, (ii) Pcrl
and Pcre are the column local and global buckling loads, and (iii) Py is the squash load
 they are calculated on the basis of the gross cross-section area (Ag) and the elastic
buckling (fcr) or the steel yield (fy) stresses.
Since the concept of pre-qualification was removed from latest specification version
(AISI 2016), Pnle is the only viable option to predict the ultimate strength of concentrically
loaded short-to-intermediate angle columns, assumed to fail in “local”-global modes.
Note that such an approach is conceptually wrong, since the above columns effectively
buckle and fail in major-axis flexural-torsional modes. Moreover, the mechanical
characteristics of those flexural-torsional modes have been found to vary significantly
along the Pcr(L) curve horizontal plateau (Dinis et al. 2012).
An average designer intending to use Eq. (5), which involves also Eq. (4), must calculate
the column local (Pcrl) and global (Pcre) elastic critical buckling loads. Assuming access to
rigorous software and no particular knowledge on angle column stability, he/she is
faced with different options on how to calculate the above buckling loads. Indeed, since
the deformation patterns associated with local and flexural-torsional torsional buckling
are very similar (both designations are often used), it may happen that Pcrl is calculated
either (i) by using a software tool, which actually provides the column flexural-torsional
buckling load (Pcrft), or (ii) through the codified expression for the local buckling of
unstiffened uniformly compressed elements (outstand walls), which reads
f bl  0.43

2 E  t 
 
12 (1   2 )  w 

2

,

(6)

where w=b  (ri + t/2) is the leg flat width (ri the inside bend radius)  then, one is led to
Pcrl=fblAg. On the other hand, since the flexural-torsional buckling mode has a
global nature, it may also happen that the average designer considers Pcre associated with
either the major-axis flexural-torsional (FMT incorrectly) or the minor-axis flexural
(Fm  correctly) buckling mode. Table 2 lists the conceivable options of the average
designer to calculate Pcrl and Pcre in the context of the DSM-based design of short-tointermediate equal-leg angle columns.
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Table 2. Conceivable options to calculate Pcrl and Pcre, in the context of the determination of Pnle
Option

1

2

3

Pcrl

FMT

L

L

Pcre

Fm

Fm

FMT

It should be pointed out that the major-axis flexural-torsional (fcrft) and minor-axis flexural
(fbfm) buckling stresses are provided by the “exact” expressions (Dinis & Camotim 2015)
f crft 

4
 f bt  f bf 
5

f bt  G

t2
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f bf   2

2

 2

( f bt  f bf ) 2  2.5 f bt f bf 


(7a)

E t2

(7b)

12 L / 22

E b2

(7c)

6 L / 22

 2 E b2

2
 24 L / 2
f bfm  
2
 2 E b

24 L2


for fixed - ended columns

,

(8)

for pin - ended columns

where (i) E and G=E/[2(1+)] are the steel Young’s and shear moduli, and (ii)
fbt and fbf are the (pin-ended and fixed-ended) angle column pure torsional and major-axis
flexural buckling stresses, respectively.
Figs. 3(a)-(c) plot, against the interactive slenderness le, the failure-to-predicted load
ratios Pu /Pnle of the whole set of experimental failure loads gathered in Section 2  Pnle
are failure load estimates provided by the currently codified DSM local-global interactive
design curves, for the three options defined in Table 2. The figures show also the Pu /Pnle
averages, standard deviations and maximum/minimum values, as well as the resistance
factors c they lead to. The observation of these results prompts the following remarks:
(i) The three options provide an unsatisfactory estimation of the experimental column
failure loads, which constitutes clear evidence that AISI (2016) does not cover
adequately the DSM design of short-to-intermediate equal-leg angle columns.
(ii) The first two options provide similarly (highly) unsafe failure load predictions:
average/minimum values of 0.74/0.35 (Option 1) and 0.72/0.35 (Option 2).
Note that these predictions are particularly unsatisfactory for the P columns: (ii1)
averages of 0.68 and 0.66 (predictions become gradually worse as le increases), and
(ii2) only a few Pnle estimates are safe and accurate (Pu /Pnle 1.00) for Options 1
and 2  to be exact, 8 out of 50 for both options.
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Figure 3. Plots Pu /Pnle vs. le concerning the F and P column experimental failure loads, provided
by the DSM local-global interactive design curves associated with Options (a) 1, (b) 2 and (c) 3

(iii) On the other hand, Option 3 lead to overly safe column failure load estimates:
average/maximum values of 1.78/6.285. The best predictions concern now the P
columns: average/maximum values of 1.26/2.29 and only 16 estimates are such that
1.00 >Pu /Pnle  0.73 (just 5 F column estimates with Pu /Pnle<1.00). It is worth
noting that even higher average/maximum values (3.02/9.01) were obtained in a
similar investigation carried out by Ganesan & Moen (2012)6.
(iv) The poor estimation quality achieved of by three options is reflected by the quite
low resistance factors: the best value is c=0.51, obtained with Option 1, which is
still very far from the recommended value (c=0.85  AISI 2016).
Recalling that this work deals exclusively with short-to-intermediate angle columns (those
buckling in major-axis flexural-torsional modes), it is worth looking at the interactive
slenderness ranges covered, for the test specimens considered, when each option is
adopted. While Options 1 and 2 lead to similar and quite wide ranges (0.52 ≤le ≤ 4.62 and
0.48 ≤le ≤ 4.77, respectively), Option 3 leads to a fairly short low range (0.47 ≤le ≤ 1.16)
5

6

Since local and flexural-torsional buckling are basically two designations of the same instability phenomenon,
the corresponding critical buckling loads are invariably almost coincident, which explains why all the columns
exhibit similar slenderness values that are always very close to 1.0 (see Fig. 3(c)).
Although the authors provide no clear information on the definition/calculation of the local and global
critical buckling loads, the results obtained strongly suggest that they have adopted Option 3.
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 the last range merely reflects the fact that Option 3 is based on an interaction between
two buckling phenomena that are, effectively, the same one (viewed first as “local” and
then as “global”). On the other hand, the quite wide slenderness range covered when
adopting Options 1 or 2 (or also the proposed DSM design approach, addressed next
in Section 4) is due to the fact that (i) the “local”/flexural-torsional buckling load is
practically uniform along the short-to-intermediate column length range (except in very
short columns, Pcrl  or, to be precise, Pcrft  corresponds to an almost horizontal P (L)
curve “plateau”) while and (ii) the global strength Pne decreases quite fast within that same
length range. Moreover, this fact implies that a short column exhibits a higher le value
than its otherwise identical longer counterparts  this surprising (counterintuitive) feature,
which was first pointed out by Landesmann et al. (2016), is illustrated in Fig. 4. This
explains the apparent lack of correlation between the angle column lengths and le values.
6.0

P (KN)

3

4.0

2

Pne

2.0

1

Pcrft
0

(a)

L/ LT
0

0.25

0.50

fte

0.75

1.0

0

(b)

L/ LT
0

0.25

0.50

0.75

1.0

Figure 4. Illustrative plots showing the variation, with L≤LT, of (a) Pne and Pcrft, and (b) λfte

4. Proposed DSM-Based Design Approach
The DSM design of cold-formed steel angle columns has attracted the attention of a few
researchers in the past, namely Young (2004), Rasmussen (2006) and Silvestre et al.
(2013). Even if the approaches proposed by these researchers were found to predict the
available failure load data quite reasonably, the fact they are mostly empirical led the
authors (Dinis & Camotim 2015) to develop a rational (taking into account the problem
mechanics) DSM-based design approach able to handle fixed-ended and pin-ended
columns  this approach was subsequently slightly modified/simplified by Landesmann
et al. (2016) and Dinis & Camotim (2016). Its main features are the following:
(i) Based on the fact that most short-to-intermediate angle columns fail in interactive
modes combing major-axis flexural-torsional and minor-axis flexural deformations.
(ii) Involves the use of the currently codified DSM global design curve (Pne) and a set
of genuine flexural-torsional strength curves (Pnft), obtained by analyzing columns
with fully prevented minor-axis bending displacements. These strength curves,
valid for both fixed-ended and pin-ended columns, make it possible to capture the
length-dependent column post-critical strength (it progressively drops as the length
increases along the Pcr (L) curve “horizontal plateau”).
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(iii) The effective centroid shift effects (Young & Rasmussen 1999), heavily influencing
the pin-ended column failure loads (not the fixed-ended ones), are included in the
design approach through a coefficient , which is also length-dependent.

0
(a)
0

Therefore, the proposed DSM-based design approach requires (i) developing a set of
genuine flexural-torsional strength curves, covering adequately the whole Pcr (L) curve
plateau, and (ii) quantifying the effective centroid shift effects (in pin-ended columns),
which is done through a “reduction factor” based on the relation between the elastic postbuckling strengths of otherwise identical pin-ended and fixed-ended columns. The main
concepts and procedures involved in the performance of these tasks are addressed next.
4.1 Flexural-torsional strength curves

Fig. 5(a) plots, against ft, the Pu /Py values corresponding to the flexural-torsional failure
load data obtained by Dinis & Camotim (2015) for columns with the minor-axis bending
displacements fully prevented  also shown is the current DSM local strength curve. Due
to the huge “vertical dispersion” of the Pu /Py values, it is clear that no single Winter-type
curve is able to predict adequately (safely and accurately) all of them. It is also clear that a
large fraction of those values fall well below the current DSM local strength curve. The
above “vertical dispersion” is closely linked to the column length. Indeed, the Pu /Py
values gradually drop as L increases along the Pcr(L) curve “plateau”, which is in line with
the findings obtained for the unrestrained columns (Dinis & Camotim 2015). Fig. 5(b)
illustrates the length-dependence of the restrained column post-buckling strength: the four
elastic equilibrium paths displayed, concerning columns with increasing lengths L1-L4,
Num (P )
evidence a very clear post-critical strength drop.
An in-depth investigation on the column pure flexural-torsional behavior unveiled that
1   179
the participation of major-axis flexure in the column critical buckling mode (i) increases
D related to the difference between
Columns
gradually with L (see Fig. 5(b))Fand
(ii) can be directly
the pure torsional (fbt) and flexural-torsional (fcrft  critical) buckling stresses, given by
Eqs. (7). In view of these findings, it was decided to group the columns according to the
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Figure 5. (a) Plot Pu /Py vs. ft and (b) elastic equilibrium paths P/Pcr vs.  (mid-span torsional
rotation) of restrained 701.2mm columns with lengths L=98,252,500,700cm

L4
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percentage difference between fbt and fcrft, i.e., to f=[(fbt  fcrft) /fbt]×100  this parameter
quantifies the relative importance of major-axis flexure in the flexural-torsional buckling
behavior and, therefore, is ideally suited to quantify the length-dependence of the column
post-critical strength along the Pcr(L) curve plateau7. Then, the proposed flexural-torsional
strength curves (Pnft) are defined by “Winter-type” expressions incorporating parameter
Δf to account for the length-dependence  they read (Dinis & Camotim 2016)
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where each combination of parameters a and b leads to a different curve  the lengthdependence is captured through these two parameters, both expressed in terms of f. Note
that a=0.4 and b=0.15 are adopted for f =0, which implies that Eq. (9) coincides with the
current DSM local strength curve (Eq. (3)) for columns with fbt /fcrft very close to 1.00.
Num (P )
Num (P )
It was found that the proposed Pnft strength
curve set is able to capture the “vertical
dispersion” of the numerical failure load data displayed in Fig. 5(a). Figs. 6(a)-(b) show
two flexural-torsional strength curves, obtained from Eq. (9) and associated with f=1.80
and f=7.20, which illustrate this assertion: theD numerical failure loads of the columns
f = 7.20
exhibiting those f valuesf are
fairly well predicted by them  naturally,
the prediction
= 1.80
quality varies with f (in this case, it is better for f=7.20).
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Figure 6. Plots of Pu /Py vs. ft and proposed flexural-torsional (Pnft) strength curves for columns
with minor-axis bending displacements fully prevented such that (a) f=1.80 and (b) f=7.20
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This expression was proposed by Landesmann et al. (2016) and differs slightly from the original Δf definition
put forward by Dinis & Camotim (2015).

5.0
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Recalling that the mechanical reasoning behind the DSM design approach is based on
the fact that the columns fail in global-global interactive modes, combing major-axis
flexural-torsional and minor-axis flexural deformations, it is now possible to obtain the
nominal strength against the above failures (Pnfte) of fixed-ended (F) short-to-intermediate
angle columns. It suffices to replace Py by Pne (nominal failure load provided by the
current DSM global design curve) in Eq. (9)  the ensuing strength curve set is expressed
in terms of the “interactive” slenderness fte=(Pne/Pcrft)0.5.
4.2 Reduction parameter 

The next step consists of finding a length-dependent “reduction parameter”  that,
when multiplied by the F column nominal strengths Pnfte, provides their pin-ended (P)
column counterparts. The procedure adopted to search for this parameter is based on an
“elastic reduction factor” concept and involves the following steps:
(i) Perform elastic post-buckling analyses of identical F and P columns (same fbt /fcrft
ratio, i.e., f value), both containing critical-mode initial geometrical imperfections
with amplitude L/1000, and record the evolution, as the applied load increases, of
the maximum longitudinal normal stresses at mid-span (fmax)  the P vs. fmax curves
of the F and P columns associated with f=0.16 are displayed in Fig. 7(a).
(ii) Calculate, for any given fmax value, the ratio between the F and P column applied
loads causing it (PF and PP)  note that difference between PF and PP stems solely
from the effective centroid shift effects, which make the interaction with minor-axis
flexural buckling much more pronounced in the P column. If fmax is equal to the
column yield stress (fmax=fy), the corresponding PP /PF ratio provides the strength
reduction parameter at the column “elastic limit state”.
(iii) Assume that the above PP /PF ratio is a good enough approximation of the sought
strength reduction parameter at the column elastic-plastic failure ()  in other
words, assume that PP/PF.
(iv) Take fmax as the column global nominal strength fne, thus implying that its interactive
slenderness reads fte=(fmax /fcrft)0.5 and enabling the establishment of a relationship
200
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Figure 7. (a) P vs. fmax curves of F and P columns with f=0.16, (b) numerically obtained  values,
plotted against fte, and proposed  (fte) curves relating P and F columns with f=0.16, 0.84, 2.41
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between  and fte. Then, it is possible to obtain a set of length-dependent  (fte)
curves, one per f value  Fig. 7(b) shows the  (fte) curves of columns exhibiting
f=0.16, f=0.84 and f=2.41. The differences between the curves clearly evidence
the length-dependence of  (fte)   decreases substantially as L (i.e., f) increases.
(v) Using a trial-and-error curve-fitting procedure, search for Winter-type expressions
relating  to fte  the simpler output of this search is (Dinis & Camotim 2016)
β

0.68
( fte  c)

d

(11)

1

c  0.2  f  0.55

. (12)

d  0.08  f  0.72

4.3 DSM design proposal

Combining now (i) the strength curves for fixed-ended columns, obtained in Section 4.1
and consisting of Eqs. (9) with Py replaced by Pne, and (ii) the reduction parameter , just
obtained in Section 4.2, it is possible to propose DSM-based strength curves providing
nominal failure loads (Pnfte) of short-to-intermediate fixed-ended and pin-ended angle
columns, which fail in global-global interactive modes combining torsional rotations with
major- and minor-axis translations  they are defined by the expressions



Pnfte  
  Pne



  Pne
 Pcrft 


 P 
 ne 

a

1


0.68
β
1
 (  c ) d
fte


if

a

P  
1  b  crft   if
 P  

 ne  






1

 fte  0.5  0.25  b 2a





1

(13)

 fte  0.5  0.25  b 2a

for fixed - ended columns
for pin - ended columns

(14)

where (i) a, b and c, d are given by Eqs. (10) and (12), (ii) fte=(Pne/Pcrft)0.5 is the
interactive slenderness and (iii) Pne is obtained from the currently codified DSM
global design curve (Eq. (4)).
4.4 Merit assessment

The above DSM-based strength curves provide quite accurate and reliable failure load
predictions. Figs. 8(a)-(b) plot, against fte, the failure-to-predicted load ratios (Pu /Pnfte)
concerning (i) the experimental failure loads presented in Section 2 (37 F and 50 P
columns) and (ii) the numerical failure loads (337 F and 296 P columns) obtained by the
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Figure 8. Pu/Pnfte vs. fte plots: (a) experimental and (b) numerical F and P column failure loads

authors and gathered in Dinis & Camotim (2016). The observation of the Pu/Pnfte averages,
standard deviations and maximum/minimum values, as well as the corresponding c
values, clearly shows the quality of the performance indicators concerning the proposed
DSM-based design approach  in particular, it should be emphasized that c=0.85
can now be used for cold-formed steel angle columns, regardless of their lengths.
In view of the above results, a DSM-based design proposal for fixed-ended and pinended equal-leg angle columns can be formulated, establishing that the nominal strength
is Pn=min {Pne; Pnfte}, where Pne and Pnfte are provided by the current DSM global design
curve and Eqs. (13)-(14), respectively  the former applies to the longer columns, which
buckle and fail in pure minor-axis flexural modes. In view of the results reported in this
work, the authors believe that this design proposal is ready for codification.
5. Illustration
In order to illustrate the application and benefits of the proposed DSM-based design
approach to estimate the failure loads of short-to-intermediate cold-formed steel equal-leg
angle columns, numerical results are presented and discussed in this section. They
concern F and P columns exhibiting the geometries and material properties of specimens
tested by Young (2004) and Landesmann et al. (2016), respectively  these geometries
and material properties are given in Table 3, while Table 4 provides the corresponding
buckling and squash loads (Pbt, Pbf, Pcrft, Pbfm, Pbl, Py). Tables 5 and 6 show the column
failure loads and their estimates provided using (i) the DSM local-global interactive
design curve (Pnle), according to the three options defined in Table 2, and (ii) the proposed
DSM-based design approach (Pnfte)  these tables also include relevant quantities involved
in the failure load estimation, namely the slenderness values (c, le or fte), the nominal
global strength (Pne) and the f, a, b, c, d,  parameter values. After observing these
results, it can be readily concluded that the Pnfte values constitute safe and fairly
accurate failure load estimates (Pu /Pnfte=1.12 and Pu /Pnfte=1.15, respectively for the
F and P columns), which clearly outperform their Pnle counterparts: they are either (i)
substantially unsafe, when Options 1 or 2 are adopted (Pu /Pnle=0.81 and Pu /Pnle=0.37,
for Option 1, and Pu /Pnfte=0.79 and Pu /Pnfte=0.37, for Option 2) or (ii) overly safe
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Table 3. F and P specimen geometry, material properties, buckling and squash loads
(dimensions in mm, stresses in MPa)
F column (Young 2004)
btL

Geometrical properties

71.11.172500

E=208103
G=80103

Material properties

P column (Landesmann et al. 2016)

Ag=166.6
ri=2.6
w=67.9

Ag=283.3
ri=1.55
w=88.5

btL
90.81.56897

E=205103
G=78.8103

fy=550

fy=305

Table 4: F and P specimen buckling and squash loads (stresses in MPa, loads in kN)
F column (Young 2004)
fbt=21.8

Torsional buckling

(Eq. 7b)

P column (Landesmann et al. 2016)
fbt=25.3

Pbt  Ag  f bt =3.6

fbf=13824.4

(Eq. 7c)

fcrft=21.7

Flexural-torsional buckling

(Eq. 7a)

fcrft=25.3

f =276.9 P  A  f
Minor axis flexural buckling bfm
bfm
g
bfm =46.1
fbl=24.0

Local buckling

(Eq. 6)

Squash load

Pbl  Ag  f bl = 4.0
Py  Ag  f y =91.6

Pbf  Ag  f bf = 3916.8

(Eq. 7c)

Pcrft  Ag  f crft =3.6

(Eq. 8)

Pbt  Ag  f bt =7.2

(Eq. 7b)

f =1107.4 P  A  f
Major-axis flexural buckling bf
bf
g
bf =184.4

Pcrft  Ag  f crft =7.2

(Eq. 7a)

fbfm=864.0
(Eq. 8)

Pbfm  Ag  f bfm =244.8

fbl=24.8

Pbl  Ag  f bl =7.0

(Eq. 6)

Py  Ag  f y =87.0

Table 5: F column specimen failure load (Young 2004) and its DSM estimates
(dimensions in mm, stresses in MPa, loads in kN)
Pnle
Option
Flexural critical load

Pcre

Global slenderness

c=(Py /Pcre)0.5

Nominal global load
Local critical load

Pne

(Eq. 4)

Pcrl

1

Pnle

(Eq.5)

Failure load

Pu

Load ratio

Pu
Pnle

Pnfte

3

46.1 46.1 3.6
(Pbfm) (Pbfm) (Pcrft)

Flexural critical load

1.41

1.41

5.08

Global slenderness c=(Py /Pcre)0.5 1.41

39.9

39.9

3.1

Nominal global load

4.0
(Pbl)

Flexural-torsional
critical load

3.6

4.0
(Pcrft) (Pbl)

Interactive slenderness le=(Pne /Pcrl)0.5 3.32

Nominal strength

2

14.4

3.16

14.9

0.78

Pne

(Eq. 4)

Pcrft

46.1
(Pbfm)

39.9
3.6
(Pcrft)

0.89

Interactive slenderness fte=(Pne/Pcrft)0.5 3.32

2.9

0.74
0.54
0.16
(Eq. 10)
 (Eq. 14) 1.00
Pnfte (Eq. 13) 10.4

11.6
0.81

Pcre

4.01

Nominal strength

a
b

f

(Eq. 10)

Failure load

Pu

11.6

Load ratio

Pu
Pnfte

1.12
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Table 6. P column specimen failure load (Landesmann et al. 2016) and its DSM estimates
(dimensions in mm, stresses in MPa, loads in kN)
Pnle
Option
Flexural critical load

Pcre

Global slenderness

c=(Py /Pcre)0.5

Nominal global load
Local critical load

Pne

(Eq. 4)

Pcrl

1

Pnle

(Eq.5)

Failure load

Pu

Load ratio

Pu
Pnle

Pnfte

3

244.8 244.8 7.0
(Pbfm) (Pbfm) (Pcrft)

Flexural critical load

0.59

0.59

3.47

Global slenderness c=(Py /Pcre)0.5 0.59

74.4

74.4

6.3

Nominal global load

7.0
(Pbl)

Flexural-torsional
critical load

7.2

7.0
(Pcrft) (Pbl)

Interactive slenderness le=(Pne /Pcrl)0.5 3.22

Nominal strength

2

27.5

3.26

27.3

0.37

Pne

(Eq. 4)

Pcrft

244.8
(Pbfm)

74.4
7.2
(Pcrft)

0.95

Interactive slenderness fte=(Pne/Pcrft)0.5 3.22

5.5

0.07
0.41
0.15
(Eq. 10)
0.54
(Eq. 12)
0.73
(Eq. 12)
 (Eq. 14) 0.33
Pnfte (Eq. 13) 8.9

10.2
0.37

Pcre

1.83

Nominal strength

a
b
c
d

f

(Eq. 10)

Failure load

Pu

10.2

Load ratio

Pu
Pnfte

1.15

for Option 3 (Pu /Pnfte=4.01 and Pu /Pnfte=1.83). Since Option 1 corresponds to the most
rational use of the currently codified DSM design curves (in the authors’ opinion, of
course), only this option is considered in the remainder of this section  nevertheless,
note that the conclusions drawn would still applicable to Option 2, which is fairly similar
to Option 1 (only Option 3 should be definitely removed from the picture).
In order to further illustrate and compare the failure load estimation quality achieved when
employing Option 1 and the proposed approach, a representative sample of 12 (6 F + 6 P)
columns are considered, covering a wide slenderness range and including the F and P
columns dealt with above in this section. Their (experimental) failure loads and respective
estimates (Pnle and Pnfte) are provided in Table 7, together with the specimen (i) origins
and dimensions (b, t, L) and (ii) slenderness values (le=fte). The observation of the
Pu /Pnle values confirms the poor estimation quality, regardless of the slenderness value 
indeed, all the specimen failure loads are overestimated by amounts that range from 9%
to 43% (F columns) or 14% to 65% (P columns). Moreover, the comparison between the
Pu /Pnfte and Pu /Pnle values provides very clear evidence on how sharply the former
outperform the latter. Indeed, the Pnfte estimates are never worse than the Pnle ones: they
are (i) safe, for six column (by amounts going up to 41%, in F columns, and to 29%, in P
columns), (ii) less unsafe, for five columns (differences between 1% and 64%, and worst
overestimation of 15%) and (iii) equally unsafe, for one column (overestimation of 14%).
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Table 7. Selected specimen geometries, slenderness values, failure loads and respective
Pnle (Option 1) and Pnfte estimates (dimensions in mm, loads in kN)
Specimen
btL
F1

70.81.503500

F2

70.81.50250

F3
F4
F5
F6
P1
P2
P3
P4
P5
P6

Young (2004)
Young (2004)

71.11.171000
Young (2004)

71.11.172500
Young (2004)

71.11.883000
Young (2004)

59.02.001800
Mesacasa Jr. (2012)

80.71.56908

Landesmann et al. (2016)

60.71.58596
Landesmann et al. (2016)

90.81.56897
Landesmann et al. (2016)

67.53.001227

Wilhoite et al. (1984)

47.74.70490

Popovic et al (1999)

58.82.401550
Chodraui et al (2006)

Pu

Pu

le

Pnle

Pu
Pnle

fte Pnfte P
nfte

11.6

1.87

14.2

0.81

1.87

8.2

1.41

39.9

2.96

43.8

0.91

2.96

43.4

0.92

18.8

4.62

22.6

0.83

4.62

21.1

0.89

11.6

3.32

14.4

0.81

3.32

10.4

1.12

14.9

1.75

26.0

0.57

1.75

14.8

1.01

20.8

1.63

33.2

0.63

1.63

21.8

0.95

9.1

2.83

25.8

0.35

2.83

9.2

0.99

11.9

2.13

25.3

0.47

2.13

11.6

1.02

10.2

3.22

27.5

0.37

3.22

8.9

1.15

56.8

1.18

66.5

0.85

1.18

44.0

1.29

122.2

0.62

142.0

0.86

0.62

142.0

0.86

21.4

0.91

26.9

0.79

0.91

21.6

0.99

6. Conclusion
This paper championed a proposal for the codification of a DSM design approach for
concentrically loaded cold-formed steel equal-leg angle short-to-intermediate columns,
originally developed by Dinis & Camotim (2015) and subsequently slightly modified
and simplified by Landesmann et al. (2016) and Dinis & Camotim (2016). Initially, the
available experimental failure load data, concerning fixed-ended and pin-ended columns
with several geometries (cross-section dimensions and length) and reported by various
researchers, were collected and characterized. Then, it was shown that the DSM design
curves included in the latest version of the North American Specification for the Design
of Cold-Formed Steel Structural Members (AISI 2016), supposedly covering short-tointermediate angle columns (assumed to fail in local-global interactive modes), are unable
to predict adequately the failure loads of such columns  indeed, the three conceivable
usages of the above DSM design curves lead to LRFD resistance factors well below
c=0.85, value recommended in AISI (2016) for compression members. Then, the paper
(i) presented a brief overview of the proposed novel DSM design approach, including the
mechanical reasoning behind the key concepts and procedures involved, and (ii) assessed
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its merits (safety, accuracy and reliability), through (ii1) the quality of the experimental
and numerical failure load predictions, and (ii2) the determination of the LRFD resistance
factors they lead to. In particular, it was shown that c=0.85 can also be adopted for shortto-intermediate angle columns, thus making sure ensuring that this value really applies to
all compression members, as prescribed in AISI (2016). Finally, the paper illustrated the
application and quantified the benefits of the proposed DSM design approach  detailed
numerical results concerning the calculation of failure load estimates in fixed-ended and
pin-ended columns were presented and discussed.
In the authors’ opinion, it was clearly shown that, in the specific context of concentrically
loaded cold-formed steel equal-leg angle short-to-intermediate columns, the proposed
DSM-based design approach is ready to be considered for codification, by replacing the
currently codified DSM local-global interactive design, which very often leads to either
unsafe or excessively safe failure load predictions (depending on how it is interpreted).
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Distortional Buckling of Cold-Formed Steel Flanges
Under Stress Gradient
Robert S. Glauz, P.E.1
Abstract
The strength of cold-formed steel beams with stiffened flanges may be controlled
by distortional buckling. Buckling stress prediction methods have been developed
for flanges under uniform compression. However, channel sections are commonly
used where bending occurs about the minor axis with flanges under stress
gradient, such that the edges are in compression and the flanges may experience
distortional buckling. Current design specifications do not explicitly address this
failure mode, which could lead to unsafe designs. This paper presents and verifies
an analytical approach for distortional buckling stress prediction for flanges under
stress gradient. The approach is consistent with the design method used for flanges
under uniform compression to facilitate straightforward incorporation into design
specifications.
Introduction
Distortional buckling is a potential failure mode for cold-formed steel members
of open cross-sections, where an entire stiffened compression flange becomes
unstable. Analytical methods for predicting this complex behavior have been
developed for compression members by Lau and Hancock (1987) and extended
to flexural members by Hancock (1995, 1997). Subsequent work by Schafer and
Peköz (1999), Schafer (2002), and Schafer et al. (2006) provided more rigorous
treatments for distortional buckling strength prediction.
The American Iron and Steel Institute (AISI) Specification for the design of coldformed steel structural members (AISI 2016) supports two methods of predicting
the elastic distortional buckling stresses of stiffened flanges. Numerical methods
such as finite strip analysis provide elastic buckling solutions for any general case,
but require specialized software not yet widely used in cold-formed steel design.
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AISI also provides analytical solutions which permit the direct (although
complex) calculation of distortional buckling stress predictions, based on the work
by Schafer et al. (1999, 2002, 2006). Currently, these hand methods are given for
compression members, and for flexural members having a flange under uniform
compression. They are commonly used for channel section studs, girts, and joists.
Channels, hat sections, and many custom shapes can experience bending about
the axis perpendicular to the flange, which may also be subject to distortional
buckling. Figure 1(a) illustrates distortional buckling for major axis bending,
where the flange has uniform compression. Figures 1(b) and 1(c) show examples
of minor axis bending with the flanges under stress gradient.

(a)

(b)

(c)

Figure 1. Distortional buckling of flanges under major and minor axis bending

Teng et al. (2003) studied distortional buckling behavior for channel section
beam-columns with particular attention to bending in the plane of symmetry. This
theoretical work provided a complex analytical approach and requires iteration on
the half-wavelength to establish the critical buckling moment.
The lack of a direct hand solution for these minor axis bending cases may result
in oversight by the engineer of this potential distortional buckling failure mode.
This paper presents an analytical method for the prediction of elastic distortional
buckling stresses for flanges under stress gradient, with verification against
numerical solutions permitted by the AISI Specification.
Distortional Buckling Prediction
Distortional buckling involves primarily rotation of the flange and distortion of
the web. Prediction of the elastic distortional buckling stress requires analysis of
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the flexural-torsional buckling behavior of the flange, combined with the
rotational resistance provided by the web. The method used in Schafer and Peköz
(1999) was to analyze the flange as a column and the web as a finite strip element.
The same approach is extended here for the case of a flange under a stress
gradient.
The rotational stiffness demanded by the flange involves an elastic rotational
stiffness component (k ϕfe ) and a stress-dependent geometric rotational stiffness
component (k̃ ϕfg ), which takes the form shown in Eq. 1. This is the negative of
the stiffness provided by the flange. The rotational stiffness provided by the web
also involves an elastic rotational stiffness component (k ϕwe ) and a stressdependent geometric rotational stiffness component (k̃ ϕfg ), as shown in Eq. 2.
(1)
(2)

k ϕf = k̃ ϕfg fcrd − k ϕfe
k ϕw = k ϕwe − k̃ ϕwg fcrd

Equating the rotational stiffness demanded by the flange to the rotational stiffness
provided by the web gives the critical distortional buckling stress of the
flange/web system.
kϕfe +kϕwe

(3)

fcrd = ̃

̃ϕwg
kϕfg+k

Flange Rotational Stiffness
The flange is analyzed as a beam-column as illustrated in Figure 2. The
flange/web juncture at h is resisted rotationally by a spring of stiffness k f, and is

f1 (compression)
f2 (tension)

Ry

kf

o

yo

cg

h

ey
xo

c

xh
xc
ex
Figure 2. Flange under stress gradient

e
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supported in the direction of the web with force Ry. An axial force P is applied at
point e, producing the stress distribution equivalent to bending about the
centroidal y axis of the entire section.
The centroid of the flange is identified as cg, the shear center of the flange is at o,
and the extreme compression fiber of the flange is at c. The differential equations
of equilibrium are:
(4)
(5)

EIyf u′′′′ + EIxyf v ′′′′ + Pu′′ + P(yo − ey )ϕ′′ = 0
EIxf v ′′′′ + EIxyf u′′′′ + Pv ′′ − P(xo − ex )ϕ′′ − R y = 0
ECwf ϕ′′′′ − (GJf − 2βyf Pey − 2βxf Pex −

Iof
Af

P) ϕ′′

+ P(yo − ey )u′′ − P(xo − ex )v ′′ + R y (xo − xh ) + k ϕf ϕ = 0

(6)

where Af, Ixf, Iyf, Ixyf, Iof, Cwf, Jf, xf, and yf are section properties of the flange.
The following shape functions are assigned, consistent with a simply supported
column:
ϕ = A1 sin

πz
L

,

u = A2 sin

πz
L

,

v = (xo − xh )A1 sin

πz
L

(7a,b,c)

The stresses f1 and f2 can be expressed in terms of P, ex, and flange section
properties as shown in Eq. 8. It is also convenient to define expressions for flange
stress gradient f and flange stress ratio f.
f1 =

P
Af

+

Pex xc
Iyf

,

f2 =

P
Af

+

Pex xh
Iyf

(9)

ξf = (f1 − f2 )/f1
ψf =

fcg
f1

= 1 − ξf

(8a,b)

xc

(10)

xc −xh

From these relationships, the applied axial force and moments can be stated as:
P = Af ψf f1 ,

Pex =

Iyf
ξf ,
xc −xh f 1

Pey =

Ixyf
ξf
xc−xh f 1

(11a,b,c)

Substituting the shape functions from Eq. 7 into Eq. 4 provides a relationship
between the magnitudes of translation (u) and rotation () shown in Eq. 12. The
denominator consists of an Euler buckling term and the flange load P. This flange
load is generally much less than the flange buckling load about the y axis, and can
be neglected to simplify the solution.
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A2
A1

=

Ixyf
π2
EI (x −xh )−Af yo ψf f1 +
ξf
xc −xh f 1
L2 xyf o
2
π
EI −Af ψf f1
L2 yf

(12)

Eq. 5 provides an expression for R y which can be substituted into Eq. 6. Then
substituting the shape functions from Eq. 7 into the result, utilizing Eq. 12 with
the simplified denominator, and neglecting the f1² terms produces an expression
for kf in the form of Eq. 1. The resulting rotational stiffness components are:
k ϕfe =

π4

I2
xyf

L

Ixf Iyf

(xo − xh )2 (1 −
4 [ECwf + EIxf

)] +

π2
L2

(13)

GJf

2

Ixyf
π
k̃ ϕfg = 2 [Ixf + Iyf + Af (yo2 + xh2 ) − 2Af yo (xo − xh ) ] ψf
L

+

π2
L2

Iyf

[2Iyf (

βxf +xo −xh
xc−xh

) + 2Ixyf (

βyf +(xo −xh )Ixyf /Iyf
xc −xh

(14)

)] ξf

Eq. 13 is identical to that used in the AISI Specification. A special case of Eq. 14
with uniform compression on the flange, where f = 1 and f = 0, is shown as
Eq. 15. This is the same as the equation in the AISI Specification, except one
negligible term is omitted here due to the simplification made using Eq. 12.
2

Ixyf
π
k̃ ϕfg = 2 [Ixf + Iyf + Af (yo2 + xh2 ) − 2Af yo (xo − xh ) ]
L

(15)

Iyf

The properties  xf and yf can be difficult to calculate for complex flanges, so it
is beneficial to make some simplifying approximations if the error is small. For a
typical flange as shown in Figure 2, xf + xo – xh is generally slightly less than
0.5(xc – xh), and the Ixyf term is small relative to the I yf term. From these
observations, Eq. 14 can be simplified to the following with reasonable accuracy:
2

2

Ixyf
π
π
k̃ ϕfg = 2 [Ixf + Iyf + Af (yo2 + xh2 ) − 2Af yo (xo − xh ) ] ψf + 2 Iyf ξf
L

Iyf

L

(16)

Web Rotational Stiffness
Utilizing the same approach as Schafer and Peköz (1999), the rotational resistance
provided by the web is derived using a single finite strip as shown in Figure 3. For
the common case of a symmetrical channel or hat section, the web is under
uniform tension where f3 = f2 and 2 = –1.
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Following the same development, M1 and M2 are the nodal moments calculated
by Eq. 17 and Eq. 18, using the stiffness coefficients for a finite strip as defined
in Cheung (1976). The following stiffness coefficient equivalencies are also
recognized: k24e = k42e, k24g = k42g, k22e = k44e.

Figure 3. Web finite strip

M1 = (k 22e − k 22g )θ1 + (k 24e − k 24g )θ2
M2 = (k 42e − k 42g )θ1 + (k 44e − k 44g )θ2

(17)
(18)

For the symmetrical case, the rotational stiffness provided by the web is straightforward, and separation into the elastic stiffness and geometric stiffness
components is evident.
L

M1 = (k 22e − k 22g )θ1 − (k 24e − k 24g )θ1 = k ϕw θ1
2

2

(19)

k ϕwe = (k 22e − k 24e )

(20)

k ϕwg = (k 22g − k 24g )

(21)

L
2
L

Incorporating the expressions for the stiffness coefficients using Poisson’s ratio
for steel of 0.3 provides the following relationships:
2
L
2
L

k 22e =
k 24e =

Et3
12h(1−μ2 )
Et3

[4 +
[2 −

4
15
1

πh 2

( ) +
L

πh 2

( ) −

12h(1−μ2 )
15 L
2
π2 th3
[10 + 6(1
k
=
L 22g
1680L2

2
L

k 24g = −

π2 th3

1680L2

1
105
1
140

πh 4

( ) ]
L

πh 4

( ) ]
L

(22)
(23)

− ξw )]f2

(24)

[6 + 6(1 − ξw )]f2

(25)

43

The web stress gradient w is defined as (f2 – f3) / f2, and is zero for the
symmetrical case. The stress f2 can be expressed as (1 – f)f1. The resulting
stiffness components are then given as:
k ϕwe =

Et3
6h(1−μ2 )

1 πh 2

[1 + ( ) +
6

2

L

1
120

πh 4

(26)

( ) ]
L

3

π th
(1 − ξf )
k̃ ϕwg = 2
L

(27)

60

Critical Buckling Length
The rotational stiffness components derived for the flange and web are functions
of the half-wavelength L, as shown in condensed form below. Substituting these
into the critical buckling stress Eq. 3 results in Eq. 30.
k ϕfe = C1 L−4 + C2 L−2 ,
k ϕwe = K1 + K 2 L−2 + K 3 L−4 ,
fcrd =

(28a,b)

k̃ ϕfg = C3 L−2

(29a,b)

k̃ ϕwg = K 4 L−2

C1 L−2 +C2 +K1 L2 +K2 +K3 L−2

(30)

C3 +K4

Setting the derivative equal to zero provides the buckling length at which the
buckling stress is minimized. Substituting the appropriate terms for C1, K3, and
K1 gives the critical buckling length as Eq. 32.
dfcrd
dL

=

−2C1 L−3 +2K1 L−2K3 L−3
C3 +K4
6(1−μ2 )

Lcrd = πh {

t3 h3

= 0 ⟶ Lcrd = (

[Cwf + Ixf (xo − xh )2 (1 −

C1 +K3 1/4

I2
xyf
Ixf Iyf

K1

)] +

(31)

)

1
120

1/4

}

(32)

Web in Tension
Numerical analyses of various sections with flanges under stress gradient revealed
that the web depth, h, has little influence on either the critical buckling length or
the elastic buckling stress. The above derived equations did not reflect that trend
and overestimated the buckling stress.
Figure 4(a) shows the relationship between rotational stiffness and longitudinal
strain based on a single finite strip, for h/t = 80 and various values of h/L. The
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rotational stiffness is quantified as the dimensionless kwh/D, where D is the plate
rigidity Et³/12(1–²). Teng et al. (2003) developed a more comprehensive solution
for the web rotational stiffness based on the plate theory work by Timoshenko
(1959). Figure 4(b) plots this solution and illustrates how the rotational stiffness
is much different from the single finite strip simplification in the tension region.
(a)

(b)

Figure 4. Web rotational stiffness: (a) Finite strip model (b) Teng et al. solution

The direct solution approach utilizing Eq. 3 requires a linear relationship between
stress and stiffness in the tension region. At first glance, a linear approximation
seems feasible, although the stiffness equation is quite complex.
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k ϕw =

2αβ[1+tanh2(α/2) tan2 (β/2)]
D
h α[1−tanh2(α/2)] tan(β/2)+β[1+tan2(β/2)] tanh(α/2)

where

α=
β=

π h
√2 L

π

1/2

[1 + √1 + K(L⁄h)2 ]

−1/2

√K [1 + √1 + K(L⁄h)2 ]

√2

K=−

th2 f

(33)
(34)
(35)
(36)

π2 D

Some simplification can be achieved by observing the stiffness relationship where
 is a multiple of  (=n). For even values of n, tan(/2) vanishes. For odd values
of n, 1/tan(/2) vanishes. Then the following relationships exist:
α=

πh
2nL

f=

√K = nπ√1 + (h/nL)2

−4π2 n4 L2 D
th4

[1 + (h/nL)2 ]

D

D

D

h

h

h

(37)
(38)

k ϕw = 2α tanh±1 (α/2) ≅ 2α = 2nπ√1 + (h/nL)2

(39)

dkϕw
kϕw
k̃ ϕwg = −
≅

(40)

df

4f

For /2 > , the hyperbolic tangent is nearly 1 and the approximation used in
Eq. 39 is applicable. As n increases, the stiffness becomes proportional to Dn/h,
and utilizing Eq. 38, it becomes proportional to t5/2L-1/2E3/4f1/4. The stiffness is
independent of h, which agrees with findings from numerical analyses. The
geometric stiffness can be determined as the derivative with respect to stress, and
the same approximations have been applied in Eq. 40. The geometric stiffness
therefore becomes proportional to t5/2L-1/2E3/4f -3/4, and is also independent of h.
To establish a linear relationship, a representative stress must be chosen, and error
increases as the stress deviates from the chosen value.
At lower stresses (<) and for determining the elastic stiffness (at =0), the
above approximations cannot be used. It is observed in Figure 4(b) that for larger
h/L values, the stiffness increases roughly proportional to h/L, and the slopes are
roughly parallel. This complicates the direct calculation of the critical buckling
length. In place of Eq. 29, the forms k ϕwe =K1+K2L–1 and k̃ ϕwg =K4L-1/2 or
k̃ ϕwg =K4 produce a higher order polynomial for Lcrd which prevents a direct
solution. Due to these complications, an entirely different approach was pursued.
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Since the web depth has little influence on the critical buckling length, an effective
web depth can be back-calculated for a given flange configuration using Eq. 32
with the critical buckling length from numerical analysis. This effective web
depth can then be used in Eq. 26 to determine kwe (at zero stress). For a web in
tension, the geometric stiffness is relatively small and can conservatively be
approximated as zero. This is particularly true for small h/L which was generally
the case for the effective web depth.
A method of estimating the effective web depth is required. Parametric analysis
showed that the effective web depth correlates predominantly with the size of the
flange. Various measures of flange size were evaluated and the best prediction
utilized the radius of gyration of the flange about the axis of the web. An effective
web depth of 3.5 times this radius of gyration provided good results.
Iyf

h = 3.5√

Af

+ xh2

(41)

Web under Stress Gradient
Some shapes can experience stress gradients in both the flange and web, such as
those in Figure 5. It is therefore important to understand how the web stress
gradient affects these distortional buckling predictions.

Figure 5. Shapes having web under stress gradient

The derivations above for the web rotational stiffness components relied on
symmetry and uniform stress. For a web under stress gradient, an approximation
could be made by carrying the w terms from Eq. 24 and 25 into Eq. 27. This
3
results in a multiplier of (1 − 7 ξw ), which is only accurate for symmetrical
buckling where 2 = –1. The equations shown in Table 1 demonstrate that as the
magnitude of 2 decreases, the elastic stiffness increases, and the geometric
stiffness may decrease or increase depending on the signs of (2 – w) and (1 – f).
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2/1

Table 1: Relationship between node rotation and web stiffness
k ϕwe
k̃ ϕwg

–1.0

Et 3
10 πh 2 14 πh 4
+
( ) +
( ) ]
[2
12h(1 − μ2 )
30 L
840 L

π2 th3
[4 + 12(2 − ξw )](1 − ξf )
L2 1680

–0.5

Et 3
9 πh 2 11 πh 4
( ) ]
[3 + ( ) +
12h(1 − μ2 )
30 L
840 L

π2 th3
[4 + 9(2 − ξw )](1 − ξf )
L2 1680

0

Et 3
8 πh 2
8 πh 4
( ) ]
[4 + ( ) +
2
12h(1 − μ )
30 L
840 L

π2 th3
[4 + 6(2 − ξw )](1 − ξf )
L2 1680

Incorporating the relative node rotation into concise equations for the rotational
stiffness components is challenging. Consider the web behavior where only one
flange buckles. The moment M2 in Eq. 18 is zero and the rotation relationship is:
−(k42e −k42g)

θ2 =

(k44e −k44g )

(42)

θ1

The solution requires some simplification and approximation to be useful. Schafer
and Peköz (1999) used a rational approach, but alternate approaches may offer
some improvements. Substituting Eq. 42 into Eq. 19 gives Eq. 43, where the
elastic component at zero stress is Eq. 44.
2

k ϕw = [(k 22e − k 22g ) −
L

(k24e −k24g )2

2

k22e −k44g
k2
24e

L

k22e

k ϕwe = (k 22e −

]

)

(43)
(44)

Simplification is realized using polynomial division with Eq. 23 squared and
Eq. 22 to produce Eq. 45. The last term was adjusted to compensate for dropped
higher order terms. The resulting Eq. 46 closely matches Eq. 44 for h/L values
less than 2.
2 k2
24e
L k22e

=

k ϕwe =

Et3
12h(1−μ2 )
Et3
4h(1−μ2 )

[1 −

[1 +

πh 2

2
15
2
15

( ) +
L

πh 2

( ) +
L

πh 4

3
560
1
720

( ) ]
L

πh 4

( ) ]
L

(45)
(46)

For the geometric stiffness, it can be assumed that k44g << k22e at the stresses of
interest, and can be neglected. Then disregarding the k 224g stress term reduces the
geometric stiffness to Eq. 47, which permits direct derivation of Eq. 48.
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2 k22e k22g−2k24e k24g

k ϕwg = (
L

2 th3

π
k̃ ϕwg = 2

L 1680

k22e

πh 2
πh 4
) −3( )
L
L
πh 2 πh 4
420+28( ) +( )
L
L

5040+84(

[4 +

)

(2 − ξw )] (1 − ξf )

(47)
(48)

For many cases, Eq. 48 is more accurate than the current AISI equation. But for
large values of h/L (greater than 2), Eq. 48 produces more error. The minimum
4
value of Lcrd is πh/ √720, or h/L < 1.65, so the above equation is quite suitable.
But an alternative is to simplify the AISI equation by dropping a negligible w
term and using the form:
2

3

L 240

πh 2

πh 4

1920−810ξw +8( L ) +( L )

π th
k̃ ϕwg = 2
[

πh 2 πh 4
) +( )
L
L

420+28(

] (1 − ξf )

(49)

It should also be noted that sections with sloped webs as in Figure 5 require the
flange stiffness components to be determined using a local x axis for the flange
which is perpendicular to the web. This ensures that the equations of equilibrium
(4-6) for the flange are still satisfied.
Verification
Distortional buckling predictions using the analytical equations developed above
were compared to numerical analysis results for a variety of sections. The AISI
Specification permits the use of numerical methods, so it is important for the
analytical method to produce similar results. The verifications performed in this
study used the finite strip method (FSM) in the CFS® software for comparison.
The first set of verifications used symmetrical channel sections having flanges
with simple lip stiffeners. Table 2 enumerates the geometry for 60 sections with
a material thickness of 1 mm (0.0394 in). This is the same set of sections used in
the Schafer and Peköz (1999) study.
Table 3 summarizes the results of the verifications using three sets of equations
for the stiffness components. Equation set 1 uses the derived equations in
unaltered form, which revealed the flaws in using a single finite element for a web
in tension. Equation set 2 applies the effective web depth concept and uses
k̃ ϕwg = 0. Equation set 3 uses the simplified form for k̃ ϕfg in Eq. 16, which resulted
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in a more accurate average Fpred and an improved standard deviation. This
equation set was then used for verifying other sections.
Web
(mm)
50
100
150
200

Table 2: Simple lip section dimensions
Flange
Lip
(mm)
(mm)
25
6.25, 12.5
25
6.25, 12.5
50
6.25, 12.5, 25
25
6.25, 12.5
50
6.25, 12.5, 25
75
6.25, 12.5, 25, 37.5
25
6.25, 12.5
50
6.25, 12.5, 25
75
6.25, 12.5, 25, 37.5
100
6.25, 12.5, 25, 37.5, 50


(deg)
45, 90
45, 90
45, 90
45, 90
45, 90
45, 90
45, 90
45, 90
45, 90
45, 90

Table 3: Performance of distortional buckling prediction equations
Intermediate Complex
Web
Simple Lip Stiffener
Stiffener
Stiffener
Hole
Equation Set:
1
2
3
3
3
3
Eq. 13
Eq. 13
Eq. 13
k ϕfe
Eq. 13
Eq. 13
Eq. 13
Eq. 14
Eq. 14
Eq. 16
Eq. 16
Eq. 16
Eq. 16
k̃ ϕfg
Eq. 26
Eq. 26a
Eq. 26a
Eq. 26a
Eq. 26a
Eq. 26a
k ϕwe
Eq. 27
0
0
0
0
0
k̃ ϕwg
1.437
0.918
0.940
0.987
0.961
0.922
Fpred/FFSM
Std Dev
0.719
0.069
0.048
0.036
0.067
0.050
a using Eq. 41 for h

Figure 6. Intermediate stiffener geometry

The sections in Table 2 were analyzed with intermediate flange stiffeners. Figure
6 illustrates the geometry of the stiffener at the middle of the flange, where the
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depth of the stiffener is half the lip length. The same equation set 3 produced good
results with an average ratio to FSM near 1.0 and a low standard deviation.
A variety of complex flange stiffeners are often used to enhance the stability of
the lip, such as those shown in Figure 7. These shapes are also susceptible to
distortional buckling when bending about the minor axis. Equation set 3 was
utilized again for these shapes, where two flange lengths and two web depths were
considered for each. The predictions for these 32 sections also produced good
results with a slightly conservative average ratio and a satisfactory standard
deviation, as shown in Table 3.

Figure 7. Complex stiffener examples

The AISI Specification has provisions for reducing the distortional buckling stress
for webs with holes. The method is to reduce the effective thickness of the web
based on the hole length and the distortional buckling half-wavelength. This
approximation is applied to both numerical and analytical methods for flanges
under uniform compression. It is important to check this method as applied to
flanges under stress gradient.
Each of the sections in Table 2 was analyzed with a web hole having a width of
¼ the web depth and a length of 50 mm (1.97 in). The results compared to FSM
are listed in Table 3, where the average ratio was slightly more conservative and
the standard deviation was similar to that for the sections without the holes. The
analytical approach provides similar results to FSM using the same web thickness
approximation.
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A separate set of verifications were performed with the sections in Table 2 for
bending about the major axis. The objective was to identify the equation set best
suited for this prediction. Table 4 summarizes the results of these analyses.
Table 4: Prediction equation comparison for major axis bending
Equation Set:
1
2
3
4
5
6
2.3.1.3-3a 2.3.1.3-3a 2.3.1.3-3a 2.3.1.3-3a 2.3.1.3-3a 2.3.1.3-3a
k ϕfe
2.3.1.3-5a
Eq. 15
Eq. 15
Eq. 15
Eq. 15
Eq. 16
k̃ ϕfg
2.3.3.3-5a 2.3.3.3-5a
Eq. 46
Eq. 46
Eq. 46
Eq. 46
k ϕwe
̃k ϕwg
2.3.3.3-6a 2.3.3.3-6a 2.3.3.3-6a
Eq. 49
Eq. 48
Eq. 49
0.925
0.948
0.967
0.966
0.982
0.987
Fpred/FFSM
Std Dev
0.096
0.086
0.097
0.096
0.106
0.087
a AISI (2016) Equation

Equation set 1 represents the current AISI provisions. Equation set 2 implements
Eq. 15 for k̃ ϕfg , which improves the average prediction and reduces the standard
deviation. Equation set 3 incorporates Eq. 46 for k ϕwe , which also improves the
prediction but with a slightly higher standard deviation. Equation set 4 utilizes Eq.
49 for k̃ ϕwg which is a minor simplification to the AISI equation without loss of
accuracy.
Equation set 5 uses Eq. 48 in place of Eq. 49, which improves the average
prediction but with a slightly higher standard deviation. Finally, equation set 6 is
the same as equation set 4, but uses Eq. 16 to adjust k̃ ϕfg for the stress at the
centroid of the flange. This provides the greatest accuracy but adds complexity.
Impact on Design
The lack of specific distortional buckling provisions for minor axis bending makes
it unlikely this failure mode is considered in common design practice. A study
was performed to determine the impact of distortional buckling on the design
strength, which is summarized in Table 5.
The Steel Stud Manufacturers Association (SSMA) publishes a technical guide
(2015) containing standardized stud shapes with web holes. These shapes were
analyzed using equation set 3 as defined in Table 3 to determine the minor axis
elastic distortional buckling bending stress. The AISI (2016) provisions were then
used to calculate the nominal flexural strength Mnd. This was compared to the
nominal minor axis flexural strength for yielding and local buckling M nlo.
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Table 5: Impact on SSMA structural studs
Grade 33
Grade 50
Number of sections
241
189
169
161
Sections controlled by Mnd
0.834
0.789
Average Mnd/Mnlo
0.701
0.617
Minimum Mnd/Mnlo

About ¾ of the sections were controlled by distortional buckling, and of those the
average strength reduction was nearly 20%. Several sections had a strength
reduction of more than 25%. The Grade 50 sections were impacted more than the
Grade 33 sections. These results demonstrate the need to explicitly address this
failure mode in design specifications.
Conclusions
Distortional buckling can be a controlling failure mode for minor axis bending of
channel sections, hat sections, and many other shapes, where a stress gradient
exists in the flanges. Current design specifications do not explicitly address this
buckling mode, which could result in unsafe designs.
An analytical method was developed to predict the elastic distortional buckling
stress. The method was verified for simple lip stiffeners, intermediates stiffeners,
complex stiffeners, and perforated webs. Comparisons were made to finite strip
solutions with reliable results.
This analytical approach is consistent with other AISI distortional buckling
provisions, permitting a clean implementation for bending about the axis
perpendicular to the flange. The flange/web rotational stiffness components
defined as equation set 3 in Table 3 are recommended for inclusion in the AISI
Specification.
In addition, the current AISI equations for distortional buckling of flexural
members bending about the axis perpendicular to the web were reviewed. Some
opportunities for simplification and improvement in accuracy were identified. The
flange/web rotational stiffness components defined as equation set 4 in Table 4
are recommended as modifications to the current AISI provisions.
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Notation
Af
Cwf
E
ex, ey
f1
f2
f3
fcg
fcrd
G
h
Iof
Ixf, Iyf
Ixyf
Jf
kf
kfe, k̃ ϕfg
kw
kwe, k̃ ϕwg
kije, kijg
L
M1, M2
P
Ry
u, v

xc
xh
xof, yof
xf, yf

1, 2
f
w
f

Cross-sectional area of flange
Torsional warping constant of flange
Modulus of elasticity
Eccentricity of axial force in the x and y directions
Bending stress at extreme compression fiber of flange
Bending stress at flange/web juncture
Bending web stress opposite the flange/web juncture
Bending stress at centroid of flange
Critical distortional buckling stress
Shear modulus of elasticity
Web depth
Polar moment of inertia of flange about x and y axes
Moment of inertia of flange about x and y axes
Product of inertia of flange about x and y axes
Saint-Venant torsion constant for flange
Rotational stiffness demanded by the flange
Elastic and geometric components of flange rotational stiffness
Rotational stiffness provided by the web
Elastic and geometric components of web rotational stiffness
Finite strip coefficients for elastic and geometric stiffness
Distortional buckling half-wavelength
Nodal moments at edges of web finite strip
Axial force on flange producing stress gradient
Reaction force on flange provided by web at flange/web juncture
Flange buckling displacement in x and y directions
Flange buckling angle of twist
x coordinate of extreme compression fiber of flange relative to
flange centroid
x coordinate of flange/web juncture relative to flange centroid
Coordinates of shear center of flange relative to centroid of flange
Geometric properties of flange cross-section used for beam-column
flexural-torsional buckling determination
Poisson’s ratio
Node rotations at edges of web finite strip
Flange stress gradient
Web stress gradient
Flange stress ratio
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Comparison of Experimental and Numerical Results for
Flexural Capacity of Light-Gage Steel Roof Deck
Christopher H. Raebel 1 and Dawid Gwozdz 2
Abstract
The objective of this paper is to present a comparison between experimental
results to each of two numerical analyses of cold formed steel roof deck in
flexure. Prior numerical studies using the Direct Strength Method (DSM) and
the Equivalent Width Method (EWM) have shown discrepancies between results
obtained by the two methods. The goal of this research initiative was to
compare results from each of the two numerical analysis methods to
experimental results in an effort to determine which numerical method is most
appropriate for analyzing steel deck in flexure.
Twenty-four physical tests were conducted using four different deck gages (22,
20, 18 and 16 gage) in both the deck’s positive and negative positions. Detailed
measurements of the physical geometry and the material properties of the deck
samples were taken. Load was applied in a four-point bending scenario using a
loading frame that engaged all flutes across the width of the deck sample. Deck
was loaded to failure. Applied load and several displacement measurements
were recorded. Maximum load measurements and load-displacement plots were
used to determine the maximum moment capacity in the deck.
Finite strip modeling using CUFSM v4.03 was conducted and analyses using the
DSM and EWM are compared to experimental results. It was found that the
DSM and EWM vary in their prediction of the nominal moment capacity across
material grades and deck thicknesses, but tend to converge to a constant ratio at
higher deck gages. The EWM was found to be more accurate for thinner gages
and the DSM was found to be more accurate for thicker gages, but both methods
provide reasonable results when determining steel roof deck capacities.

Associate Professor and Architectural Engineering Program Director,
Milwaukee School of Engineering, Milwaukee, WI, USA. (corresponding
author)
2
Project Engineer, CSD Structural Engineers, Milwaukee, WI, USA.
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Introduction
Light gage metal deck is often used in building construction. The versatility of
the decking combined with its excellent strength-to-weight ratio makes it an
attractive option as an integral element in typical roof and floor construction.
Roof deck is considered to be a structural component, meaning that it has the
ability to support transverse and in-plane loading by means of resisting flexure,
transverse shear and in-plane shear due to its inherent strength and stiffness.
The deck is typically supported at multiple points along its length by joists or
beams spaced at regular intervals beneath the deck. It is produced in a number
of profiles, and each profile has its own advantages. The most common deck
profile used in modern construction is wide rib (WR) deck, also commonly
referred to as “Type B” deck. Wide rib deck has a well-balanced cross-sectional
shape resulting in desirable structural properties. Wide rib deck can be attached
to its supporting elements easily by means of mechanical fasteners or welds.
Roof deck is commonly produced using a carbon sheet steel conforming to
ASTM A1008 or galvanized sheet steel conforming to ASTM A653. The yield
stress for typical sheet steel materials is 33 ksi (227 MPa), but other yield
stresses may be available and vary among manufacturers. Deck may be prime
painted or galvanized.
Basic flexural capacities of standard roof deck can be calculated by straightforward mechanics principles, and many manufacturers provide convenient
design tables that incorporate these capacities. However, as the design becomes
more optimized, the potential for several additional limit states arise. Of course,
global bending will still occur and must be accounted for, but limit states such as
local buckling, distortional buckling and lateral-torsional buckling may become
prevalent in optimized designs.
The American Iron and Steel Institute (AISI) has embraced advanced analysis
techniques that can aid designers and optimize designs. Two such methods, the
Direct Strength Method (DSM) and Effective Width Method (EWM), can be
used to analyze a variety of light-gage, cold-formed structural shapes including
deck. These methods have become popular with designers, as they have shown
to reflect accurate capacities for light-gage members.
The current research investigated the use of the DSM and EWM and compared
numerical results to results obtained by means of experimental testing.
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Project Origin and Recent Studies
A recent study by Dudenbostel (2015) investigated the use of the DSM and
EWM for standard roof and floor deck. The study was limited to numerical
analyses of roof and floor deck using geometric profiles and mechanical
properties as reported in a manufacturer’s design publication. Dudenbostel
uncovered discrepancies between the numerical results as reported using the
DSM and EWM when evaluating deck in flexure. The study concluded that
additional research is necessary to determine which method best reports the
flexural capacity of the deck.
No experimental testing was conducted as part of Dudenbostel’s study, and no
relevant test data was available for comparison. It was recommended that any
future studies include experimental tests so that numerical results could be
compared to results from in-situ testing.
Experimental Program
The experimental program included 24 full-scale tests of light-gage, wide rib
roof deck. Four deck gages were considered: 22, 20, 18 and 16 gage. For each
gage three tests were conducted in the deck’s positive bending position (i.e., the
typical position it would be in when resisting gravity loads when placed on the
roof structure) and three tests were conducted in the negative bending position.
The elastic section moduli differ between the top and bottom sections of the
deck, so it was expected that the positive bending tests would yield somewhat
different results than the negative bending tests.
The deck was tested in a four-point bending setup as illustrated in Figure 1.
Each panel of deck was 3 ft (915 mm) wide, and the deck span between support
points was 6 ft (1,830 mm). Applied loads were spaced at a 18 in. (458 mm)
centered on the deck.

Figure 1. Schematic of four-point bending setup.
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Load was applied by means of a hydraulic actuator pulling in the upward
direction. The deck was loaded with a pulling force from the actuator to
eliminate stability issues that typically arise when pushing with the hydraulic
actuator. The load from the actuator was applied to the deck along two lines
through a loading frame suspended from a load spreader beam by threaded rods.
The hydraulic actuators are instrumented with force and displacement
transducers that measure in-line with the piston of the actuator. The loading
frame, constructed of steel tube and being significantly stiffer than the light gage
deck, applied lines of load orthogonal to the deck and uniformly across the deck.
In addition to the displacement measurement taken by the actuator, four
additional displacement readings were taken using Linear Variable
Displacement Transducers (LVDTs) placed at the lines of applied loading near
the edges of the deck. The five displacement measurements allowed for better
understanding of the deformed shape of the deck up to and beyond the point of
flexural yield and buckling. Figure 2 shows a pre-test photograph of the typical
setup.
Part of the experimental program included material testing of the metal deck to
discover its measured material properties. Two samples from each gage of deck,
one from the flange and another from the flute, were tested by an independent
and certified laboratory. The average measured tensile and yield strength
magnitudes for each gage are summarized in Table 1.
Table 1. Measured material properties.
Property

16
gage

18
gage

20
gage

22
gage

ASTM
A1008

Average Tensile
Strength, psi (MPa)

54,500
(376)

52,250
(360)

54,250
(374)

57,000
(393)

52,000
(358)

Average Yield
Strength, psi (MPa)

44,700
(308)

43,450
(300)

47,250
(326)

44,500
(307)

40,000
(276)
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Hydraulic actuator (above)
Spreader beam

LVDT

Deck specimen

Threaded rod

Loading frame
Base of test existing test frame

Support beam
(each side)

Figure 2. Typical Pre-test Configuration.
Experimental Results
Each test yielded force and displacement measurements read from the actuator’s
instrumentation and displacement measurements from each of the four LVDTs.
Data is presented in force vs. displacement plots for each individual test.
Each of these plots clearly illustrated key ranges. Initially a force engagement
range was observed, where the actuator lifted the load frame and deck specimen
until the deck engaged its end supports. The force magnitude measured within
the engagement range is the weight of the deck specimen, load frame, threaded
rod, spreader beam and the actuator’s bottom clevis. Next, a load accrual range
occurred, where the deck was loaded slowly and continuously. The deck
remained elastic during the load accrual range. Then, the deck reached its
flexural peak and the maximum experimental moment was achieved. Local
buckling was observed as the deck approached its maximum moment, as shown
in Figure 3a. The initiation of local buckling was evident on the force versus
displacement plots as the beginning of the nonlinear range prior to the maximum
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applied force. Finally, the deck flutes buckled (Figure 3b) and the deck’s
flexural stiffness declined as did its moment resistance.

(a) Initial buckling between ribs.

(b) Further buckling between ribs.

Figure 3. Local buckling of flange for a positive bending test.
Figures 4 and 5 show plots of applied force versus displacement measured by
the actuator’s displacement transducer. Key ranges are identified on the plots.
The nominal moment capacity, Mn, can be found using the yield force as
measured from each specimen. Table 2 summarizes the average yield force and
nominal moment capacity for each deck gage. The average weight of the
specimen and fixtures, measured during the engagement range of each test, was
subtracted from the maximum applied force in order to determine the yield
force.
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Figure 4. Actuator force vs. actuator displacement – all positive bending tests.
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Figure 5. Actuator force vs. actuator displacement – all negative bending tests.
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Table 2. Force and moment capacities – all tests.
Deck
(Position)

Average Weight
lb (kg)

Avg. Yield Force
lb (N)

Nominal Moment
lb-in. (N-m)

22 gage
(Positive)

430 (195)

1,671 (7,433)

22,560 (2,549)

20 gage
(Positive)

432 (196)

2,093 (9,310)

28,250 (3,192)

18 gage
(Positive)

454 (206)

3,249 (14,452)

43,860 (4,956)

16 gage
(Positive)

464 (210)

4,446 (19,780)

60,020 (6,781)

22 gage
(Negative)

428 (194)

1,697 (7,549)

22,910 (2,588)

20 gage
(Negative)

434 (197)

2,111 (9,390)

28,500 (3,220)

18 gage
(Negative)

448 (203)

3,343 (14,870)

45,130 (5,099)

16 gage
(Negative)

459 (208)

4,554 (20,260)

61,480 (6,946)

Numerical Analyses
Numerical analyses utilized the direct strength method and the equivalent width
method. The measured material values were input to the numerical analyses in
an effort to provide accurate comparisons to experimental results.
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CUFSM v4.03 (Li and Schafer, 2010) was used to analyze the deck profile and
develop the signature curve for each deck gage and bending position. The
software utilizes the finite strip method to analyze a cross section based on user
inputs of the geometry and material properties. The analysis begins with the
user inputting nodes and attaching elements to the nodes such that the cross
section will be an accurate representation of the actual deck profile. The user
then inputs a stress distribution over the cross section based on the yield stress of
the material. This could be a uniform distribution as found in tension or
compression members or a linearly changing distribution typically found in
flexural members.
The “half wavelengths” were input next, and they are important in determining
the order of buckling failures. The half wavelengths were originally determined
using a MATLAB preprocessor routine developed in prior research comparing
the direct strength method and equivalent width method (Dudenbostel 2015).
The software uses the length of the buckling failure that the cross section can
exhibit and that the user wishes to consider. Enough half wavelengths are
entered so the resulting signature curve displays the most accurate minimums.
The signature curve is plotted using the half wavelengths and not having enough
points can result in flat spots that miss the absolute minimum.
The final step in preparing the analysis is to input the base vectors. The base
vectors are automatically generated in the software based on the cross section of
the deck profile. The base vectors are required to normalize all of the different
failures (local buckling, distortional buckling and global buckling) so they can
be compared to one another in the signature curve and to determine which will
control. The signature curve has minima, referred to as load factor, along the
curve where a particular failure mode exists. The first minima corresponds with
local buckling, the second minima corresponds with distortional buckling and
the third minima corresponds with lateral torsional buckling. The load factors
are used with the nominal moment equations for DSM (AISI 2012). Each deck
thickness was analyzed using this method for bending in both the positive and
negative orientation.
The equivalent width method (AISI 2012) was also used to find the nominal
moment capacity. The deck profile was measured and input to AutoCAD, and
the effective widths were determined based on the geometry. Each element’s
effective width is determined based on how it is connected to the other elements
and whether or not it is stiffened. The widths then create a new set of section
properties for the cross section that are used to calculate the point of local
buckling, distortional buckling, global buckling and yielding. Each deck
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thickness was analyzed using this method for bending in both the positive and
negative orientation.
Discussion and Conclusions
Table 3 summarizes the experimental and numerical results as found using the
DSM and EWM. The table also includes the yield moment, My, calculated
manually.
Table 3. Summary of nominal moment capacities – all methods.
Deck

Exp. Mn
lb-in.
(N-m)

DSM Mn
lb-in.
(N-m)

EWM Mn
lb-in.
(N-m)

Yield My
lb-in.
(N-m)

22 gage
(Positive)

22,560
(2,549)

16,670 [-26%]
(1,883)

20,530 [-9%]
(2,320)

25,370 [+12%]
(2,866)

20 gage
(Positive)

28,250
(3,192)

23,980 [-15%]
(2,709)

27,660 [-2%]
(3,125)

34,020 [+20%]
(3,844)

18 gage
(Positive)

43,860
(4,956)

37,930 [-14%] 36,810 [-16%]
(4,286)
(4,159)

41,710 [-5%]
(4,713)

16 gage
(Positive)

60,020
(6,781)

54,980 [-8%]
(6,212)

50,380 [-16%]
(5,692)

54,980 [-8%]
(6,212)

22 gage
(Negative)

22,910
(2,588)

20,530 [-10%]
(2,320)

23,960 [-5%]
(2,707)

25,370 [+11%]
(2,866)

20 gage
(Negative)

28,500
(3,220)

28,910 [+1%]
(3,266)

32,290 [-13%] 34,020 [+19%]
(3,844)
(3,648)

18 gage
(Negative)

45,130
(5,099)

40,220 [-11%]
(4,544)

42,530 [-6%]
(4,805)

16 gage
(Negative)

61,480
(6,946)

54,980 [-11%] 55,410 [-10%] 54,980 [-11%]
(6,212)
(6,260)
(6,212)

41,710 [-8%]
(4,713)

Note: Percent difference from experimental value shown in square brackets.
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The EWM provides comparable results to the experimental data for thinner gage
deck specimens when subjected to bending in the positive position, whereas the
DSM under predicts the capacity. Conversely, the EWM under predicts the
nominal moment capacity for thicker deck specimens, but the DSM results in
more comparable moment capacity predictions for thicker deck specimens and
when the deck is in its positive position.
Both the EWM and DSM reasonably predict nominal moment capacity for deck
subjected to negative bending, with percent differences of 13% or less when
compared to experimental results. Stronger trends such as the one noted for
positive bending were not observed.
As such, the EWM is the preferred method for thinner gage deck (20 gage or
thinner) subjected to flexure and the DSM is preferred for thicker gage deck.
The designer may choose to use the DSM in concert with CUFSM software for
all cases. Doing so would be conservative, and CUFSM introduces
computational efficiencies that may be attractive when analyzing roof deck.
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Abstract
Laboratory and numerical evaluations on the web bearing capacity of unlipped cold-formed ferritic
stainless steel channels are described in this paper. The channels considered have circular perforations in the web
and are loaded under the end-two-flange (ETF) load case. A total of 387 results comprising 27 laboratory and
360 numerical results are presented. A nonlinear quasi-static finite element (FE) model was developed for the
numerical investigation. An extensive parametric study is described to determine web bearing capacity reduction
factors for different sizes of circular web perforations and cross-section dimensions; the circular web perforations
are either centred or offset to the load and reaction plates. It is noted that no cold-formed stainless steel standard
provides capacity reduction factors for any end-two-flange load case. The capacity reduction factor equations
are first compared to reduction factors previously recommended for lipped cold-formed stainless steel channels.
It is found that these existing equations are unreliable and unconservative for unlipped channels by as much as
11%. From both laboratory and finite element results, web bearing capacity design equations are proposed for
both sections, with and without web perforations.
Keywords: Cold-formed ferritic stainless steel; Unlipped channels; Finite element analysis; Web bearing
capacity; Web perforation.

1 Introduction
In recent decades, the application of cold-formed stainless steel structural sections in industry have
become increasingly prevalent worldwide due to their favourable material characteristics, notable corrosion and
heat resistance, recycling options and aesthetic appeal. Among the all stainless steel material grades, ferritic
stainless steel offers a competitive economical solution as cheaper alloys with little or no nickel content (Cashell
and Baddoo 2014). To provide ease of access for services, the use of web perforations for secondary structural
members are also becoming popular in industry (Lawson et al. 2015). Such web perforations, however, lead to
sections being at more risk to localised failure in the web, particularly under transverse concentrated loads in the
vicinity of the perforations; the failure is also influenced by the position of the perforations. This phenomenon
is called web bearing failure, is also known as web crippling failure. The generic single or double track deflection
69
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track is a common application for web bearing failure where the flanges are not restrained. As an example, in
industrial roofing where channel-sections are used as purlins located between the roofing and the rafter.
The concern of this research is to evaluate the web bearing capacity of unlipped cold-formed ferritic
stainless steel channels having circular perforations in web; the channels are subject to the ETF load case. Design
guidance recommended for cold-formed stainless steel structural members are presented in the ASCE
Speciﬁcation SEI/ASCE-8 (ASCE 2002), the Australian/New Zealand Standard AS/NZS 4673 (AS/NZS 2001)
and the European Code Design of Steel Structures EN 1993-1-4 (CEN 2006) (which refers to EN 1993-1-3 (CEN
2006) for carbon steel). None of the aforementioned speciﬁcations, however, provide design guidance in regard
to cold-formed stainless steel channels having perforations in web. Only the American Iron and Steel Institute
Specification AISI S100 (AISI 2016) for cold-formed carbon steel provides reduction factors for determining
the web bearing capacity of C-section webs; and this is only subject to one-flange loading. Furthermore, for the
web bearing capacity of cold-formed stainless steel channels, SEI/ASCE-8 (ASCE 2002), AS/NZS 4673
(AS/NZS 2001) and EN 1993-1-4 (CEN 2006) make no distinction between lipped and unlipped flanges or to
the different stainless steel grades. Again, only AISI S100 (AISI 2016) for cold-formed carbon steel structural
members provides separate equations for lipped and unlipped flanges.
In the literature, no laboratory tests have been reported for unlipped cold-formed ferritic stainless steel
channels having perforations in web subject to two-flange loading. For stainless steel lipped channels, Krovink
and van den Berg (1994) and Krovink et al. (1995) have considered lipped cold-formed stainless steel channels
subject to one-flange loading. Zhou and Young (2013; 2007a,b) considered the web bearing capacity of coldformed stainless steel tubular sections, again without perforations. Research by Lawson et al. (2015), while
concerned with circular web perforations, focussed on the bending capacity of the sections and not on the web
bearing capacity under concentrated loads. Zhou and Young (2010) carried out a number of test programmes
alongside numerical simulation on the web bearing capacity of aluminium hollow square sections having circular
web perforation. The Authors have also recently conducted numerical studies on lipped cold-formed stainless
steel channels having circular web perforations (Yousefi et al. 2017a,b,c, 2016a,b).Uunlipped channels only
under two-flange loadings have also been tested by Yousefi et al. 2017d,e,f). In regards to cold-formed carbon
steel, Lian et al. (2017; 2016) and Uzzaman et al. (2012; 2013) have tested lipped channels subject to one and
two-flange loading (see Fig. 1).
This research describes a comprehensive laboratory and numerical study to determine the web bearing
capacity of unlipped cold-formed ferritic stainless steel channels subject to ETF load case, as demonstrated in
Figs. 2 and 3. Both cases of unlipped channels without and with circular web perforations are considered. Quasistatic finite element analyses (FEA) are then employed using the general application software ABAQUS (2014)
to verify the numerical models against laboratory data. A good match between the laboratory and FE results has
been attained. The developed FE model has then been used so to carry out an extensive parametric study to
determine the capacity of unlipped channels having different web perforation sizes, load and reaction plates
lengths and position of perforations in the web, as well as to assess the accuracy of existing design guidance
presented in SEI/ASCE-8 (ASCE 2002), AS/NZS 4673 (AS/NZS 2001) and EN EN 1993-1-4 (CEN 2006).
Using laboratory and finite element results, web bearing design equations are then proposed.

(a)

(b)

Figure 1: End-two-flange (ETF) loading condition after Uzzaman et al. (2013); (a) Centred web perforation, (b)
Offset web perforation
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2 Experimental investigation and finite element modelling
In total, 27 unlipped channels having either circular web perforation or without web perforation were
considered. The ferritic stainless steel sheets (grade G430) were cut and press-braked to form unlipped channels
for experimental study. In both cases, unlipped channels had three different depth sizes from 175mm to 250mm
with web slenderness ratio (h/t) between 148.92 and 232.63. The channels length (L) were chosen from the
AISI S100 Specification (AISI 2016) where length equals 1.5 times height of the sections, plus length of the load
or reaction plates. For channels with circular perforation in web, diameter (a) was between 68mm to 100mm.
The cross-section dimensions measured in the lab as well as notations for determining the parameters are shown
in Table 1 and Fig. 2 respectively. Fig. 3 presents the web crippling test-setup under ETF load case. As can be
seen in Fig. 3, the circular perforations were either in one end of the unlipped sections in between the load and
reaction plates or in mid-length of the sections. The unlipped sections are under exterior/external two flange load
case where concentrated transverse load applies at the end of the unlipped channels.
The sections have been coded so that the nominal section dimension, the length of the load or reaction
plates and Web perforations ratio (A) can be determined from the coding system. As an example, the label “175N100-A0.2” can be explained as follows. The first annotation is the nominal sections depth in millimeters. The
annotation ''N100'' indicates the load or reaction plates length in millimeters (i.e. 100 mm). The Web perforations
ratio (A) are defined as measured depth of the web perforations (a) over the measured depth of the plain part of
the web (h) and can be one of 0.2, 0.4, 0.6 and 0.8; for example ''A0.4'' indicates a/h = 0.4. Unlipped sections
without circular web perforations are indicated by ''A0''. Also, the letter “M” indicates web perforations located
in between the load and reaction plates and the letter “O” indicates that the web perforations are in mid-length
of the sections. The same definitions were used in the numerical investigation. Comparative hot-rolled steel stress
strain curves can be found in Yousefi et al. (2014) and Rezvani et al. (2015).

Figure 2: Definition of symbols

(a) Without web perforation
(b) Centred web perforation
(c) Offset web perforation
Figure 3: Experimental analysis of cold-formed steel channel sections under ETF loading condition
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(a) Without web perforation
(b) Centred web perforation
(c) Offset web perforation
Figure 4: Numerical analysis of cold-formed steel channel sections under ETF loading condition
In this paper, finite element (FE) models are also developed using the general application software
ABAQUS (2014) for the numerical investigation and the results presented in the parametric study. In previous
study (2017c), static general models were used. Hence, nonlinear quasi-static models were used in this study as
it was found that the elastic stiffness branch and post-buckling behaviour were better matched with the laboratory
results; the ultimate loads, however, are generally unaffected. Fig. 4 shows the full scale of laboratory test setup modelled in the numerical study. The typical finite element mesh of the unlipped channels as well as load and
reaction plates are shown in Fig. 4. Finite element mesh sizes of 8 × 8 mm were used for the load and reaction
plates and 5 × 5 mm for the unlipped channels. At least five elements were used for meshing the corner region
of the channels due to transferring transverse loads from flanges to web. For modelling unlipped channels with
web perforations, structured mesh with at least five elements was applied around the web perforations.
The laboratory and the finite element (FE) results were compared to determine the suitability of the
models. The obtained results from web bearing test ultimate loads per single web (PLab) and the web bearing
FEA ultimate loads per single web (PFEA) are presented in Table 1. It is clear from Table 1 that the mean ratio of
the laboratory results over FE results stances 1.00 having the coefficient of variation of COV=0.01. Overall, 3%
was the maximum difference for the section 250x100-t1.2-N100-MA0.4 obtained from the FE and laboratory
results. Fig. 5 presents the comparison of the load-displacement responses for section 200×65-t1.2-N100 for
unlipped channels without and with perforations in web. A good agreement has been attained for both sections
without and with perforations in web.

Figure 5: Comparison of web deformation curves for section 200×65-t1.2-N100
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Table 1 Web bearing capacity comparison from laboratory and finite element analysis results
Web
slenderness
ratio

Web
perforation
ratio

Lab. load
per single
web

Web bearing capacity per
single web predicted from
FEA

Comparison

(h/t)

(a/h)

PLAB(kN)

PFEA(kN)

PLAB/PFEA

175x60-t1.2-N50-A0

150.55

0.00

1.51

1.53

0.99

175x60-t1.2-N50-MA0.4

154.53

0.39

0.99

0.98

1.01

175x60-t1.2-N50-OA0.4

151.63

0.39

1.29

1.29

1.00

Section

175x60-t1.2-N75-A0

154.17

0.00

1.63

1.62

1.01

175x60-t1.2-N75-MA0.4

148.92

0.39

1.25

1.23

1.02

175x60-t1.2-N75-OA0.4

153.04

0.39

1.43

1.44

0.99

175x60-t1.2-N100-A0

155.70

0.00

1.76

1.76

1.00

175x60-t1.2-N100-MA0.4

153.10

0.39

1.33

1.32

1.01

175x60-t1.2-N100-OA0.4

154.46

0.39

1.57

1.59

0.99

200x75-t1.2-N50-A0

171.91

0.00

1.39

1.38

1.01

200x75-t1.2-N50-MA0.4

169.06

0.39

0.97

0.97

1.00

200x75-t1.2-N50-OA0.4

173.42

0.39

1.16

1.15

1.01

200x75-t1.2-N75-A0

171.93

0.00

1.44

1.46

0.99

200x75-t1.2-N75-MA0.4

200.97

0.39

0.99

1.00

0.99

200x75-t1.2-N75-OA0.4

176.39

0.39

1.23

1.24

0.99

200x75-t1.2-N100-A0

179.79

0.00

1.51

1.51

1.00

200x75-t1.2-N100-MA0.4

178.09

0.39

1.09

1.08

1.01

200x75-t1.2-N100-OA0.4

181.33

0.39

1.29

1.29

1.00

250x100-t1.2-N50-A0

210.98

0.00

1.14

1.13

1.01

250x100-t1.2-N50-MA0.4

204.16

0.37

0.90

0.90

1.00

250x100-t1.2-N50-OA0.4

212.83

0.37

1.01

1.01

1.00

250x100-t1.2-N75-A0

209.28

0.00

1.31

1.33

0.98

250x100-t1.2-N75-MA0.4

209.23

0.39

0.95

0.94

1.01

250x100-t1.2-N75-OA0.4

219.28

0.39

1.02

1.01

1.01

250x100-t1.2-N100-A0

212.87

0.00

1.40

1.38

1.01

250x100-t1.2-N100-MA0.4

232.63

0.39

0.97

0.94

1.03

250x100-t1.2-N100-OA0.4

220.27

0.39

1.08

1.09

0.99

Mean value

1.00

Coefficient of Variation

0.01

3 Parametric study
The developed FE model was used so to complete an extensive study to determine the web bearing
capacity of channels without and with circular perforations in web subjected to the ETF load case. The parameters
comprise of different lengths of load and reaction plates. The unlipped channels cross-section sizes and the web
perforations locations were varied so to investigate the effect of load and reaction plates lengths ratio (N/h), web
perforations diameter ratio (a/h) and web perforations location ratio (x/h) on the web bearing capacity of unlipped
channels under the ETF load case.
The models of unlipped channel had various depth sizes, with thicknesses (t) between 1.12 to 6.0 mm.
Height to thickness (web slenderness) ratios (h/t) were between 148.92 to 232.63. The a/h ratios were 0.2, 0.4,
0.6 and 0.8. The x/h ratios were 0.2, 0.4 and 0.6. The length of load and reaction plates (N) were considered to
be 50, 75 and 100 mm. The web bearing capacities of the unlipped channels with no perforations in web were
also obtained for each series of models. Hence, the capacity reduction factor (R), which is the ratio of the web
bearing capacities for unlipped channels with perforations in web over the web bearing capacities of unlipped
channels with no perforations in web, was used as a degrading ratio to quantify the effect of perforations on the
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web bearing capacities of unlipped channels. The models have been coded so that the nominal model dimension,
the length of the load or reaction plates and Web perforations ratio (A) can be identified in Tables 2 to 3.
In terms of circular web perforation located in between the load and reaction plates, 108 sections were
considered to determine the effect of web perforations diameter ratio (a/h) as well as load and reaction plates
lengths ratio (N/h). Tables 2 to 3 present the web bearing capacities (PFEA) per single web predicted from the FE
analyses as well as cross-section dimensions. Fig. 6 demonstrates the effects of the web perforations diameter
ratio (a/h) and load and reaction plates lengths ratio (N/h) on the web capacity reduction factors of the C175
section. As can be seen from Fig. 6(a), the reduction factor decreases as the web perforations diameter ratio
(a/h) increases from the ratio of 0.2 to the ratio of 0.8. Also, it is clear from Fig. 6(b) that the reduction factor is
not sensitive to the load and reaction plates length ratio (N/h).
In terms of circular web perforation located in mid-length of the unlipped channels, 252 sections were
modelled and analysed to determine the effects of web perforations diameter ratio (a/h) and web perforations
location ratio (x/h). The web bearing capacities (PFEA) per single web predicted from the FE analyses as well as
cross-section dimensions are presented in Table 2. Fig. 7 demonstrates the effects of the web perforations
diameter ratio (a/h) and web perforations location ratio (x/h) on the web capacity reduction factors of the C175
section. It can be deduced, from Fig. 7(a), that the capacity reduction factor decreases as the web perforations
diameter ratio (a/h) increases from the ratio of 0.2 to the ratio of 0.8. Also, it is evident from Fig. 7(b) that the
reduction factor is more sensitive to the location of the perforation in the web and the web perforations location
ratio (x/h).

(a) With a/h for centred circular web perforation

(b) With N/h for centred circular web perforation

Figure 6: Reduction factor Variations for C175 section with centred web perforation

(a) With a/h for centred circular web perforation

(b) With x/h for centred circular web perforation

Figure 7: Reduction factor Variations for C175 section with offset web perforation
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Table 2 Section details and web bearing capacities obtained from FEA for parametric study of a/h with centred
web perforation
Web depth

Flange
width

Web
thickness

Length of
channel

(d)

(bf)

(t)

(L)

(a/h=0)

(a/h=0.2)

(a/h=0.4)

(a/h=0.6)

(a/h=0.8)

(mm)

(mm)

(mm)

(mm)

(kN)

(kN)

(kN)

(kN)

(kN)

175x60-t1.2-N50

178.54

60.10

1.17

315.17

1.51

1.32

1.05

0.82

0.62

175x60-t4.0-N50

178.54

60.10

4.00

315.17

28.20

23.72

18.84

14.77

9.68

175x60-t6.0-N50

178.54

60.10

6.00

315.17

61.38

52.30

42.18

33.05

21.95

175x60-t1.2-N75

178.15

60.07

1.14

340.00

1.63

1.39

1.12

0.89

0.68

175x60-t4.0-N75

178.15

60.07

4.00

340.00

31.77

26.43

21.31

16.97

11.95

175x60-t6.0-N75

178.15

60.07

6.00

340.00

71.16

59.50

48.46

38.87

26.53

175x60-t1.2-N100

178.34

60.16

1.13

364.67

1.76

1.52

1.24

0.99

0.78

175x60-t4.0-N100

178.34

60.16

4.00

364.67

35.49

29.58

24.05

19.25

14.48

175x60-t6.0-N100

178.34

60.16

6.00

364.67

80.56

67.38

55.30

44.86

31.83

200x75-t1.2-N50

203.54

75.02

1.17

349.67

1.39

1.19

0.95

0.73

0.56

200x75-t4.0-N50

203.54

75.02

4.00

349.67

27.61

23.21

18.63

14.65

9.69

200x75-t6.0-N50

203.54

75.02

6.00

349.67

61.54

52.59

43.04

33.78

21.27

200x75-t1.2-N75

203.56

75.00

1.17

374.67

1.44

1.32

1.07

0.84

0.64

200x75-t4.0-N75

203.56

75.00

4.00

374.67

30.93

25.61

20.34

16.48

11.72

200x75-t6.0-N75

203.56

75.00

6.00

374.67

70.74

54.18

48.49

38.72

25.48

200x75-t1.2-N100

203.76

75.02

1.12

399.33

1.51

1.30

1.06

0.84

0.66

200x75-t4.0-N100

203.76

75.02

4.00

399.33

33.82

28.15

23.04

18.42

13.92

200x75-t6.0-N100

203.76

75.02

6.00

399.33

78.83

65.83

54.55

43.68

30.54

250x100-t1.2-N50

253.47

100.02

1.19

424.33

1.14

0.97

0.76

0.59

0.44

250x100-t4.0-N50

253.47

100.02

4.00

424.33

25.54

21.39

17.12

13.44

9.00

250x100-t6.0-N50

253.47

100.02

6.00

424.33

59.42

50.80

41.12

32.44

18.91

250x100-t1.2-N75

253.54

100.00

1.20

449.50

1.31

1.05

0.83

0.65

0.49

250x100-t4.0-N75

253.54

100.00

4.00

449.50

28.46

23.54

18.90

15.11

10.70

250x100-t6.00-N75

253.54

100.00

6.00

449.50

67.83

56.80

46.11

36.62

22.48

250x100-t1.2-N100

253.59

100.02

1.18

474.50

1.40

1.20

0.96

0.75

0.58

250x100-t4.0-N100

253.59

100.02

4.00

474.50

30.93

25.48

20.57

16.57

12.34

250x100-t6.0-N100

253.59

100.02

6.00

474.50

74.33

62.10

50.45

40.34

26.28

Section

FEA ultimate load per single web, (PFEA)
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Table 3 Section details and web bearing capacities obtained from FEA for parametric study of x/h with offset web
perforation
Section

Web depth
(d)

Flange
width
(bf)

Web
thickness
(t)

Length of
channel
(L)

(x/h=0)

(x/h=0.2)

(x/h=0.4)

(x/h=0.6)
(kN)

FEA ultimate load per single web, (PFEA)

(mm)

(mm)

(mm)

(mm)

(kN)

(kN)

(kN)

175x60-t1.2-N50-A0

178.54

60.10

1.17

315.17

1.51

1.51

1.51

1.51

175x60-t1.2-N50-A0.2

178.54

60.10

1.17

315.17

1.39

1.42

1.45

1.47

175x60-t1.2-N50-A0.4

178.54

60.10

1.17

315.17

1.17

1.25

1.32

1.38

175x60-t1.2-N50-A0.6

178.54

60.10

1.17

315.17

0.98

1.10

1.20

1.30

175x60-t1.2-N50-A0.8

178.54

60.10

1.17

315.17

0.80

0.96

1.10

1.22

175x60-t1.2-N75-A0

178.15

60.07

1.14

340.00

1.63

1.63

1.63

1.63

175x60-t1.2-N75-A0.2

178.15

60.07

1.14

340.00

1.50

1.52

1.55

1.57

175x60-t1.2-N75-A0.4

178.15

60.07

1.14

340.00

1.30

1.37

1.43

1.49

175x60-t1.2-N75-A0.6

178.15

60.07

1.14

340.00

1.13

1.23

1.32

1.41

175x60-t1.2-N75-A0.8

178.15

60.07

1.14

340.00

0.98

1.11

1.23

1.35

175x60-t1.2-N100-A0

178.34

60.16

1.13

364.67

1.76

1.76

1.76

1.76

175x60-t1.2-N100-A0.2

178.34

60.16

1.13

364.67

1.65

1.67

1.69

1.72

175x60-t1.2-N100-A0.4

178.34

60.16

1.13

364.67

1.47

1.53

1.59

1.64

175x60-t1.2-N100-A0.6

178.34

60.16

1.13

364.67

1.33

1.41

1.50

1.57

175x60-t1.2-N100-A0.8

178.34

60.16

1.13

364.67

1.17

1.30

1.42

1.52

200x75-t1.2-N50-A0

203.54

75.02

1.17

349.67

1.39

1.39

1.39

1.39

200x75-t1.2-N50-A0.2

203.54

75.02

1.17

349.67

1.24

1.27

1.29

1.32

200x75-t1.2-N50-A0.4

203.54

75.02

1.17

349.67

1.04

1.11

1.17

1.23

200x75-t1.2-N50-A0.6

203.54

75.02

1.17

349.67

0.86

0.96

1.07

1.16

200x75-t1.2-N50-A0.8

203.54

75.02

1.17

349.67

0.70

0.84

0.97

1.09

200x75-t1.2-N75-A0

203.56

75.00

1.17

374.67

1.44

1.44

1.44

1.44

200x75-t1.2-N75-A0.2

203.56

75.00

1.17

374.67

1.41

1.43

1.46

1.48

200x75-t1.2-N75-A0.4

203.56

75.00

1.17

374.67

1.21

1.27

1.34

1.40

200x75-t1.2-N75-A0.6

203.56

75.00

1.17

374.67

1.04

1.14

1.24

1.32

200x75-t1.2-N75-A0.8

203.56

75.00

1.17

374.67

0.89

1.03

1.15

1.26

200x75-t1.2-N100-A0

203.76

75.02

1.12

399.33

1.51

1.51

1.51

1.51

200x75-t1.2-N100-A0.2

203.76

75.02

1.12

399.33

1.43

1.45

1.47

1.49

200x75-t1.2-N100-A0.4

203.76

75.02

1.12

399.33

1.23

1.29

1.36

1.42

200x75-t1.2-N100-A0.6

203.76

75.02

1.12

399.33

1.08

1.17

1.26

1.34

200x75-t1.2-N100-A0.8

203.76

75.02

1.12

399.33

0.96

1.08

1.18

1.29

250x100-t1.2-N50-A0

253.47

100.02

1.19

424.33

1.14

1.14

1.14

1.14

250x100-t1.2-N50-A0.2

253.47

100.02

1.19

424.33

1.01

1.03

1.05

1.07

250x100-t1.2-N50-A0.4

253.47

100.02

1.19

424.33

0.83

0.89

0.94

1.00

250x100-t1.2-N50-A0.6

253.47

100.02

1.19

424.33

0.67

0.77

0.85

0.93

250x100-t1.2-N50-A0.8

253.47

100.02

1.19

424.33

0.63

0.68

0.74

0.84

250x100-t1.2-N75-A0

253.54

100.00

1.20

449.50

1.31

1.31

1.31

1.31

250x100-t1.2-N75-A0.2

253.54

100.00

1.20

449.50

1.10

1.13

1.15

1.17

250x100-t1.2-N75-A0.4

253.54

100.00

1.20

449.50

0.94

0.99

1.07

1.09

250x100-t1.2-N75-A0.6

253.54

100.00

1.20

449.50

0.78

0.87

0.96

1.03

250x100-t1.2-N75-A0.8

253.54

100.00

1.20

449.50

0.68

0.77

0.88

0.97

250x100-t1.2-N100-A0

253.54

100.00

1.20

449.50

1.40

1.40

1.40

1.40

250x100-t1.2-N100-A0.2

253.59

100.02

1.18

474.50

1.27

1.30

1.32

1.34

250x100-t1.2-N100-A0.4

253.59

100.02

1.18

474.50

1.10

1.16

1.22

1.26

250x100-t1.2-N100-A0.6

253.59

100.02

1.18

474.50

0.95

1.04

1.13

1.19

250x100-t1.2-N100-A0.8

253.59

100.02

1.18

474.50

0.82

0.94

1.05

1.14
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4 Design comparisons for cold-formed ferritic stainless steel unlipped channels with web perforations
As noted previously, the existing cold-formed standards for design of stainless steel structures are not
providing design predictions for determining the web bearing capacity of ferritic stainless steel channels with
perforations in web subjected to ETF load case, where the perforation is located either in one end of the unlipped
channels in between the load and reaction plates or in mid-length of the channels. However, as seen in laboratory
and numerical studies, the web bearing capacities for unlipped channels without perforations in web can be
compared to results predicted from the aforementioned standards.
The web bearing capacity obtained from laboratory and numerical studies is compared with results
predicted from design standards for the unlipped channels subjected to the ETF load case. In the Eurocode 3 (EN
1993-1-4) comparison, the mean ratio of the laboratory and numerical results over the results predicted from the
EN 1993-1-4 standard is 0.96, giving a coefficient of variation of COV= 0.19. From the Australian standard
(AS/NZS 4673) as well as American specification (SEI/ASCE 8-02) comparisons, the mean ratios are 0.87 and
0.86, with different coefficients of variation of COV=0.27 and COV=0.19, respectively.
It is evident that the Australian standard (AS/NZS 4673) and American specification (SEI/ASCE 8-02)
have a more unconservative approach towards predicting the web bearing capacities, in comparison to the Euro
standard (EN 1993-1-4). A comparison of the obtained values from the mentioned standards with the results
from laboratory and numerical studies shows that capacity predictions from the SEI/ASCE 8-02 specification
are 14% higher when compared to the laboratory and numerical failure loads. The current web bearing designs
are unconservative and unreliable for cold-formed ferritic stainless steel unlipped channels, having no
perforations in web under the ETF load case.
A study by Yousefi et al. (2017c) recommends equations for calculating the capacity reduction factors
induced by perforations in web of lipped cold-formed stainless steel channels where the perforations were at the
centre of the load and reaction plates or at an offset location. The web bearing capacity reduction factors predicted
in Yousefi et al. (2017c) were compared with the capacity reduction factors obtained from laboratory and
numerical results.
The capacity reductions factors recommended by Yousefi et al. (2017c) are as follows:
Web perforation in centred location:

a
N
RY =
0.97 − 0.62( ) + 0.04( ) ≤ 1
h
h

Web perforation in offset location:

a
x
RY =
0.94 − 0.03( ) + 0.04( ) ≤ 1
h
h

(3)

(4)

where the limitations for the two above equations are a/h ≤ 0.8, N/h ≤ 1.15, h/t ≤ 157.68, N/t ≤ 120.97
and θ =90º.
The capacity reduction factors obtained from this study are compared with those recommended by
Yousefi et al. (2017c) for lipped channels with centred and offset web perforations in Table 4. It is clear that, the
equations proposed for lipped channels are unconservative, as well as unreliable, for the unlipped channels;
having either centred or offset perforations in web. The mean comparison ratio for both centred and offset
perforations is Pm=0.89 having coefficients of variation of COV=0.09 and COV=0.11 for centred and offset
perforations. Therefore, the recommended design equations for lipped channels are unconservative for unlipped
cold-formed ferritic stainless steel channels by as much as 11% as well as unreliable to use. This can be explained
by the fact that the equations recommended by Yousefi et al. (2017c) were applicable for only lipped channels
having different stainless steel grades.
5 Proposed capacity reduction factors and comparison with laboratory and numerical analyses results
As shown in Tables 2 to 3, the ultimate bearing capacity increases as the circular web perforations
diameter decreases. Also, as the distance from the edge of the load and reaction plates increases, the ultimate
capacity increases as well. As expected, it is also evident from Tables 2 to 3 that the ultimate web bearing
capacities are affected by the length of the load and reaction plates. It increases as the length of the load and
reaction plates increases. Evaluating results from the laboratory and numerical analyses, it is shown that web
perforations diameter ratio (a/h), load and reaction plates lengths ratio (N/h), and web perforations location ratio
(x/h) can be the main factors affecting the web bearing capacity of the unlipped channels having web perforations
under the ETF load case. Hence, according to both the numerical and the laboratory results obtained from this
study and upon performing bivariate regression analysis, two bearing capacity reduction factor equations (RD)
are proposed for the unlipped channels with centred and offset web perforations under the ETF load case.
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Web perforation in centred location:

a
N
RD =
0.97 − 0.76( ) + 0.06( ) ≤ 1
h
h

(5)

Web perforation in offset location:

a
x
RD =
0.96 − 0.41( ) + 0.25( ) ≤ 1
h
h

(6)
where the limitations for the two above equations are a/h ≤ 0.8, N/h ≤ 0.61, h/t ≤ 200, N/t ≤ 90.09 and θ =90º.
The calculated capacity reduction factors from the proposed Eqs. (5) and (6), are compared to the obtained
capacity reduction factor values from the numerical and laboratory results, as depicted versus the web
perforations diameter ratio (a/h) and web slenderness ratio (h/t) in Figs. 8 and 9. In order to show the reliability
of the proposed reduction factors, a summary of statistical values for reliability analysis is presented in Tables 5
and 10. The proposed equations are evidently conservative and match well with the results for unlipped channels
with centred and offset perforations in web.
In terms of centred web perforations, it is evident from Table 5 that the mean of the obtained capacity
reduction factor values from the numerical and the laboratory analyses results over the results from proposed
capacity reduction factor is 1.00, having the coefficient of variation of COV=0.05 and having the corresponding
reliability index value of β=2.84. In regards to offset web perforations, it is clear from Table 5 that the mean
ratio of the obtained capacity reduction factor values from the numerical and the laboratory analyses results over
the results from proposed capacity reduction factor is also 1.00, having the coefficient of variation of COV=0.06
and having the reliability index value of β=2.74. Thus, the equations proposed for ferritic stainless steel unlipped
channels having centred or offset perforations in web can well predict the web bearing capacity reduction factor
of such chan
Table 4 Comparison of web bearing capacity reduction factor with reduction factors equations proposed by Yousefi
et al. (2017c)
Specimen

Failure load
without web
openings
P(A0)

Failure load with
web openings

Reduction factor

P(Web opening)

R=P(Web opening)/P(A0)

Comparison with factor
Factored
Factored
resistance from Yousefi et
resistance (Eq. 3) resistance (Eq. 4)
al.
R/ RLipped

(kN)

Centred

Offset

Centred

Offset

Centred

Offset

Centred

Offset

175x60-t1.2-N50-A0.2

1.51

1.32

1.46

0.87

0.97

0.86

0.95

1.02

1.02

175x60-t1.2-N50-A0.4

1.51

1.05

1.32

0.70

0.87

0.73

0.94

0.95

0.93

175x60-t1.2-N50-A0.6

1.51

0.82

1.15

0.54

0.76

0.61

0.93

0.89

0.82

175x60-t1.2-N50-A0.8

1.51

0.62

1.04

0.41

0.69

0.49

0.93

0.85

0.74

200x75-t4.0-N75-A0.2

30.93

25.61

29.06

0.83

0.94

0.86

0.95

0.96

0.99

200x75-t4.0-N75-A0.4

30.93

20.34

27.21

0.66

0.88

0.74

0.94

0.89

0.94

200x75-t4.0-N75-A0.6

30.93

16.48

25.14

0.53

0.81

0.61

0.93

0.87

0.87

200x75-t4.0-N75-A0.8

30.93

11.72

22.64

0.38

0.73

0.49

0.93

0.77

0.79

250x100-t6.0-N100-A0.2

74.33

62.1

72.62

0.84

0.98

0.86

0.95

0.97

1.03

250x100-t6.0-N100-A0.4

74.33

50.45

67.79

0.68

0.91

0.74

0.94

0.92

0.97

250x100-t6.0-N100-A0.6

74.33

40.34

59.98

0.54

0.81

0.61

0.93

0.88

0.86

250x100-t6.0-N100-A0.8

74.33

26.28

52.25

0.35

0.70

0.49

0.93

0.72

0.76

Mean value, (Pm)

0.89

0.89

CoV

0.09

0.11

Reliability index, (β)

1.96

1.90

Resistance factor, (ϕ)

0.85

0.85
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Figure 8: Capacity reduction factor comparison for centred web perforation

Figure 9: Capacity reduction factor comparison for offset web perforation

Table 5: Statistical analysis of capacity reduction factor
Statistical parameters

Reduction factor comparison
R (FEA) / Rp
Centred perforation

Offset perforation

Number of data

108

252

Mean, Pm

1.00

1.00

Coefficient of variation, Vp

0.05

0.06

Reliability index, β

2.84

2.74

Resistance factor, φ

0.85

0.85
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6 Conclusions
This paper has presented laboratory and numerical evaluation on the bearing capacity of unlipped coldformed ferritic stainless steel channels subject to end-two-flange (ETF) load case. The laboratory programme
comprised unlipped channels without and with circular perforations in web, located either at one end of the
unlipped sections in between the load and reaction plates (centred), or in mid-length of the sections (offset). A
finite element (FE) model was then developed using the general application FE software ABAQUS (2014) and
verified against the laboratory result, showing a good prediction for web bearing capacity. The developed FE
model was then used in order to carry out an extensive study to determine the web bearing capacity of channels
without and with circular perforations in web subjected to the ETF load case. The parameters comprised different
lengths of load and reaction plates; the unlipped channels cross-section sizes and the web perforations locations
were varied to investigate the effect of load and reaction plates lengths ratio (N/h), web perforations diameter
ratio (a/h) and web perforations location ratio (x/h) on the web bearing capacity of unlipped channels under the
ETF load case. Capacity reduction factors from this study were also compared against Yousefi et al. (2017c) for
lipped stainless steel channels. These reduction factor equations were demonstrated to be unconservative and
unreliable for unlipped cold-formed ferritic stainless steel channels by as much as 11%. Using both laboratory
and numerical results, new web bearing capacity equations have been proposed for cold-formed ferritic stainless
steel unlipped channels with and without circular perforations in web subject to ETF load case. It is demonstrated
that the proposed equations are suitable and conservative for use. From the reliability analysis, the proposed
equations are shown to be reliable when compared against both laboratory and numerical results.
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Abstract
The web crippling strength of cold-formed ferritic stainless steel unlipped channels subject to interiorone-flange and end-one-flange loading is considered in this paper. A total of 144 results are presented,
comprising 36 laboratory and 108 numerical results. These results cover the cases of both flanges restrained
and unrestrained to the load and reaction plates. Unlike other work in the literature, the numerical analysis in
this paper uses nonlinear quasi-static finite element analysis with an implicit integration scheme, which has
advantages over static and quasi-static with an explicit integration scheme analyses, particularly for post
buckling predictions of unlipped channels subject to web crippling. The laboratory and numerical
investigations show current stainless steel design guidance to be too conservative. In terms of design standards,
while no cold-formed stainless steel standard distinguishes between flanges restrained and unrestrained to the
load and reaction plates, with each standard providing only one equation to cover both restrained and
unrestrained, the web crippling strengths for the flanges unrestrained case were found to be higher than those
predicted from SEI/ASCE-8 by as much as 24%. Also, the web crippling strengths for the flanges restrained
case are shown to be higher than those predicted from equations found in the literature by as much as 48%.
New web crippling design equations are proposed; the proposed equations are shown to be reliable when
compared against laboratory and numerical results.
Keywords: Ferritic stainless steel; Unlipped cold-formed steel channels; Finite element analysis; Web
crippling strength.

1 Introduction
The use of cold-formed stainless steel channels has become increasingly popular due to its favourable
material characteristics, corrosion and heat resistance, recyclability and aesthetic appeal (Li and Young 2017a;
Lawson et al. 2015). Amongst all stainless steel material grades, ferritic stainless steel is considered to be the
most economically competitive (Cashell and Baddoo 2014). Thin-gauged channel-sections, however, have a
risk of localised failure in the web (see Fig. 1), particularly under transverse concentrated loads in the vicinity
of the applied load. This paper considers the web crippling strength of unlipped cold-formed ferritic stainless
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steel channels subject to interior-one-flange (IOF) and end-one-flange (EOF) loading, with flanges restrained
and unrestrained to the load and reaction plates.
Design guidance against web crippling for such cold-formed stainless steel channel-sections are found
in SEI/ASCE-8 (ASCE 2002), AS/NZS 4673 (AS/NZS 2001) and EN 1993-1-4 (CEN 2006) (which refers to
EN 1993-1-3 (CEN 2006) for carbon steel). However, no cold-formed stainless steel standard distinguishes
between flanges restrained and unrestrained to the load and reaction plates i.e. the design guidance only
provides a single equation to cover both flange conditions. While AISI S100 (AISI 2016) does provide two
equations, these equations were developed for cold-formed carbon steel channels. In the literature, no
laboratory tests have been reported for unlipped cold-formed stainless steel channels subject to IOF or EOF
loading with either flanges restrained or unrestrained to the load and reaction plates. For stainless steel lipped
channels, only Korvink and van den Berg (1994) and Korvink et al. (1995) have tested lipped cold-formed
stainless steel channels subject to one-flange loading, but only for the case where the ﬂanges are restrained to
the load and reaction plates. From these test results (Korvink and van den Berg (1994) and Korvink et al.
(1995)) and also the results by Zhou and Young (2006) on tubular sections under two-flange loading, Zhou and
Young (2006) proposed design equations for lipped stainless channels subject to one and two-flange loading.
Unlipped channels, however, were not tested and not considered.
Other work in the literature by Li and Young (2017a,b) and Zhou and Young (2013; 2007a,b) also
considered the web crippling strength of cold-formed stainless steel tubular sections, but again not for unlipped
channels. A study by Lawson et al. (2015) (see Fig. 1b) focussed on the shear and bending behaviour of
stainless steel channels lipped channels, and not on the web crippling strength under transverse load. Zhou and
Young (2010) and Zhou et al. (2009) carried out test programmes as well as numerical simulation studies on
the web crippling strength of aluminium hollow square sections. The Authors have also recently conducted
numerical studies on lipped cold-formed stainless steel channels having circular web perforations (Yousefi et
al. 2017a,b,c, 2016a,b).Uunlipped channels only under two-flange loadings have also been tested by Yousefi et
al. 2017d,e,f). In regards to cold-formed carbon steel, Lian et al. (2017; 2016) and Uzzaman et al. (2012; 2013)
have tested lipped channels subject to one and two-flange loading. Gunalan and Mahendran (2015), who used
the results for a Direct Strength Method approach in regard to the web crippling strength of lipped channels.
In this research, the web crippling strength of unlipped cold-formed ferritic grade G430 stainless steel
channels subject to interior-one-flange (IOF) and end-one-flange (EOF) loading is considered, as shown in
Figs. 2 and 3. A total of 144 results are presented, comprising 36 laboratory and 108 numerical results; the
cases of both flanges restrained and unrestrained to the load and reaction plates are covered. The finite element
analysis (FEA) models developed use quasi-static analyses with an implicit integration scheme in ABAQUS.
In most of the previous studies in the literature, static analyses were used. However, as found by Natario et al.
(2014a,b), there is not always good agreement in terms of post-buckling behaviour. For this reason, Natario et
al. (2014a,b) proposed a quasi-static analyses with an explicit integration scheme. However, as per the
ABAQUS manual (2014), an explicit integration scheme requires a large number of time increments, which
this leads to a longer computational time. Also, explicit analysis is more appropriate for very large problems,
solving high speed discontinuous short-term events, and problems involving stress wave propagation.
The quasi-static FE model is used to carry out a parametric investigation to determine the web crippling
strength of unlipped channels having different section sizes, load and reaction plates lengths and thicknesses,
as well as to examine the suitability of existing design guidance presented in SEI/ASCE-8 (ASCE 2002),
AS/NZS 4673 (AS/NZS 2001) and EN 1993-1-4 (CEN 2006) as well as the equations proposed by Zhou and
Young (2006). Using laboratory and finite element results, new web crippling design equations are proposed
which are shown to be reliable when compared against laboratory and numerical results.

(a)

(b)

Fig. 1 Cold-formed stainless steel bearing members; (a) Tubular section after Li and Young (2017a); (b)
Lipped channel-section after Lawson et al. (2015)
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2 Laboratory study
2.1 Test sections
The ferritic stainless steel unlipped channels were of grade G430 and were press-braked. In total, the
results of 36 laboratory tests are considered. The unlipped channels had three different depths that ranged from
175 mm to 250 mm with web slenderness ratio (h/t) ranging between 115.45 and 174.55. The channels length
(L) were as per recommendations in AISI S100 Specification (AISI 2016) where the length is three times
height of the sections, plus the length of the load bearing plate and two load transfer blocks. The cross-section
dimensions measured in the lab as well as notations for determining the parameters are shown in Tables 1 and
2 and Fig. 2. As can be seen in Fig. 3, the load was applied at the centre of the unlipped channels. As shown in
Fig. 4, the channels were bolted to the load transfer blocks using 6 mm washer plates.

Fig. 2 Definition of symbols

(a) IOF load

(b) EOF load
Fig. 3 Front view of test arrangement
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Table 1 Measured section details and laboratory and finite element ultimate web crippling strengths under IOF load
case for both flanges restrained and unrestrained to load bearing plate
Load
bearing
length

Web
depth

Flange
width

Web
thickness

Filet
ratio

Length
of
channel

Laboratory
load full
pair

Laboratory
load per
web

Finite
element load
per web

Comparison

B

d

bf

t

ri/t

L

PLAB

PLAB

PFEA

PLAB/PFEA

(mm)

(mm)

(mm)

(mm)

(mm)

(mm)

(kN)

(kN)

(kN)

175x60-t1.5-B50

50

176.09

59.74

1.50

1.00

775.00

20.32

10.16

10.20

1.00

175x60-t1.5-B75

75

176.30

59.69

1.50

1.00

800.00

22.64

11.32

11.19

1.01

Section

Flange unrestrained

175x60-t1.5-B100

100

176.15

59.81

1.50

1.00

824.92

24.40

12.20

12.19

1.00

200x75-t1.5-B50

50

200.76

74.85

1.49

1.01

850.00

19.93

9.96

9.98

1.00

200x75-t1.5-B75

75

200.80

74.89

1.49

1.01

874.83

22.53

11.27

11.30

1.00

200x75-t1.5-B100

100

201.14

74.76

1.50

1.00

900.08

24.80

12.40

12.38

1.00

250x75-t1.5-B50

50

251.05

76.67

1.48

1.01

999.83

19.59

9.80

9.72

1.01

250x75-t1.5-B75

75

251.55

75.08

1.50

1.00

1025.00

22.02

11.01

11.02

1.00

250x75-t1.5-B100

100

252.19

75.09

1.49

1.01

1049.67

23.68

11.84

11.80

1.00

Flange restrained
175x60-t1.5-B50

50

177.61

59.59

1.50

1.00

775.08

23.16

11.58

11.60

1.00

175x60-t1.5-B75

75

175.98

59.66

1.49

1.01

800.00

26.55

13.28

13.29

1.00

175x60-t1.5-B100

100

173.33

59.60

1.50

1.00

825.00

29.38

14.69

14.70

1.00

200x75-t1.5-B50

50

200.76

74.92

1.50

1.00

850.25

23.00

11.50

11.48

1.00

200x75-t1.5-B75

75

200.51

74.90

1.47

1.02

875.08

26.22

13.11

13.02

1.01

200x75-t1.5-B100

100

200.89

74.85

1.50

1.00

900.08

29.25

14.62

14.69

1.00

250x75-t1.5-B50

50

251.46

74.83

1.49

1.01

1000.00

22.81

11.41

11.40

1.00

250x75-t1.5-B75

75

251.62

74.74

1.48

1.01

1025.08

25.95

12.98

12.96

1.00

250x75-t1.5-B100

100

251.84

74.77

1.50

1.00

1050.00

28.98

14.49

14.41

1.01

Mean

1.00

COV

0.01

2.2 Sections coding
In Tables 1 and 2, the sections have been coded so that the nominal section dimension, and the length of
the load and reaction plates can be determined from the coding system. As an example, the label “175×60-t1.5B100-FU” can be explained as follows. The first and second annotations are the nominal sections depth and
width in millimeters. The annotation ''B100'' indicates the load or reaction plate length in millimeters (i.e. 100
mm). ″FU″ indicates flange is unrestrained to the load and reaction plates while ″FR″ represents flange is
restrained to the load and reaction plates. The same definitions were used in the numerical investigation.
2.3 Material properties
Tensile coupons were tested to determine the mechanical material properties of the sections. The
coupons were prepared and tested in an Instron tensile testing machine according to ISO 6892-1 (2009). Ten
coupons were taken from both the longitudinal and transverse directions of the ferritic stainless steel sheets
from which the unlipped sections were press-braked. The average mechanical properties obtained from ten
coupon tests (five tests for each direction) are presented in Table 3. Comparative hot-rolled steel stress strain
curves can be found in Yousefi et al. (2014) and Rezvani et al. (2015).
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Table 2 Measured section details and laboratory and finite element ultimate web crippling strengths under EOF
load case for both flanges restrained and unrestrained to reaction plates
Load
bearing
length

Web
depth

Flange
width

Web
thickness

Filet
ratio

Length
of
channel

Laboratory
load full
pair

Laboratory
load per
web

B
(mm)

d
(mm)

bf
(mm)

t
(mm)

ri/t
(mm)

L
(mm)

PLAB
(kN)

PLAB
(kN)

Finite
element
load per
web
PFEA
(kN)

175x60-t1.5-B50

50

175.51

59.99

1.46

1.03

725.10

18.16

4.54

4.61

0.98

175x60-t1.5-B75

75

175.48

60.03

1.47

1.02

775.25

19.80

4.95

5.01

0.99

Section

Comparison
PLAB/PFEA

Flange unrestrained

175x60-t1.5-B100

100

175.53

60.02

1.45

1.03

825.23

21.52

5.38

5.30

1.02

200x75-t1.5-B50

50

200.54

75.03

1.47

1.02

800.15

17.40

4.35

4.42

0.98

200x75-t1.5-B75

75

200.50

75.00

1.44

1.04

850.34

18.88

4.72

4.78

0.99

200x75-t1.5-B100

100

200.55

75.01

1.46

1.03

900.58

20.24

5.06

5.01

1.01

250x75-t1.5-B50

50

250.61

75.01

1.47

1.02

950.09

15.28

3.82

3.92

0.97

250x75-t1.5-B75

75

250.46

75.00

1.48

1.01

1000.15

16.12

4.03

4.12

0.98

250x75-t1.5-B100

100

250.58

74.99

1.45

1.03

1050.26

17.36

4.34

4.40

0.99

Flange restrained
175x60-t1.5-B50

50

175.67

60.01

1.48

1.01

725.12

23.488

5.87

5.95

0.99

175x60-t1.5-B75

75

175.65

60.07

1.47

1.02

775.26

26.368

6.59

6.64

0.99

175x60-t1.5-B100

100

175.64

60.20

1.49

1.01

825.32

29.504

7.37

7.3

1.01

200x75-t1.5-B50

50

200.48

75.03

1.50

1.00

800.25

22.464

5.61

5.67

0.99

200x75-t1.5-B75

75

200.60

75.01

1.48

1.01

850.17

24.608

6.15

6.21

0.99

200x75-t1.5-B100

100

200.52

75.01

1.48

1.01

900.22

27.136

6.78

6.83

0.99

250x75-t1.5-B50

50

250.50

75.01

1.50

1.00

950.13

19.808

4.95

4.9

1.01

250x75-t1.5-B75

75

250.41

75.00

1.47

1.02

1000.64

21.312

5.32

5.42

0.98

250x75-t1.5-B100

100

250.53

74.99

1.49

1.01

1051.23

22.752

5.68

5.74

0.99

Mean

0.99

COV

0.01

Table 3 Mechanical properties obtained from tensile tests
Nominal
thickness
(mm)

Base metal
thickness
(mm)

Gauge
width
(mm)

Gauge
length
(mm)

Tensile yield
strength ( σ )

Tensile ultimate
strength ( σ )

(MPa)

(MPa)

Longitudinal direction

1.5

1. 47

20

141

280

454

Transverse direction

1.5

1.48

20

141

295

475

Average value

---

---

---

---

288

465

Coupon section

0.2

u

2.4 Laboratory test set-up
The sections were tested under IOF and EOF load cases as per guidelines from AISI S100 Specification
(AISI 2016) and Young and Hancock (2001), as depicted in Figs 3 and 4. The channels were bolted through
the webs to load transfer blocks to provide symmetrical loading. High strength steel of nominal 550 MPa yield
strength were used for the load plates. The load plate was placed at the mid length of the channels, applying the
transverse force through the flanges of the unlipped channels. Half rounds, at each end, simulating pin supports
were used under the load transfer blocks in the line of applied transverse force. The Instron was used to apply a
displacement load to the test sections with a load rate of 0.05 mm/min until failure. Figs. 5 to 8 present the web
crippling test-setup under IOF and EOF loadings while Figs 6 and 8 show the test set-up for with the flanges of
the channels restrained to the load and reaction plates, through bolting of the flanges to the load and reaction
plates.
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(a) IOF loading

(b) EOF loading

Fig. 4 End view of test arrangement for both flanges restrained and unrestrained to load and reaction plates
2.5 Test results
In total, 36 unlipped channels were tested under IOF and EOF load cases. Tables 1 and 2 present the
web crippling test ultimate load per single web, defined as PLAB. Fig. 9 illustrates the typical web crippling
failure mode of the sections for both flange loading conditions. Typical load-displacement responses from
200×75-t1.5-N75-FU and 200×75-t1.5-N75-FR, under the IOF and EOF load cases and for both flanges
restrained and unrestrained to the load and reaction plates can be seen in Figs 10 and 11.

y

x

z

Fig. 5 Laboratory set-up and finite element analysis under IOF load case for unrestrained flanges

y

z

x

Fig. 6 Laboratory set-up and finite element analysis under IOF load case for restrained flanges
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y

x

z

Fig. 7 Laboratory set-up and finite element analysis under EOF load case for unrestrained flanges

y

z

x

Fig. 8 Laboratory set-up and finite element analysis under EOF load case for restrained flanges
3 Numerical Investigation
In this paper, as mentioned in Section 1, the finite element analysis (FEA) models developed use quasistatic analyses with an implicit integration scheme in ABAQUS. In most previous studies in the literature,
where the results of FEA or tests are subsequently used for reliability analysis and design rules proposed, such
as those by Zhou and Young (2007c, 2013), Li and Young (2017a,b), Sundararajah et al. (2017), Nguyen et al.
(2017), Sundararajah et al. (2016), Gunalan and Mahendran (2015), static analyses were used. However, as
mentioned by Natario et al. (2014a,b), there is not always a good agreement in terms of post-buckling
behaviour. For this reason, Natario et al. (2014a,b) proposed a quasi-static analyses with an explicit integration
scheme.
However, as per the ABAQUS manual (2014), due to use of only a conditionally stable operator for
integration of the equations of motion in explicit dynamic analysis, the size of the time increment in a such an
analysis is limited; thus, it requires a large number of time increments for solving a problem which this leads to
a longer computational time. Also, explicit analysis is more appropriate for very large problems, solving high
speed discontinuous short-term events, and problems involving stress wave propagation. If explicit analysis is
used for small scale problems with slow contact events, such as web crippling failure, complex and possibly
unnecessary parameters would need to be needed to accelerate the solution and reduce the computational time,
such as applying density and mass scaling factor, increasing load rate, modifying inertia effects.
In contrast, since having an unconditionally stable operator in implicit dynamic analysis, there is no
limit on the size of the time increment which contributes to it being a more time efficient analysis and simpler
to use for without considering unnecessary parameters. As per the ABAQUS manual, three important factors
for approaching a nonlinear dynamic problem such as: the length of time for which the response is sought, the
size of the problem; and the restrictions of the method.
As mentioned before, in this paper, the finite element analysis (FEA) models developed use quasi-static
analyses with an implicit integration scheme in ABAQUS. Consistent with Natario et al. (2014a,b), for the
quasi-static models with an implicit integration scheme, it was found that the post-buckling behaviour and
elastic stiffness branches were closer to the laboratory results than static analysis. In addition, the quasi-static
models with an implicit integration scheme has many advantages over the previous analyses types, such as
improved convergence behaviour for determining essentially static solutions, applications with complex
material nonlinearity and contacts. Also, quasi-static models with an implicit integration scheme can be used in
a broad range of applications applicable for different numerical solution strategies with monotonic behaviour in
which determining a final static response is interested.
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3.1 Element type – material properties
The quadrilateral finite-membrane-strain S4R shell element was used for modelling the unlipped
channels. S4R is a three-dimensional 4-node doubly curved thin element and is an appropriate element for
most applications, especially for complex buckling behaviour for which it is known to provide accurate and
robust solutions. The general purpose hexahedral C3D8R solid element, appropriate for three-dimensional
modelling, was used for modelling the load plate. The unlipped channels were modelled using their measured
centreline dimensions. The mean mechanical properties conducted from the tensile tests were also used for
engineering stress-strain curve. As per the ABAQUS manual, the engineering material curve is converted into
a true material curve:

σ true = σ (1 + ε )
ε true ( pl ) = ln(1 + ε ) −

(1)

σ true
E

(2)

3.2 Geometry and mesh
Figs. 5 to 8 show the laboratory test arrangement as modelled in the numerical study; as can be seen,
symmetry was used. Typical finite element meshes, as well as the load bearing plates are shown. Finite element
mesh sizes of 8 × 8 mm were used for the load bearing plate and 5 × 5 mm for the unlipped channels. Five
elements were used for the corner region of the channels.
3.3 Boundary conditions and loading procedure
An analytical solid plate was used to simulate the load plate with a reference point constraining the top
surface of the load plate. Symmetry was used for the surfaces of the load transfer blocks, thus also preventing
rotation about the z and y axes and movement in the x direction. Vertical displacement was applied to the load
plate through a reference point. The unlipped channels, load plate, and the interfaces between the unlipped
channels and the load plate were modelled. ″Surface to surface″ contact was used for contact modelling
between the load plate and flange. The flange was the slave surface, while the load plate was the master
surface. Penetration was not allowed between the two contact surfaces. For simulating the bolts, Cartesian
connectors were used.

(a) Flanges unrestrained to load bearing plate

(b) Flanges restrained to load bearing plate
Fig. 9 Failure modes of the sections under IOF load case
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3.4 Finite element verification
The laboratory and the finite element (FE) results were compared. The web crippling ultimate loads per
single web (PLAB) are presented in Tables 1 and 2. The mean ratio of the laboratory results over the FEA results
are 1.00 and 0.99, with a coefficient of variation of COV=0.01. Overall, 3% was the maximum difference for
the section 250x75-t1.5-B50-A0-FU obtained from the FEA and laboratory results for EOF load case. Figs. 10
and 11 compare the vertical load-displacement curves for section 200×75-t1.5 for unlipped channels under IOF
and EOF load cases where flanges are restrained and unrestrained to the load and reaction plates. A good
agreement is shown for both sections. As depicted in Fig. 9, the failure modes are compared against the FEA
model. The failure modes from the finite element results were similar to the experimental failure modes.

Fig. 10 Laboratory and numerical web deformation curves for section 200×75-t1.5-N75 under IOF load case;
(a) Flanges unrestrained to load plate; (b) Flanges restrained to load plate

Fig. 11 Laboratory and numerical web deformation curves for section 200×75-t1.5-N100 under EOF load case;
(a) Flanges restrained to load plate; (b) Flanges unrestrained to load plate
4 Parametric study
The FE model was used for a study on the web crippling strength of channels subjected to IOF and EOF
load cases with flanges restrained and unrestrained to the load and reaction plates. The parameters considered
included different lengths of the load and reaction plates. The cross-section sizes and thicknesses of the
unlipped channels were also varied to obtain web crippling strengths for different load and reaction plates
lengths ratios (B/h and B/t) and height to thickness ratios (h/t). The unlipped channels had different depth sizes,
with thicknesses (t) between 1.45 mm to 6.0 mm. The height-to thickness ratios (h/t) were between 148.92 to
232.63. The length of load and reaction plates (B) were 50 mm, 75 mm and 100 mm. The load and reaction
plates, applying the concentrated forces, were thus considered to cover the full flange widths of the unlipped
channels.
The models have been coded so that the nominal model dimension and the length of the load or reaction
plates can be identified. The web crippling strengths per single web predicted from the FEA as well as
laboratory results for different cross-section dimensions were determined. it is found out that the ultimate web
crippling strengths are affected by the length of the load and reaction plates as well as section thicknesses. As
expected, the web crippling strengths increase with the length of the load and reaction plates. It also can be
seen that the results obtained from the unlipped channels with flanges restrained to the load and reaction plates
are on average 16% higher than those of the unrestrained unlipped channels.
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5

Design comparisons for cold-formed ferritic stainless steel channels
As noted previously, no cold-formed stainless steel standard distinguishes between flanges restrained
and unrestrained to the load and reaction plates i.e. each standard only provides one equation for both flange
conditions. However, as seen in laboratory and numerical studies, the web crippling strengths vary
considerably with regards to the flange condition. The web crippling strengths obtained from the laboratory
and numerical studies are compared to strengths predicted from the stainless steel standards in order to evaluate
the accuracy and suitability of current standards.
In Tables 3 to 4, the web crippling strengths obtained from laboratory and numerical studies are
compared with the results predicted from design standards for the unlipped channels. Table 6 presents the
design comparisons for the IOF load case with flange unrestrained to the load bearing plate. In the EN 1993-14 (CEN 2006) comparison, the mean ratio of the laboratory and numerical results over the results predicted
from EN 1993-1-4 standard is 1.10, giving a coefficient of variation of COV= 0.06. From the Australian
standard (AS/NZS 4673), as well as the American specification (SEI/ASCE-8) comparisons, the mean ratios
are 0.99 and 1.00, respectively, with coefficients of variation of COV= 0.06. Current stainless steel standards
are thus shown to predict the web crippling strength with a 10% conservatism for the IOF load case with flange
unrestrained to the load bearing plate.
Table 3 shows the design comparisons for the EOF load case with flange unrestrained to the reaction
plates. In the EN 1993-1-4 (CEN 2006) comparison, the mean ratio of the laboratory and numerical results
over the results predicted from the EN 1993-1-4 standard is 1.37, giving a coefficient of variation of
COV=0.15. From the Australian standard (AS/NZS 4673) as well as the American specification (SEI/ASCE-8)
comparisons, the mean ratios are 1.23 and 1.24, with the same coefficient of variation of COV=0.15. Current
stainless steel standards are thus shown to predict the web crippling strength with a 37% conservatism for the
EOF load case with flanges unrestrained to the reaction plates.
Table 4 shows the same design comparisons for the EOF load case with flange restrained to the reaction
plates. In the EN 1993-1-4 (CEN 2006) comparison, the mean ratio of the laboratory and numerical results
over the results predicted from the EN 1993-1-4 standard is 1.58, giving a coefficient of variation of
COV=0.13. From the Australian standard (AS/NZS 4673) as well as the American specification (SEI/ASCE-8)
comparisons, the mean ratios are 1.43 and 1.48, with the same coefficient of variation of COV=0.12. Current
stainless steel standards are thus shown to predict the web crippling strength with a 58% conservatism for the
EOF load case with flanges restrained to the reaction plates.
It therefore be seen that EN 1993-1-4 have a more conservative approach towards predicting the web
crippling strengths, in comparison to the Australian standard (AS/NZS 4673) and American specification
(SEI/ASCE-8). A comparison of the obtained values from the aforementioned standards with the results from
the laboratory and numerical studies shows that the strength predictions from the SEI/ASCE-8 specification are
48% higher when compared to the laboratory and numerical failure loads for the EOF load case. The current
web crippling designs are therefore conservative to employ for cold-formed ferritic stainless steel unlipped
channels, under IOF and EOF load cases with flanges restrained and unrestrained to the load and reaction
plates.
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Table 3 Comparison of laboratory and numerical web crippling strengths with design regulations under EOF
load case for flanges unrestrained to reaction plates
Section

EOF 175×60-t1.5-B50- FU

Failure
load

Web crippling strength per web
predicted from current design standards

PF

PASCE

PAS/NZS

P Euro

PNAS

(kN)

(kN)

(kN)

(kN)

(kN)

4.54

3.90

3.89

3.53

Comparison

PF/PASCE

PF/PAS/NZS

PF/PEuro

PF/PNAS

4.11

1.16

1.17

1.29

1.10

EOF 175×60-t4.0-B50- FU

40.29

29.43

29.61

26.49

35.01

1.37

1.36

1.52

1.15

EOF 175×60-t6.0-B50- FU

74.92

65.03

65.48

58.52

76.45

1.15

1.14

1.28

0.98

EOF 175×60-t1.5-B75- FU

4.95

4.60

4.59

4.15

5.06

1.08

1.08

1.19

0.98

EOF 175×60-t4.0-B75- FU

44.26

31.06

31.26

27.96

40.35

1.42

1.42

1.58

1.10

EOF 175×60-t6.0-B75- FU

73.24

67.54

67.99

60.78

87.34

1.08

1.08

1.21

0.84

EOF 175×60-t1.5-B100- FU

5.38

4.93

4.91

4.62

5.44

1.09

1.10

1.16

0.99

EOF 175×60-t4.0-B100-FU

44.16

32.70

32.90

29.43

44.86

1.35

1.34

1.50

0.98

EOF 175×60-t6.0-B100- FU

71.29

70.04

70.51

63.03

96.52

1.02

1.01

1.13

0.74

EOF 200×75-t1.5-B50- FU

4.35

3.96

3.96

3.58

4.16

1.10

1.10

1.22

1.05

EOF 200×75-t4.0-B50- FU

40.73

29.18

29.35

26.26

34.40

1.40

1.39

1.55

1.18

EOF 200×75-t6.0-B50-FU

85.81

64.67

65.10

58.20

75.40

1.33

1.32

1.47

1.14

EOF 200×75-t1.5-B75- FU

4.72

4.47

4.47

4.04

4.89

1.05

1.06

1.17

0.97

EOF 200×75-t4.0-B75- FU

45.81

30.80

30.98

27.72

39.65

1.49

1.48

1.65

1.16

EOF 200×75-t6.0-B75- FU

86.45

67.16

67.60

60.44

86.14

1.29

1.28

1.43

1.00

EOF 200×75-t1.5-B100- FU

5.06

4.86

4.84

4.55

5.33

1.04

1.05

1.11

0.95

EOF 200×75-t4.0-B100- FU

53.63

32.42

32.61

29.18

44.08

1.65

1.64

1.84

1.22

EOF 200×75-t6.0-B100- FU

84.30

69.65

70.11

62.68

95.20

1.21

1.20

1.35

0.89

EOF 250×100-t1.5-B50- FU

3.82

3.69

3.68

3.34

3.83

1.03

1.04

1.14

1.00

EOF 250×100-t4.0-B50- FU

37.74

28.67

28.83

25.81

33.29

1.32

1.31

1.46

1.13

EOF 250×100-t6.0-B50- FU

86.07

63.95

64.35

57.55

73.49

1.35

1.34

1.50

1.17

EOF 250×100-t1.5-B75- FU

4.03

4.17

4.15

3.77

4.50

0.97

0.97

1.07

0.90

EOF 250×100-t4.0-B75- FU

41.41

30.27

30.44

27.25

38.38

1.37

1.36

1.52

1.08

EOF 250×100-t6.0-B75- FU

92.99

66.41

66.83

59.77

83.97

1.40

1.39

1.56

1.11

EOF 250×100-t1.5-B100- FU

4.34

4.65

4.63

4.35

5.06

0.93

0.94

1.00

0.86

EOF 250×100-t4.0-B100- FU

45.60

31.86

32.04

28.68

42.66

1.43

1.42

1.59

1.07

EOF 250×100-t6.0-B100- FU

95.04

68.86

69.30

61.98

92.80

1.38

1.37

1.53

1.02

Mean value, (Pm)

1.24

1.23

1.37

1.03

Coefficient of variation, (Vp)

0.15

0.15

0.15

0.12
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Table 4 Comparison of laboratory and numerical web crippling strengths with design regulations under EOF
load case for flanges restrained to reaction plates
Section

EOF 175×60-t1.5-B50- FR

Failure
load

Web crippling strength per web
predicted from current design standards

PF

PASCE

PAS/NZS

P Euro

PNAS

(kN)

(kN)

(kN)

(kN)

(kN)

5.872

3.88

4.01

3.63

Comparison

PF/PASCE

PF/PAS/NZS

PF/PEuro

PF/PNAS

4.83

1.51

1.47

1.62

1.22

EOF 175×60-t4.0-B50- FR

45.016

28.46

29.61

26.49

32.82

1.58

1.52

1.70

1.37

EOF 175×60-t6.0-B50- FR

77.024

62.89

65.47

58.52

69.44

1.22

1.18

1.32

1.11

EOF 175×60-t1.5-B75- FR

6.592

4.39

4.53

4.10

5.56

1.50

1.46

1.61

1.18

EOF 175×60-t4.0-B75- FR

46.968

30.04

31.26

27.96

36.90

1.56

1.50

1.68

1.27

EOF 175×60-t6.0-B75- FR

76.312

65.31

67.99

60.77

77.28

1.17

1.12

1.26

0.99

EOF 175×60-t1.5-B100- FR

7.376

4.83

4.98

4.67

6.10

1.53

1.48

1.58

1.21

EOF 175×60-t4.0-B100-FR

45.832

31.62

32.90

29.43

40.34

1.45

1.39

1.56

1.14

EOF 175×60-t6.0-B100- FR

74.904

67.73

70.51

63.02

83.89

1.11

1.06

1.19

0.89

EOF 200×75-t1.5-B50- FR

5.616

3.73

3.84

3.48

4.68

1.51

1.46

1.61

1.20

EOF 200×75-t4.0-B50- FR

44.288

28.22

29.35

26.26

32.47

1.57

1.51

1.69

1.36

EOF 200×75-t6.0-B50-FR

87.872

62.55

65.10

58.20

68.85

1.40

1.35

1.51

1.28

EOF 200×75-t1.5-B75- FR

6.152

4.15

4.28

3.88

5.31

1.48

1.44

1.58

1.16

EOF 200×75-t4.0-B75- FR

53.904

29.79

30.98

27.72

36.51

1.81

1.74

1.94

1.48

EOF 200×75-t6.0-B75- FR

88.656

64.95

67.60

60.44

76.62

1.36

1.31

1.47

1.16

EOF 200×75-t1.5-B100- FR

6.784

4.70

4.84

4.55

5.98

1.44

1.40

1.49

1.13

EOF 200×75-t4.0-B100- FR

54.016

31.35

32.61

29.18

39.91

1.72

1.66

1.85

1.35

EOF 200×75-t6.0-B100- FR

87.32

67.36

70.11

62.68

83.18

1.30

1.25

1.39

1.05

EOF 250×100-t1.5-B50- FR

4.952

3.52

3.62

3.29

4.50

1.41

1.37

1.50

1.10

EOF 250×100-t4.0-B50- FR

42.928

27.73

28.83

25.81

31.83

1.55

1.49

1.66

1.35

EOF 250×100-t6.0-B50- FR

89.168

61.84

64.35

57.55

67.76

1.44

1.39

1.55

1.32

EOF 250×100-t1.5-B75- FR

5.328

3.92

4.03

3.67

5.12

1.36

1.32

1.45

1.04

EOF 250×100-t4.0-B75- FR

52.344

29.28

30.44

27.25

35.79

1.79

1.72

1.92

1.46

EOF 250×100-t6.0-B75- FR

97.416

64.22

66.83

59.77

75.42

1.52

1.46

1.63

1.29

EOF 250×100-t1.5-B100- FR

5.688

4.44

4.56

4.30

5.76

1.28

1.25

1.32

0.99

EOF 250×100-t4.0-B100- FR

58.016

30.81

32.04

28.68

39.13

1.88

1.81

2.02

1.48

EOF 250×100-t6.0-B100- FR

96.568

66.60

69.30

61.98

81.87

1.45

1.39

1.56

1.18

Mean value, (Pm)

1.48

1.43

1.58

1.21

Coefficient of variation, (Vp)

0.12

0.12

0.13

0.13
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Proposed design equations and comparison with experimental and numerical analyses results
As noted previously, stainless steel design specifications, particularly EN 1993-1-4 (CEN 2006) as well
as SEI/ASCE-8 (ASCE 2002) provide conservative web crippling strength predictions for cold-formed ferritic
stainless steel unlipped channels. Thus, based on the laboratory and numerical results from this study, web
crippling equations for such channels with flanges restrained and unrestrained to the load and reaction plates
under the IOF and EOF load cases are proposed. The following proposed web crippling equations apply similar
equations as to AISI S100 Standard (AISI 2016):
IOF load case:
Flange is unrestrained to load bearing plate:


R 
N 
h
P=
10.5t 2 f y sin θ 1 − 0.28
1
0.23
1
0.01
+
−



p
t 
t 
t 




(5)
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Flange is restrained to load bearing plate:


R 
N 
h
P=
14.3t 2 f y sin θ 1 − 0.23
1
0.15
1
0.01
+
−



p
t 
t 
t 




(6)


R 
N 
h
Pp = 7t 2 f y sin θ 1 − 0.10
1
0.23
1
0.04
+
−



t 
t 
t 




(7)


R 
N 
h
Pp= 6.3t 2 f y sin θ 1 − 0.20
1
0.24
1
0.02
+
−



t 
t 
t 




(8)

EOF load case:
Flanges are unrestrained to reaction plates:

Flanges are restrained to reaction plates:

In these equations, ″h″ is the plain part of the web depth, ″t″ defines as the web thickness, ″fy ″ indicates σ0.2 of
proof stress (yield stress), ″θ″ defines the angle between the bearing surface and the channel web, and ″N″ is
the load and reaction plates lengths. The limitations for the web crippling equations (7) are N/t ≤ 70.92, h/t ≤
175, and N/h ≤ 0.61.
7

Comparison of the proposed design equations with laboratory and numerical analyses results
As shown in Tables 5 and 6, the ultimate web crippling strengths per single web (PLAB and PFEA) from
laboratory and numerical studies are compared with the predicted values from the proposed design strengths
(PP) using equations (5-8). As can be seen from Tables 5 and 6, the proposed equations for cold-formed ferritic
stainless steel unlipped channels generally provide conservative and reliable web crippling strength
predictions.
In terms of flanges restrained to the load and reaction plates, it is evident from Table 5 that the mean of
the obtained web crippling strength values from the numerical and the laboratory analyses results over the
results from the proposed equations is 1.00, having coefficient of variations of COV=0.06 and 0.08 and having
corresponding reliability index values of β=2.56 and 2.51, for IOF and EOF load cases, respectively. In regard
to flanges unrestrained to the load and reaction plates, it is clear from Table 6 that the mean ratio of the
obtained web crippling strength values from the laboratory and numerical results over the results from the
proposed web crippling equation is also 1.00, having coefficient of variations of COV= 0.04 and 0.07 and
having corresponding reliability index values of β=2.61 and 2.53, for IOF and EOF load cases, respectively.
Thus, the equations proposed for ferritic stainless steel unlipped channels with restrained and unrestrained
flanges reliability predict the web crippling strength of such channels under the IOF and EOF load cases.
Table 5 Web crippling strength comparison for IOF and EOF load cases for restrained flanges
IOF and EOF

ASCE

AS/NZs

EC3

NAS

Proposed

PF/PASCE

PF/PAS/NZs

PF/PEC3

PF/PNAS

PF/Pproposed

IOF

EOF

IOF

EOF

IOF

EOF

IOF

EOF

IOF

EOF

Mean (Pm)

1.16

1.48

1.15

1.43

1.28

1.58

1.12

1.21

1.00

1.00

COV (Vp)

0.08

0.12

0.08

0.12

0.08

0.13

0.06

0.13

0.06

0.08

Resistance factor (ϕ)

0.85

0.85

Reliability index (β)

2.56

2.51

Table 6 Web crippling strength comparison for IOF and EOF load cases for unrestrained flanges
IOF and EOF

ASCE

AS/NZs

EC3

NAS

Proposed

PF/PASCE

PF/PAS/NZs

PF/PEC3

PF/PNAS

PF/Pproposed

IOF

EOF

IOF

EOF

IOF

EOF

IOF

EOF

IOF

EOF

Mean (Pm)

1.00

1.24

0.99

1.23

1.10

1.37

1.19

1.03

1.00

1.00

COV (Vp)

0.06

0.15

0.06

0.15

0.06

0.15

0.09

0.12

0.06

0.08

Resistance factor (ϕ)

0.85

0.85

Reliability index (β)

2.56

2.51
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8 Conclusions
The web crippling strength of cold-formed ferritic stainless steel unlipped channels subject to interiorone-flange (IOF) and end-one-flange (EOF) loading have been considered in this paper. A total of 144 results
have been presented, comprising 36 laboratory and 108 numerical results; the cases of flanges restrained and
unrestrained to the load and reaction plates were covered. In most previous studies mentioned in the
introduction, static analyses were used. However, as mentioned by Natario et al. (2014a,b), there is not always
a good agreement in terms of post-buckling behaviour. For this reason, Natario et al. (2014a,b) proposed a
quasi-static analyses with an explicit integration scheme. However, as per the ABAQUS manual (2014), due to
use of only a conditionally stable operator for integration of the equations of motion in explicit dynamic
analysis, the size of the time increment in a such an analysis is limited; thus, it requires a large number of time
increments for solving a problem which this leads to a longer computational time. Also, explicit analysis is
more appropriate for very large problems, solving high speed discontinuous short-term events, and problems
involving stress wave propagation. Thus, unlike other works in the literature, the numerical analysis in this
paper uses a nonlinear quasi-static finite element analysis with an implicit integration scheme.
The laboratory and numerical investigations have shown current stainless steel design guidance to be
conservative. In terms of design standards, while no cold-formed stainless steel standard distinguishes between
flanges restrained and unrestrained to the load and reaction plates, with each standard providing only one
equation to cover both restrained and unrestrained conditions, the web crippling strengths for the flanges
unrestrained case were found to be higher than those predicted from SEI/ASCE-8 by as much as 24%. Also,
the web crippling strengths for the flanges restrained case were shown to be higher than those predicted from
equations found in the literature by as much as 48%. New web crippling design equations have been proposed;
the proposed equations have been shown to be reliable when compared against the laboratory and numerical
results.
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New Web Crippling Design Rules for Cold-formed Steel Beams
L. Sundararajah1, M.Mahendran2 and P. Keerthan3
Abstract
Lipped channel beams (LCBs) and SupaCee sections are commonly used as floor
joists and bearers in the construction industry. SupaCee section is one of the coldformed steel members, which is increasingly used in the building construction
sector. It is characterized by unique ribbed web and curved lip elements, and is
claimed to be more economical with extra strength than the traditional channel
sections. These thin-walled LCBs and SupaCee sections are subjected to specific
local and global failures, one of them being web crippling. Several experimental
and numerical studies have been conducted in the past to study the web crippling
behaviour and capacities of different cold-formed steel sections under different
concentrated load cases. However, due to the nature of the web crippling
phenomenon and many factors influencing the web crippling capacities, capacity
predictions given by most of the cold-formed steel design standards are either
unconservative or conservative. Hence both experimental and finite element
studies were conducted to assess the web crippling behaviour and strengths of
LCBs and SupaCee sections under ETF, ITF, EOF and IOF load cases. New
equations were proposed to determine the web crippling capacities of LCBs and
SupaCee sections based on the results from experiments and finite element
analyses. Suitable DSM based web crippling design equations were also
developed.
Keywords: Cold-formed Steel Beams, Web Crippling, Lipped Channel Beams,
SupaCee Sections, Experiments, Finite Element Analyses, ETF, ITF, EOF and
IOF Load Cases, Design Rules, Direct Strength Method
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Introduction
Web bearing failure, generally known as web crippling, is a form of localized
failure that occurs at points of transverse concentrated loading or supports of thinwalled steel beams. Lipped channel sections (LCB, Figure 1a) and SupaCee
sections (Figure 1b) that are unstiffened against this type of loading are vulnerable
to web crippling failures (Figure 1). The computation of web crippling strength
using a theoretical analysis is quite complex as it involves many factors such as
web slenderness, web thickness, yield strength and inside bent radius. Hence the
current web bearing design rules found in most specifications for cold-formed
steel structures are empirical in nature developed based on extensive testing of
conventional cold-formed steel sections such as C-, Z- and hat sections and builtup sections in the past.

(a) LCB

(b) SupaCee
Figure 1: Web Crippling Failure

When subjected to concentrated loads and reactions under various loading
conditions, thin-walled cold-formed steel members suffer from bearing failures.
These loading conditions are defined in four categories, based on the location of
load or reaction force through one flange or both flanges. Figure 2 shows the
typical loading conditions specified in the AISI design specification AISI-S100
(AISI, 2012) and AS/NZS 4600 (SA, 2005). Many research studies have been
conducted to investigate the web crippling behaviour of cold-formed steel
sections. But these experimental studies appear to have inconsistencies in test setup and selection of test specimen lengths. Therefore in 2008, American Iron and
Steel Institute published a standard test method, AISI S909 (AISI, 2008) that

101

presents the details of web crippling test set-ups and procedures for use in
experimental studies. However, this AISI test procedure appears to be different
from those used by past research studies. AISI S909 (AISI, 2008) recommends
the following test specimen lengths for the four loading cases.
EOF Loading: Lmin= 3d1+ 3ℓb
IOF Loading: Lmin= 3d1+ 3ℓb
ETF Loading: Lmin= 3d1
ITF Loading: Lmin= 5d1

where;
Lmin = Minimum specimen length
d1= Depth of the flat portion of the web measured along the plane of the web
ℓb = Bearing length

Figure 1: Web Crippling Loading Conditions and Common Parameters
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This paper presents the details of the experimental and numerical studies of LCBs
and SupaCee sections subject to web crippling under ETF, ITF, EOF and IOF load
cases. Using the extensive web crippling capacity data obtained from both
numerical and experimental studies, improved unified web crippling design
equations were developed for LCBs and SupaCee sections. Suitable DSM based
web crippling design equations were also developed.
Experiments
Six different lipped channel beam (LCB) and SupaCee sections (C10010 to
C20024) were chosen from the list of commercially available sections to
incorporate all the influencing parameters such as section depth, thickness and
corner radius. They were made of high strength steels (G450, G500 and G550)
with minimum yield strengths of 450, 500 and 550 MPa. Three different sizes of
bearing plates (25, 50 and 100 mm) were used to attain three types of testing
conditions for ETF, ITF, EOF and IOF load cases shown in Figure 2. Test
specimens were not fastened to the supports. A series of experimental studies
consisting of more than 150 web crippling tests was conducted for LCBs and
SupaCee sections under ETF, ITF, EOF & IOF load cases using an Instron testing
machine. The required specimens were fabricated and their sizes, including the
section depth (d), web thickness (tw) and inside bent radius (ri), were measured.
The support system was designed to ensure that the test beam had pin and roller
supports using a half round, and a smooth surface between a half round and the
testing table, respectively. All web crippling tests were conducted based on AISI
S909 (AISI, 2008) test method. Further details of web crippling tests including
test set-up and procedures and the results are reported in Sundararajah (2016).

Figure 3: Failure Modes of ETF-C10015 Section with 50 mm Bearing Plate
from Experiment and FEA

103

a) Test

b) FEA
Figure 4: Failure modes of IOF-C10010 Section with 100 mm Bearing Plate
from Experiment and FEA

Figure 5: Failure Modes of ETF-SC15012 Section with 50 mm Bearing Plate
from Experiment and FEA
Figures 3 to 5 shows the typical web crippling failure modes from selected
experiments of LCBs and SupaCee sections. Experimental web crippling capacity
results of LCBs and SupaCee sections and their comparisons with predictions
from the leading cold-formed steel design standards (AISI S100 and AS/NZS

104

4600) revealed that the predictions are either unsafe or overconservative for LCBs
and SupaCee sections under most load cases. These experimental results have
highlighted the need to revise the existing web crippling design equations in these
standards. Further details of comparison of web crippling tests and cold-formed
steel design standards are reported in Sundararajah (2016).
Finite Element Analyses
This section presents the details of the development of finite element models of
LCBs and SupaCee sections subject to web crippling using ABAQUS Version
6.14. ETF, ITF, EOF and IOF web crippling tests were simulated using the
measured section dimensions and mechanical properties. The measured
dimensions of LCBs and SupaCee sections were converted to centreline
dimensions in order to accurately represent the section in ABAQUS using middle
surface shell offset definition. LCBs and SupaCee sections were created using 3D
deformable shell elements while loading and support bearing plates were
modelled with discrete rigid elements. All the shell elements used for LCBs and
SupaCee sections were of type S4R, which is a linear four-node reduced
integration shell element with finite strains.
Figures 6 show the developed finite element models of LCB under EOF load case.
Element sizes of the web and flanges were kept to 5 mm × 5 mm. The material
property of developed finite element model was defined based on the tensile
coupon tests of samples taken in the longitudinal direction of the web. The elastic
modulus and Poisson’s ratio of steel were considered as 200,000 MPa and 0.3,
respectively. A single reference point can be assigned to represent the rigid body
elements in ABAQUS. Boundary conditions were assigned to the reference points
of loading and support bearing plates. Simply supported boundary conditions
were assigned to finite element models. In this study surface-to-surface contact
was assigned between shell finite element model representing LCBs and SupaCee
sections and rigid plates.
Quasi-static analytical option was chosen in this study. Kaitila (2004), Natario et
al. (2014) and Sundararajah et al. (2017a,b) also used quasi-static analysis method
for web crippling as an alternative and economical analytical approach. The finiteelement models developed for LCBs and SupaCee sections were validated by
comparing their ultimate capacities, load-displacement curves and failure modes
with those obtained from the web crippling tests. It was found that the developed
finite element models simulated the web crippling behaviour of LCBs and
SupaCee sections under ETF, ITF, EOF and IOF load cases observed in their
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experiments accurately as shown in Figures 3 to 6. Further details of the developed
finite element models and the results are reported in Sundararajah (2016).

a) Experiment (EOF)

Loading
Plate

Support
Plate
Web Side
Plate
Lipped Channel
Beam
Support
Plate
b) FE Model (EOF)
Figure 6: FE Model Simulating the EOF Load Case Test Set-up
(EOF-C15015 Section with 100 mm Bearing Plate)
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4. Parametric Studies
This section presents the details of a parametric study into the web crippling
behaviour of LCBs under ETF, ITF, EOF and IOF load cases using the validated
finite element models described in the previous sections. The objectives of the
parametric study are to investigate the web crippling behaviour of LCBs, develop
an extensive web crippling capacity data base and then to use them to develop
new and/or improved design rules so that their web crippling capacities can be
used effectively to increase their range of applications in the construction industry.
All the tested specimens were considered with their nominal dimensions (t w and
d) in the parametric study. Table 1 shows the details of the parametric study
conducted for LCBs under ETF, ITF, EOF and IOF load cases. In order to
investigate the effect of inside bent radius (ri), bearing length (ℓb) and yield stress
(fy) on web crippling capacities, different inside bent radius (ri = 0,3,5 and 7),
bearing lengths (ℓb = 50, 100 and 150 mm) and yield stresses (fy = 300, 450 and
550 MPa) were considered in the parametric study. Further details of parametric
study results are reported in Sundararajah (2016).
Table 1: Parametric Study of LCBs under ETF, ITF, EOF and IOF load cases
Load Case

Section

ETF-C10010
ETF-C10015
ETF-C15012
ETF, ITF
ETF-C15015
ETF-C20019
ETF-C20024

ITF-C10010
ITF-C10015
ITF-C15012
EOF, IOF
ITF-C15015
ITF-C20019
ITF-C20024

Inside bent radius
ri (mm)
0,3,5,7
0,3,5,7
0,3,5,7
0,3,5,7
0,3,5,7
0,3,5,7

Bearing
length
ℓb (mm)
50,100,150
50,100,150
50,100,150
50,100,150
50,100,150
50,100,150

Test
FEA-Test Validation
Sub-Total
0,3,5,7
50,100,150
0,3,5,7
50,100,150
0,3,5,7
50,100,150
0,3,5,7
50,100,150
0,3,5,7
50,100,150
0,3,5,7
50,100,150
Test
FEA-Test Validation
Sub-Total
Total

Yield stress
fy (MPa)

Number of
Models

300,450,550
300,450,550
300,450,550
300,450,550
300,450,550
300,450,550

36
36
36
36
36
36
18
18
504
36
36
36
36
36
36
18
18
504
1008

300,450,550
300,450,550
300,450,550
300,450,550
300,450,550
300,450,550
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5. Proposed Design Equations
Comparison of the ultimate web crippling capacities showed that the current AISI
S100 (AISI, 2012) and AS/NZS 4600 (SA, 2005) design equations are
unconservative for LCBs and SupaCee sections under ETF and EOF load case,
but are overly conservative for ITF load case. For IOF load case, AS/NZS 4600
and AISI S100 predictions agree reasonably well with experimental and FEA web
crippling capacities. Therefore, improvements were proposed to the currently
used unified web crippling design equation based on experimental and numerical
parametric study results.
Current web crippling design equation (Equation 1) presented in AISI S100 and
AS/NZS 4600 was improved based on the extensive experimental and numerical
studies conducted in this study. Table 2 provides the relevant web crippling
coefficients for each section under all four load cases. Further details of the
proposed design equations are reported in Sundararajah (2016).
𝑟

𝑙

𝑑

𝑡𝑤

𝑡𝑤

𝑡𝑤

(1)

𝑅𝑏 = 𝐶𝑡𝑤2 𝑓𝑦 sin 𝜃 (1 − 𝐶𝑟 √ 𝑖 ) (1 + 𝐶ℓ √ 𝑏 ) (1 − 𝐶𝑤 √ 1 )

where tw = Web thickness, fy = Web yield stress, ℓb = Bearing length, d = Section
depth, d1 = Flat portion of web depth [d1=d-2(ri+tw)], θ = Angle between the plane
of the web and the plane of the bearing surface, C = Coefficient, C r = Coefficient
of inside bent radius, ri = Inside bent radius, Cℓ = Coefficient of bearing length
and Cw = Coefficient of web slenderness.
Table 2: Proposed Web Crippling Coefficients for Channel Sections
No of
Section
Load Case
C
Cr Cℓ Cw Фw
Mean COV
Tests
ETF
5.35 0.22 0.23 0.06 0.76 252 1.00 0.20
LCB

SupaCee

ITF

17.00 0.19 0.05 0.03 0.82

252

1.00

0.15

EOF

7.00 0.19 0.17 0.03 0.81

252

1.00

0.17

IOF

13.10 0.22 0.13 0.01 0.80

252

1.00

0.17

ETF

5.05 0.22 0.23 0.06 0.85

42

1.00

0.12

ITF

14.50 0.19 0.05 0.03 0.85

30

1.00

0.07

EOF

5.95 0.19 0.17 0.03 0.87

42

1.00

0.10

IOF

12.10 0.22 0.13 0.01 0.90

28

1.00

0.07
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A new equation was also proposed in this study for low and high grade steel lipped
channel beams under all four load cases to accurately predict the web crippling
capacities (Equation 2) with corresponding web crippling coefficients presented
in Table 3.
𝑟

𝑙

𝑑

250

𝑡𝑤

𝑡𝑤

𝑡𝑤

𝑓𝑦

𝑅𝑏 = 𝐶𝑡𝑤2 𝑓𝑦 sin 𝜃 (1 − 𝐶𝑟 √ 𝑖 ) (1 + 𝐶ℓ √ 𝑏 ) (1 − 𝐶𝑤 √ 1 ) (1 + 𝐶𝑓 √

(2)

)

where Cf = Coefficient of yield stress and others as defined for Equation 1
Table 3: Proposed Web Crippling Coefficients for Lipped Channel Beams
Load Case

C

Cr

Cℓ

Cw

Cf

Фw

6.85

No of
Mean COV
Tests

ETF

1.03 0.21 0.16 0.06

0.85

252

1.00

0.13

ITF

1.24 0.17 0.04 0.03 16.90 0.88

252

1.00

0.09

EOF

1.30 0.19 0.13 0.04

8.10

0.86

252

1.00

0.11

IOF

2.60 0.22 0.12 0.01

5.50

0.85

252

1.00

0.13

Direct Strength Method (DSM)
DSM based design equations proposed in this research to predict the web crippling
capacities of LCBs and SupaCee sections under all four load cases (ETF, ITF,
EOF and IOF) are given next. Equations pertaining to calculate the critical
buckling load and yield/plastic load are also summarized.
Critical Buckling Load (Rb,cr)
Critical buckling load can be calculated using the standard buckling equation
(Equation 3) with the proposed buckling coefficient equation (Equation 4) and
corresponding coefficients provided in Table 4 for each section.

Rb ,cr 

 2 Ekt w3
12(1   2 )d

(3)
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r
k Pr op  Cb 1  Cb,r i

tw




bf 
 

1  Cb, w d1 1  Cb, b 1  Cb,b

t w 
t w 
t w 


(4)

Table 4: Proposed Coefficients for Buckling Coefficient (k)
Section
LCB

SupaCee

Load Case

Cb

Cb,r

Cb,ℓ Cb,w Cb,b Mean COV

ETF
ITF
EOF
IOF
ETF
ITF
EOF
IOF

0.58
1.84
0.80
3.70
0.62
1.90
0.86
3.96

0.01
0.01
0.01
0.01
0.01
0.01
0.01
0.01

0.05
0.03
0.05
0.02
0.30
0.10
0.05
0.02

0.30
0.10
0.46
0.10
0.05
0.03
0.46
0.10

0.05
0.05
0.03
0.01
0.05
0.05
0.03
0.01

1.00
1.00
1.00
1.00
1.00
1.00
1.00
1.00

0.06
0.07
0.06
0.07
0.05
0.08
0.08
0.07

Yield Load (Rb,y)
Yield load calculation is rather complicated due to the complex web crippling
behaviour. A simplified plastic mechanism study presented in this study allowed
reasonably accurate yield load predictions. Following yield load equations can be
used for each section with relevant yield length equations presented next
(Equations 5 and 6).
2

Rb , y  f y N m ( 4rm2  t w  2rm )

N m   b  a2.5rext  xd1 
Table 5: Proposed Coefficients for Yield Length (N m)
Section
Load Case
a
x
ETF
1
0.50
ITF
2
0.75
LCB & SupaCee
EOF
1
0.90
IOF
2
0.90

(5)
(6)
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DSM Equations
Web crippling capacities of lipped channel beams and SupaCees can be calculated
using the following equation with the power coefficients presented in Table 6.
The DSM based strength curve for the web crippling of channel beams is
presented in Figure 7. Figure 8 shows the comparison of web crippling capacities
of LCBs from test and parametric studies with DSM based design equation – ITF
and EOF Load Cases.
Web crippling slenderness  
When

Rb, y

(7)

Rb,cr

λ ≤ λy

Rb = Rb,y

(8)

(Yield load Rb,y can be calculated using Equations 5 and 6)


 Rb ,cr
Rb
 1  n1 
R
Rb , y 
 b, y


When λ > λy






n2

 R
 b ,cr
 Rb , y







n2

(9)

Table 6: Proposed Coefficients for DSM Equation
Section
LCB

SupaCee

Load Case

λy

n1

n2

Mean

COV

Фw

ETF
ITF
EOF
IOF
ETF
ITF
EOF
IOF

0.71
0.94
0.83
0.78
0.72
0.84
0.58
0.82

0.25
0.10
0.22
0.23
0.25
0.17
0.25
0.17

1.00
0.86
0.84
0.85
0.98
0.70
0.60
0.59

0.90
1.01
1.00
1.00
0.99
1.00
1.01
1.01

0.16
0.16
0.18
0.23
0.16
0.09
0.15
0.17

0.70
0.80
0.75
0.70
0.80
0.85
0.80
0.80
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Rb = Rb,y

λ ≤ λy λ > λy

λy

Figure 7: DSM Web Crippling Strength Curve for Channel Beams

(a) ITF load case
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(b) EOF load case
Figure 8: Comparison of Web Crippling Capacities of LCBs from Tests and
Parametric Studies with DSM based Design Equation – ITF and EOF Load
Cases
Conclusions
This paper has presented the details of new web crippling design rules for coldformed steel beams. More than 150 web crippling tests were first conducted based
on the new AISI S909 standard test method for LCBs and SupaCee sections under
ETF, ITF, EOF and IOF load cases, which were then simulated using ABAQUS
and analysed using quasi-static analysis. Developed finite element models were
validated using test results in terms of failure modes, load-deflection curves and
ultimate capacities. Based on the validated finite element models, a detailed
parametric study was conducted to develop an extensive web crippling capacity
database for LCBs under ETF, ITF, EOF and IOF load cases.
Test and FEA results showed that the current AISI S100 (AISI, 2012) and
AS/NZS 4600 (SA, 2005) design equations are unconservative for LCBs and
SupaCee sections under ETF and EOF load case, but are overly conservative for
ITF load case. For IOF load case, AS/NZS 4600 and AISI S100 predictions agree
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reasonably well with experimental and FEA web crippling capacities. Therefore,
improvements were proposed to the currently used unified web cri
ppling design equation based on experimental and numerical parametric study
results. Only a few attempts have been made in the past to develop direct strength
method (DSM) based design rules for web crippling and most of them were not
developed in the standard DSM format. Therefore, in this study improved design
equations in accordance with the standard DSM format were proposed for LCBs
and SupaCees under ETF, ITF, EOF and IOF load cases. This study has also
developed suitable equations to predict the critical buckling and yield loads of
LCB and SupaCee sections, which are the two main components of DSM.
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Design of Rivet Fastened Rectangular Hollow Flange Channel
Beams Subject to Local Buckling
R. Siahaan1, P. Keerthan2 and M.Mahendran3
Abstract
The innovative, rivet fastened Rectangular Hollow Flange Channel Beam
(RHFCB) is a new type of cold-formed steel section, proposed as an extension to
the widely researched hollow flange beams. The hollow flange beams have
garnered much interest in the past due to the sections having capacities more
typically associated with hot-rolled steel sections. Various researches have been
carried out to investigate the behavior of continuously welded hollow flange
beams but little is known on the behavior of RHFCBs. The structural behaviour
of the RHFCB is unique compared to other conventional cold-formed steel
sections and its moment capacity reduces with rivet spacing. The current coldformed steel design standards do not provide a calculation method to include the
effects of intermittent fastening. In this research an extensive parametric study
was conducted using validated finite element models to investigate the section
moment capacity of RHFCBs. This paper presents the findings from the
parametric study and proposes new design equations for the section moment
capacity of RHFCBs in the Direct Strength Method format. The parametric study
considers various slenderness regions, section dimensions and rivet spacing. In
the new design equations, a reduction factor parameter is included to calculate the
section moment capacity of RHFCBs at any rivet spacing up to 200 mm.
Keywords: Cold-formed Steel Beams, Rivet Fastened Hollow Flange Channel
Beams, Finite Element Analysis, Bending, Local Buckling, Design Equations.
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Introduction
The use of cold-formed steel in the construction industry today is becoming
increasingly important and widespread. The benefits of cold-formed steel
construction are lightweight, ease of transportation and reduced construction cost.
In the past, traditional cold-formed steel sections such as the simple channels (Cs)
and zeds (Zs), are used as purlins. Today, as fabrication technology improves,
more unique cold-formed steel sections are introduced.
Significant to this development is the cold-formed and welded hollow flange
beam, which has been shown by researchers to have capacities similar to those of
hot-rolled steel beams. This superior quality of the section compared to other coldformed steel sections, which are normally governed by local buckling due to free
edges, has garnered much interest even after it was discontinued due to expensive
dual-electric resistance welding used in its fabrication. In the past, the structural
application of hollow flange beams is mainly as flexural members such as bearers
and joists in the residential, industrial and commercial buildings. The first type of
hollow flange beams is known as the Triangular Hollow Flange Beam shown in
Figure 1 (a). With improved manufacturing process and capacity, the second type
of hollow flange beam was developed, known as the LiteSteel beam (LSB)
(Figure 1 (b)). Compared to the first triangular hollow flange beam, the
rectangular flanges of the LSBs provide better connectivity to other members.
Today, both hollow flange beams are discontinued due to expensive dual electric
resistance welding used in the fabrication. However, there are still interests and
demands in the industry for such sections.

(a)
(b)
Figure 1: Hollow Flange Beams
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Figure 2: Rivet Fastened Rectangular Hollow Flange Channel Beam
As part of continuing research in this area, a new type of hollow flange beam
known as the rivet fastened Rectangular Hollow Flange Channel Beam (RHFCB)
was proposed (Figure 2) and investigated. Two cold-formed rectangular hollow
flanges are connected to a web plate using self-pierce rivets at suitable spacings
along the length to form the new hollow flange beam sections. Experimental and
numerical investigations of the section moment capacity of RHFCBs subject to
local buckling have been reported in Siahaan et al. (2016a and 2016b). The
intermittently rivet fastened RHFCB serves as an inexpensive alternative by
eliminating the electric resistance welding process, but still exhibits the
torsionally rigid hollow flange characteristics of hollow flange beams.
The section moment capacities of the RHFCBs subject to local buckling effects
have been investigated using four-point bending arrangement (Siahaan et al.,
2016a). In the experimental investigation of its section moment capacity, the
behaviour of 50 mm rivet fastened RHFCB has been shown to be comparable to
welded hollow flange steel beam (Figure 1 (b)) investigated in Anapayan et al.
(2011). Unlike other conventional cold-formed steel sections, the hollow flange
beams have improved moment capacities due to the presence of torsionally rigid
hollow flanges. Further the additional lips in the RHFCB (Figure 2) contribute to
additional stiffening of the beam. However, the section moment capacity of
RHFCBs reduced with increasing rivet spacing. Subsequently, finite element
models were developed and validated by comparison with the test results (Siahaan
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et al., 2016b). However, they were limited to a few RHFCB sections and three
rivet spacings, and the results are inadequate to develop accurate design rules for
their section moment capacity as a function of RHFCB sizes and rivet spacing. In
this paper, an extensive numerical parametric study of RHFCBs was conducted
using the validated finite element model. The study considered various factors
including RHFCB dimensions, rivet spacing and slenderness of the overall
section.
A detailed numerical parametric study of intermittently fastened RHFCBs was
conducted in this research to determine their section moment capacities including
the inelastic capacity component. This paper describes the details of the
parametric study and presents the results. Comparisons with current design
standards were also made. New design equations were proposed for the section
moment capacity of RHFCBs in the Direct Strength Method (DSM) format. In the
new design equations, a reduction factor parameter was included to calculate the
section moment capacity of RHFCBs at any rivet spacing up to 200 mm.
Parametric study
Finite element model (FEM) to simulate the behaviour of tested rivet fastened
RHFCBs subject to local buckling was developed using MSC/Patran as pre- and
post-processing facility, and analysed using ABAQUS. The RHFCBs were tested
using a four-point bending arrangement and hence the FEM was a half-length
model as shown in Figure 3. The details of the FEM are described in Siahaan et
al. (2016b) where the model was validated by comparison with experimental
results in terms of ultimate moment and failure mode as well as comparison with
elastic local buckling moments from Thin-Wall software. The validated FEM was
then used in an extensive parametric study of many RHFCB sections (Table 1).
Figure 3 shows the simply supported boundary conditions used in the FEM where
ux, uy and uz denote translations and θx, θy and θz denote rotations in the x, y and z
directions, respectively. Here, “0” denotes free while “1” denotes restrained. At
the support, a Single Point Constraint (SPC) of “234” was applied where it is
restrained against in-plane vertical deflection and out-of-plane horizontal
deflection, as well as fixed against twist rotation (i.e. y- and z-axis translation; and
x-axis rotation restrained).
𝑢𝑢𝑥𝑥 = 0 𝑢𝑢𝑦𝑦 = 1 𝑢𝑢𝑧𝑧 = 1 𝜃𝜃𝑥𝑥 = 1 𝜃𝜃𝑦𝑦 = 0 𝜃𝜃𝑧𝑧 = 0

At the loading point, SPC “34” was applied (Figure 3 (b)).
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𝑢𝑢𝑥𝑥 = 0 𝑢𝑢𝑦𝑦 = 0 𝑢𝑢𝑧𝑧 = 1 𝜃𝜃𝑥𝑥 = 1 𝜃𝜃𝑦𝑦 = 0 𝜃𝜃𝑧𝑧 = 0

A symmetrical boundary condition of SPC “156” was applied at the mid-span to
simulate half span modelling used in the FEM.
𝑢𝑢𝑥𝑥 = 1 𝑢𝑢𝑦𝑦 = 0 𝑢𝑢𝑧𝑧 = 0 𝜃𝜃𝑥𝑥 = 0 𝜃𝜃𝑦𝑦 = 1 𝜃𝜃𝑧𝑧 = 1

The FEM incorporated ABAQUS shell element S4R, with mesh sizes of 5 mm x
5mm. In order to simulate web stiffener plates, rigid body R3D4 was used. Nine
integration points through the element thickness were used to model the
distribution of stresses through the thickness of the shell elements. In order to
model the surfaces that come in contact during the simulation at the lip-web-lip
region, contact pair was modelled between the three surfaces. The details of this
complicated contact model can be found in Siahaan et al. (2016) and are as shown
in Figure 4.
Table 1: Nominal Dimensions and Section Properties of Rivet Fastened
RHFCBs

RHFCB Sections
d x bf x df x tf x tw (mm)

d
(mm)

200x75x20x3x3
200x60x20x3x3
200x45x20x3x3
150x45x20x2x2
200x45x20x2x2
250x45x20x2x2
250x75x20x2x3
200x60x20x1.5x3
150x45x20x2x3
200x45x20x2x3
125x45x20x2x2.5

200
200
200
150
200
250
250
200
150
200
125

152x62x19x1.1x1.9
201x62x19x1.1x1.9
250x62x19x1.1x1.9
150x53x18x0.9x1.5
150x53x18x1.1x1.5
201x53x18x0.9x1.9
201x53x18x1.1x1.9
250x62x19x0.9x1.9
250x62x19x1.1x1.5

152
201
250
150
150
201
201
250
250

bf
df
(mm)
(mm)
Group A
75
20
60
20
45
20
45
20
45
20
45
20
75
20
60
20
45
20
45
20
45
20
Group B
62
19
62
19
62
19
53
18
53
18
53
18
53
18
62
19
62
19

tf
(mm)

tw
(mm)

Z
(mm3)

3.0
3.0
3.0
2.0
2.0
2.0
2.0
1.5
2.0
2.0
2.0

3.0
3.0
3.0
2.0
2.0
2.0
3.0
3.0
3.0
3.0
2.5

115200
98700
83860
36830
56830
78790
111700
55990
38830
61070
28270

1.1
1.1
1.1
0.9
1.1
0.9
1.1
0.9
1.1

1.9
1.9
1.9
1.5
1.5
1.9
1.9
1.9
1.5

28760
41820
58330
20120
23860
33380
38810
50090
55020
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In this parametric study, an initial geometric imperfection of d/150 was
considered for local imperfection where “d” is the section depth. Residual stresses
are not considered in the FEM, assuming they are negligible (Siahaan et al.,
2016b). In the analysis, two types of analyses were carried out: elastic buckling
and nonlinear static analyses. Elastic buckling analysis was carried out first and
was used to obtain governing eigenvector for the purpose of including geometric
imperfection. Subsequently, nonlinear static analysis was carried out to
investigate the behaviour of the RHFCB up to failure. Although the RIKS method
is prevalent in obtaining the ultimate load in the analysis of cold-formed steel
sections, general static analysis was employed for the FEM of the RHFCB due to
localized instabilities. The method was incorporated to good success, with the
addition of artificial damping, without affecting the behaviour of the beams
significantly.

(a) Schematic Diagram of FE Model

Support
(SPC 234)

Loading Point
(SPC 34)

Symmetric Plane

Sh

(SPC 156)

(b) Support, Loading Point and Symmetric Plane

(c) Lateral Restraint of Flanges
Figure 3: Finite element model of RHFCB

Lateral
restraint
(SPC 34)

SNEG face of web

Web
(master)

SPOS face of web
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Inner lip
(slave)

(a) Contact Pair Simulation between Web and Inner Lip

SNEG face of web

Outer lip
(slave)

SPOS face of web

Additional web element

Web
(master)

Additional web element
(b) Contact Pair Simulation between Web and Outer Lip
Figure 4: Contact Modeling Details
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Table 1 presents the nominal dimensions of the RHFCBs investigated in the
parametric study. The lengths of the lips and the additional web elements (Figure
2) were 20 mm and 5 mm, respectively, to allow for assembly and fastening of
the section, and were kept constants in this study. Also, the following mechanical
properties are kept constant: Young’s modulus of elasticity (E) = 200,000 MPa;
Poisson’s ratio (v) = 0.3.
Since the RHFCB is not currently available in the market, there is no limitation
on the section dimensions. Therefore, the RHFCBs investigated in this study were
carefully selected based on parameters intended for investigation here: different
combination of flange and web compactness (such as compact, non-compact and
slender), fastener spacing (welded and rivet spacing of 50, 100 and 200 mm),
combination of flange and web thicknesses (tf = tw, and tf < tw), and yield stresses.
In this study, the welded RHFCB was considered as its moment capacity could be
used as the benchmark in investigating the important effects of increasing rivet
spacing on the moment capacity. In Table 1, Group A RHFCBs refer to thicker
sections (mostly compact and non-compact according to AS 4100 (SA, 1998)
classification while Group B refers to more slender RHFCBs which have been
investigated earlier in the experiments and FEM validation (Siahaan et al., 2016a
and 2016b). In this study, the numerical studies of slender, Group B RHFCBs,
were extended by varying the yield stress. Note that AS 4100 hot-rolled steel
classification was used here as the current AS/NZS 4600 (SA, 2005) cold-formed
steel classification does not allow the inclusion of inelastic bending capacity for
hollow flange beams. Table 1 presents the elastic section modulus (Z) values
obtained from Thin-Wall. Further details of the parametric study and FEA results
are reported in Siahaan (2016).
Comparison with current design rules
The numerical parametric study results are compared with the predicted section
moment capacities from Effective Width Method (EWM) in AS/NZS 4600 and
the Direct Strength Method (DSM).
Using the EWM provision in AS/NZS 4600, the section moment capacities (Ms)
of Groups A and B RHFCBs were calculated and are presented in Siahaan (2016).
It is noted that the current design standard does not have any provision for
intermittent rivet spacing. Therefore, the predictions of Ms shown here refer to an
assumed continuous welded connection along the web-flange junction and are
compared with the ultimate moment capacities from FEA (Mu). For Group A

123

RHFCBs, the average Mu/Ms ratios for welded and 50 mm rivet fastened RHFCBs
are 1.20 and 1.13 while they are 1.07 and 0.97, respectively, for RHFCBs rivet
fastened at 100 mm and 200 mm.
Meanwhile for Group B RHFCBs, the average Mu/Ms ratios are 1.01, 0.90 and
0.81, respectively, for 50 mm, 100 mm and 200 mm rivet spacing. Previous
experimental investigation (Siahaan et al., 2016) reported that the behaviour of 50
mm rivet fastened RHFCBs is comparable to that of welded hollow flange beams
(such as the LiteSteel beam) where the AS/NZS 4600 is conservative in predicting
the capacity of 50 mm rivet fastened RHFCBs. The results from this study show
that the current design standard is able to predict the section moment capacities
of 100 mm rivet fastened RHFCBs reasonably well. It is noted that the AISI S100
and AS/NZS 4600 have identical EWM design rules in relation to the section
moment capacities of cold-formed steel beams.
The actual solution of the EWM for intermittently fastened beams is complicated.
The current provisions in AS/NZS 4600 do not allow for the unrestrained edge
conditions between the points of rivet fastening. Therefore, the calculation was
based on an assumed continuous weld fastening. This study confirmed that the
AS/NZS 4600 predictions are conservative for welded RHFCBs with a mean
Mu/Ms ratio of 1.20, but this ratio reduces to 0.97 for Group A RHFCBs with 200
mm rivet spacing for the above reason (such as the lack of continuity along web
to flange junction). Considering the Mu/Ms ratios, however, it is in general
adequate to use the current AS/NZS 4600 design rules for RHFCBs with a
maximum rivet spacing of 100 mm.
The Direct Strength Method (DSM) is an alternative design method, providing a
more straightforward method to compute the section moment capacities of
sections given that the elastic buckling (Mol) and first yield (My) moments are
known. The DSM can be found in the Australian/New Zealand Standard for coldformed steel structures, AS/NZS 4600 (SA, 2005) as well as the AISI S100
Standard (AISI, 2012).
The nominal section moment capacity for local buckling (Mnl) of sections
symmetric about the axis of bending can be calculated using Equations 1 and 2.
𝐹𝐹𝐹𝐹𝐹𝐹 𝜆𝜆𝑙𝑙 ≤ 0.776, 𝑀𝑀𝑛𝑛𝑛𝑛 = 𝑀𝑀𝑦𝑦

(1)
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𝐹𝐹𝐹𝐹𝐹𝐹 𝜆𝜆𝑙𝑙 > 0.776, 𝑀𝑀𝑛𝑛𝑛𝑛 = [1 − 0.15 �

𝑀𝑀𝑜𝑜𝑜𝑜
𝑀𝑀𝑦𝑦

0.4

𝑀𝑀𝑜𝑜𝑜𝑜 0.4
) 𝑀𝑀𝑦𝑦
𝑀𝑀𝑦𝑦

(2)

� ](

where: 𝜆𝜆𝑙𝑙 = �𝑀𝑀𝑦𝑦 /𝑀𝑀𝑜𝑜𝑜𝑜 ; 𝑀𝑀𝑦𝑦 = 𝑍𝑍𝑍𝑍𝑦𝑦 ; Z = elastic section modulus; ƒy = yield stress,
Mol = elastic buckling moment.
In 2012, the AISI S100 standard included a new provision for inelastic reserve
capacity in bending (i.e. where Mnl > My). For sections symmetric about the axis
of bending or sections with first yield in compression, inelastic reserve bending
capacity is given by Equation 3.
(3)
𝐹𝐹𝐹𝐹𝐹𝐹 𝜆𝜆𝑙𝑙 ≤ 0.776, 𝑀𝑀𝑛𝑛𝑛𝑛 = 𝑀𝑀𝑦𝑦 + (1 − 1� 2 )(𝑀𝑀𝑝𝑝 − 𝑀𝑀𝑦𝑦 )
𝐶𝐶𝑦𝑦𝑦𝑦
where: 𝜆𝜆𝑙𝑙 = �𝑀𝑀𝑦𝑦 /𝑀𝑀𝑜𝑜𝑜𝑜 ; 𝐶𝐶𝑦𝑦𝑦𝑦 = �0.776�𝜆𝜆 ≤ 3; 𝑀𝑀𝑦𝑦 = 𝑍𝑍𝑍𝑍𝑦𝑦 ; 𝑀𝑀𝑝𝑝 = 𝑆𝑆𝑓𝑓𝑦𝑦 ; Z =
𝑙𝑙

elastic section modulus; S = plastic section modulus; ƒy = yield stress, Mol = elastic
buckling moment.
1.4
1.2
1
0.8
𝑀𝑀𝑢𝑢
�𝑀𝑀
𝑦𝑦 0.6

Inelastic Reserve Capacity

0.4

DSM

0.2
0

Welded RHFCB

0

0.5

1

1.5

2

2.5

λ𝑙𝑙 = 𝑀𝑀𝑦𝑦 /𝑀𝑀𝑜𝑜𝑜𝑜, 𝑤𝑤𝑤𝑤𝑤𝑤𝑤𝑤

Figure 5: Comparison of Section Moment Capacities with DSM Predictions for
Welded RHFCBs
The section moment capacity predictions using the current DSM based equations
1 to 3 are shown on a DSM plot for welded RHFCBs in Figure 5 using their elastic
local buckling moment (Mol, weld) from Thin-Wall software. The current DSM

125

provision was found to be conservative for welded RHFCBs with most points
scattered above the inelastic reserve capacity line. Then the results of RHFCBs
with 200 mm rivet spacing were plotted on the DSM plot using their respective
elastic local buckling moments (Mol, rivet). In this plot (Figure 6), the results from
experiments and Group A and B parametric study were included. For 200 mm
rivet fastened RHFCBs, the current DSM provision in AS/NZS 4600 and AISI
S100 was unable to predict their section moment capacities (unconservative). This
can be attributed to the fact that for RHFCBs with the same dimensions, the
variation in Mol value with rivet spacing is small while My value remains constant.
As a result, the DSM was not able to capture the reduction due to the loss of
continuous connection along the web to flange junction. Therefore, there is a need
to introduce a separate reduction factor in Equations 1 to 3 to account for the effect
of intermittent rivet fastening (lack of continuity along the web to flange junction)
on the section moment capacity of RHFCBs.
1.4
1.2
1.0
𝑀𝑀𝑢𝑢
�𝑀𝑀
𝑦𝑦

0.8
0.6

Inelastic Reserve Capacity

0.4

DSM

0.2

Parametric A

0.0

Test
Parametric B

0.0

0.5

1.0

1.5

λ𝑙𝑙 = 𝑀𝑀𝑦𝑦 /𝑀𝑀𝑜𝑜𝑜𝑜,𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟

2.0

2.5

Figure 6: Comparison of Section Moment Capacities with DSM Predictions for
Rivet Fastened RHFCBs at 200 mm Spacing
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Proposed design rules for RHFCBs
In Siahaan et al. (2016a), the section moment capacity of rivet fastened RHFCBs
was studied through experimental investigation of 15 rivet fastened RHFCBs. All
tested RFHCBs were more in the slender region with λl values larger than 0.776
(DSM Eq. 2). Based on these test results, the section moment capacity of the rivet
fastened RHFCBs was found to reduce by a factor of 0.0014 with increasing rivet
spacing. Hence a reduction factor was proposed to Eq. 2, which took into
consideration rivet spacing (s) and flange thickness (tf).
In this parametric study, the section moment capacity investigation of the rivet
fastened RHFCBs was significantly extended to beams in various slenderness
regions. Hence, the appropriate design equation for rivet fastened RHFCBs is
further refined here. The study looks into proposing modifications to Eqs. 2 and
3 as they currently do not account for intermittent rivet fastening. Therefore, it is
proposed to introduce an accurate reduction factor qs by considering the effects of
all the potential influential parameters including the important parameter of rivet
spacing.
As the first step into proposing the appropriate qs, various parameters that
influenced this reduction in the section moment capacity of rivet fastened
RHFCBs were identified. These parameters are: rivet spacing (s), full web depth
(d), clear web depth (d1), additional web element (lw), web thickness (tw), flange
width (bf), flange thickness (tf), flange depth (df), lip length (lf), and the yield stress
of the compression flange (ƒy). In this parametric study, the additional web
element (lw), lip length (lf), and flange depth (df) have been kept constant. Among
the three parameters, flange depth (df) was taken to be more influential and so
additional FEA was carried out by varying this parameter.
Using genetic algorithm (evolutionary) solver and all the numerical parametric
study results, a suitable reduction factor (qs) was developed and is shown in
Equation 4. It was developed by including all elements which affect the
deformation behaviour and the section moment capacities of the rivet fastened
RHFCBs. In Equation 4, the first parameter (s/d) accounts for the effect of rivet
spacing. The second and third parameters are in the form of the element’s plate
slenderness ratio. The second parameter was considered to account for web local
buckling where the full web plate was considered ((d1 + 2lw) / tw). Next, the
horizontal flange element was considered to account for flange local buckling
(bf/tf), followed by the adjacent vertical flange element which buckles
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sympathetically with the horizontal flange ((df + lf) / tf). Finally, the critical flange
yield stress is considered.
0.669

qs = 1 − 0.0135�s�d�

d1 + 2lw 0.444 bf 0.1 df + lf 0.1 ƒy
�
�
� �t � �
� �
�
f
tw
tf
250

0.2

(4)

The proposed reduction factor (qs) can then be applied to DSM Equations 2 and
3, respectively, where they now become Equations 5 and 6. Based on the results
of the parametric study also, it is proposed that the λl limit is extended from the
initial value of 0.776 to 0.96. Equations 5 and 6 were proposed based on FEA
results of welded RHFCBs (see Figure 7).
0.50
0.50
𝑀𝑀𝑜𝑜𝑜𝑜,𝑤𝑤𝑤𝑤𝑤𝑤𝑤𝑤
𝑀𝑀𝑜𝑜𝑜𝑜,𝑤𝑤𝑤𝑤𝑤𝑤𝑤𝑤
𝐹𝐹𝐹𝐹𝐹𝐹 𝜆𝜆𝑙𝑙 > 0.96, 𝑀𝑀𝑛𝑛𝑛𝑛 = ��1 − 0.04 �
� ��
�
𝑀𝑀𝑦𝑦 � 𝑞𝑞𝑠𝑠
(5)
𝑀𝑀𝑦𝑦
𝑀𝑀𝑦𝑦
𝐹𝐹𝐹𝐹𝐹𝐹 𝜆𝜆𝑙𝑙 ≤ 0.96, 𝑀𝑀𝑛𝑛𝑛𝑛 = [𝑀𝑀𝑦𝑦 + (1 − �

1

𝐶𝐶𝑦𝑦𝑦𝑦 2

�)(𝑀𝑀𝑝𝑝 − 𝑀𝑀𝑦𝑦 )]𝑞𝑞𝑠𝑠

(6)

where: 𝜆𝜆𝑙𝑙 = �𝑀𝑀𝑦𝑦 /𝑀𝑀𝑜𝑜𝑜𝑜,𝑤𝑤𝑤𝑤𝑤𝑤𝑤𝑤 ; 𝐶𝐶𝑦𝑦𝑦𝑦 = �0.96�𝜆𝜆 ≤ 3; My = first yield moment =
𝑙𝑙

𝑍𝑍𝑍𝑍𝑦𝑦 ; Mp = plastic moment; Mol, weld = elastic buckling moment of welded RHFCB,
qs = reduction factor (Eq. 4).
Next, the reduction factors (qs) calculated using Eq. (4) for all RHFCBs in this
parametric study were compared with the values from FEA (Mu, rivet /Mu, weld).
Taking the ratio of qs (FEA) to qs (Eq. 4), the mean was 1.00 with a CoV of 0.047. This
suggests good agreement between the proposed Eq. (4) and FEA values.
It can be seen that using Equation 6, the current plot is still conservative where
many data points still remain above the inelastic reserve capacity line (Figure 7).
Therefore, Eq. 6 was further refined to Eq. 7. The updated DSM plot using the
proposed curved inelastic reserve capacity equation (Eq. (6)) is shown in Figure
7, which shows a better fit.
𝐹𝐹𝐹𝐹𝐹𝐹 𝜆𝜆𝑙𝑙 ≤ 0.96, 𝑀𝑀𝑛𝑛𝑛𝑛 = [𝑀𝑀𝑦𝑦 + (1 − �

1

𝐶𝐶𝑦𝑦𝑦𝑦

3

2 � )(𝑀𝑀𝑝𝑝 − 𝑀𝑀𝑦𝑦 )]𝑞𝑞𝑠𝑠

(7)
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where: all the parameters are as defined for Eq. 6.
As a summary, the DSM provision in AISI S100 (Eqs. 1 to 3), AS/NZS 4600 (Eqs.
1 and 2) and the newly proposed Eqs. 5 and 6 and Eqs. 5 and 7 are compared in
Siahaan (2016). In general, the AS/NZS 4600 was found to be over-conservative
by 15% due to the exclusion of inelastic reserve capacity in RHFCBs. The current
DSM in AISI S100, despite having a provision for inelastic reserve capacity for
cold-formed steel beams, showed under-prediction by 11%. Meanwhile, the
initially proposed Eqs. 5 and 6 showed good agreement with a mean value of 1.05.
The finally proposed Eqs. 5 and 7 showed much better agreement with a mean
value of 1.00 and a CoV of 0.074. Therefore proposed that Eqs. 5 and 7 are used
in the design of RHFCBs subject to local buckling effects for rivet spacing of up
to 200 mm.
1.6
1.4
1.2
𝑀𝑀𝑢𝑢 /𝑀𝑀𝑦𝑦

1.0
0.8
0.6

Current DSM (without Inelastic Reserve Capacity)
Current DSM with Inelastic Reserve Capacity (AISI)
Proposed
ProposedDSM
Eq. 5(Eq. 13)
Proposed
ProposedInelastic
Eq. 6 Reserve Capacity (Eq. 14)
ProposedInelastic
Eq. 7 Reserve Capacity (Eq. 15)
Proposed
RHFCB(Parametric
(ParametricStudy
StudyFEA)
FEA)
RHFCB

0.4
0.2
0.0

0.0

0.5

λ=

1.0

𝑀𝑀𝑦𝑦 /𝑀𝑀𝑜𝑜𝑜𝑜,𝑤𝑤𝑤𝑤𝑤𝑤𝑤𝑤

1.5

2.0

Figure 7: DSM Prediction using the Proposed DSM and Inelastic Reserve
Capacity Equations 6 and 7 (Welded RHFCBs)
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Conclusions
A numerical parametric study was conducted on the section moment capacities of
rivet fastened RHFCBs, considering various aspects including: flange and web
compactness, rivet fastener spacing, flange and web thicknesses and yield
stresses. Comparison with the predictions from the effective width method based
design equations in AS/NZS 4600 and AISI S100 showed that it is conservative
for welded and 50 mm rivet fastened RHFCBs despite the assumption of
continuity along the web to flange junction. A new proposal was made to the
current DSM equations by introducing a reduction factor (qs) to account for the
loss of moment capacity due to intermittent rivet fastening. Suitable modifications
were also made to include the available inelastic reserve bending capacity of
RHFCBs accurately. Comparisons with the numerical parametric study results
demonstrated the accuracy of the modified DSM equations.
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Web Crippling of Cold-Formed High Strength Steel Square
and Rectangular Hollow Sections under Two-Flange Loading
Conditions
Hai-Ting Li1 and Ben Young2
Abstract
The web crippling behavior of cold-formed high strength steel (HSS) square and
rectangular hollow sections under End-Two-Flange and Interior-Two-Flange
loading conditions is studied. The cold-formed HSS tubular sections had nominal
0.2% proof stresses of 700 and 900 MPa. Finite element (FE) models were
developed and validated against test results, showing the capability of replicating
the experimental web crippling strengths, failure modes and load-deformation
histories. Upon validation of the FE models, an extensive parametric study
comprised 112 FE analyses was performed. The web crippling strengths obtained
from the experimental and numerical investigations were compared with the
nominal strengths calculated from the North American Specification,
Australian/New Zealand Standard and European Code for cold-formed steel
structures. The comparison results show that the nominal strengths predicted by
the existing codified web crippling design provisions are either unconservative or
overly conservative. Hence, new design rules are proposed for cold-formed HSS
square and rectangular hollow sections by means of Direct Strength Method
(DSM). It is shown that the modified DSM is able to provide reasonably good
predictions.
Introduction
Cold-formed steel tubular sections, which are often difficult and uneconomical to
be stiffened by transverse stiffeners, are vulnerable to web crippling failure when
subjected to concentrated transverse forces. Many studies have been conducted to
investigate the web crippling behavior of cold-formed steel open sections,
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including recently introduced Direct Strength Method (DSM) based web crippling
design rules by Gunalan & Mahendran (2015), Natário et al. (2016, 2017) and
Heurkens et al. (2018). To date, however, investigation on cold-formed steel
tubular sections undergoing web crippling is rather limited.
High strength steels have attracted attention in structural applications due to their
excellent strength-to-weight ratios that could lead to lighter and elegant structures.
The objective of this paper is to provide reliable design rules for cold-formed high
strength steel (HSS) square and rectangular hollow sections subjected to web
crippling under the two-flange loading conditions. Finite element (FE) models
were developed and validated against the web crippling tests reported previously
by the authors (Li & Young, 2017a). The End-Two-Flange (ETF) and InteriorTwo-Flange (ITF) loading conditions, as specified in the North American
Specification (NAS, 2016a) and Australian/New Zealand Standard (AS/NZS,
2005), were investigated. Upon validation of the FE models, an extensive
parametric study was performed. The applicability of the codified web crippling
provisions in the NAS (2016a), AS/NZS (2005) and European Code (EC3, 2006)
to cold-formed HSS tubular sections was assessed. Web crippling design rules
based on DSM are proposed for cold-formed HSS square and rectangular hollow
sections under the codified two-flange loading conditions.
Experimental Investigation
Summary of Web Crippling Test Program
A total of 36 web crippling tests was conducted by the authors (Li & Young,
2017a) on cold-formed HSS tubular sections under the ETF and ITF loading
conditions. The tests were carried out on square and rectangular hollow sections
(SHS and RHS) with measured 0.2% proof stresses ranged from 679 to 1025 MPa
(obtained from longitudinal tensile flat coupon tests). The measured section web
slenderness ratios h/t ranged from 8.3 to 35.6, in which h is the depth of the web
flat portion and t is the web thickness. The specimen lengths L were determined
as per the NAS (2016a) and AS/NZS (2005). The loading or reaction forces were
applied through steel bearing plates and the bearing plates were acted across fullflange widths excluding the corners of the sections. All flanges of the cold-formed
SHS and RHS specimens were not fastened to the bearing plates. The web
crippling test program is detailed in Li & Young (2017a).
Corner Coupon Tests
The material properties of the cold-formed HSS tubular specimens were obtained
by coupon tests. Longitudinal tensile and transverse compressive flat coupon tests
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were conducted, as reported by Li & Young (2017a). It should be noted that, due
to cold-working, the corner regions of the cold-formed SHS and RHS were
strengthened, and therefore, exhibited enhanced yield stresses and ultimate
strengths compared to their flat counterparts. Hence, in order to obtain material
properties of the highly cold-worked corners, longitudinal tensile corner coupon
tests were conducted and are reported in the present study. The corner coupons
were extracted from the SHS and RHS (opposite to the weld) in the longitudinal
direction and an MTS material testing machine was used to conduct the tensile
corner coupon tests. For each coupon test, the instrumentation comprised of two
strain gauges and a calibrated 25 mm gauge length MTS extensometer. The tensile
corner coupon specimens were loaded through two pins and the test procedures
were in accordance with those described by Li & Young (2017a) for tensile flat
coupon tests. Table 1 summarizes the material properties determined from the
corner coupon tests, namely, Young’s moduli (Ec), 0.2% proof stresses (σ0.2,c),
tensile strengths (σu,c) and fracture strains (εf,c) based on a 25 mm gauge length.
The corner material properties were also incorporated in numerical modeling.
Table 1: Material properties obtained from corner coupon tests
Section
Ec
σ0.2,c
σu,c
εf,c
(H×B×t)
(GPa)
(MPa)
(MPa)
(%)
H80×80×4
214.2
877
945
12.2
H120×120×4
213.0
875
952
11.6
H160×160×4
216.2
899
992
11.7
H50×100×4
207.2
860
932
11.8
H50×100×4-R†
203.9
868
955
11.9
V80×80×4
208.5
1151
1293
10.5
V100×100×4
219.6
1073
1175
11.1
V120×120×4
209.2
1079
1195
11.5
Note: †Repeated coupon test.
Numerical Modelling
The finite element (FE) program ABAQUS (2012) was used to develop FE
models for simulating the web crippling tests that reported previously by the
authors (Li & Young, 2017a). The FE models were built on the measured
geometries of the test specimens. The four-node doubly curved shell element S4R
was selected herein to simulate the cold-formed HSS tubular specimens. The steel
bearing plates were modeled using discrete rigid 3D solid elements. The mesh
sizes applied in the flat portions of the SHS and RHS ranged from 4×4 mm to
12×12 mm depending on the size of the sections and finer meshes at the round
corners were employed. The elastic parts of the material properties were
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represented by the measured Young’s moduli with a Poisson’s ratio of 0.3. For
the inelastic parts, the material nonlinearities of the cold-formed HSS tubular
sections were incorporated into the FE models by specifying true stress and true
plastic strain data, which were based on the measured engineering stress-strain
curves obtained from the coupon tests. In the FE models, the compressive flat
material properties in the transverse direction were used for the webs of the SHS
and RHS, whereas the tensile flat material properties were used for the flanges.
The tensile corner material properties with the extension of 2t beyond the curved
portions to the adjacent flat regions were applied in the FE models.
The boundary conditions were modeled in accordance with the web crippling
tests. The transverse bearing forces (and reaction forces) were transferred to the
tubular specimens through bearing plates. Contact pairs were used in the FE
models to define the surface interactions between the tubular specimens and the
bearing plates. The master and slave surfaces were defined in the rigid bearing
plates and the deformable cold-formed HSS tubular specimens, respectively. It is
noteworthy that the corner regions of the HSS tubular sections underwent large
plastic deformations and contacted the bearing plates gradually during the tests.
Hence, in the FE models, the corner elements were also included in the slave
surfaces along with the flange elements. The “hard” contact was employed for the
contact property in the normal direction. For the contact property in the tangential
direction, the friction penalty contact with a friction coefficient of 0.4 was applied.
The loads were applied to the HSS tubular specimens by specifying axial
displacements to the reference points of the bearing plates, which was identical to
the web crippling tests.
Validation of Finite Element Models
Web crippling strengths per web (PFEA) derived from the FE analyses were
compared with the corresponding experimental strengths per web (PExp) reported
by Li & Young (2017a). The mean values of the PExp / PFEA were 0.99 and 0.98
with the corresponding coefficients of variation (COVs) of 0.067 and 0.044 for
the ETF and ITF specimens, as shown in Tables 2 and 3, respectively. Typical
numerical failure modes were compared with their experimental counterparts, as
displayed in Figure 1. Typical load-deformation curves that derived numerically
were also compared with their experimental counterparts, as shown in Figure 2.
It can be concluded that the FE models, which make use of both flat and corner
material properties, are capable of replicating the behavior of cold-formed HSS
tubular sections undergoing web crippling.
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Table 2: Comparison of test and FE strengths for ETF loading condition
Specimen
Test^
FEA
Comparison
PExp (kN)
PFEA (kN)
PExp / PFEA
ETF-H80×80×4N90
75.7
81.6
0.93
ETF-H80×80×4N50
55.2
53.1
1.04
ETF-H120×120×4N120
79.6
81.9
0.97
ETF-H120×120×4N60
53.9
54.6
0.99
ETF-H160×160×4N150
72.6
77.3
0.94
ETF-H160×160×4N90
57.2
59.8
0.96
ETF-H50×100×4N90
100.0
94.0
1.06
ETF-H50×100×4N50-1
66.7
59.7
1.12
ETF-H50×100×4N50-2
66.6
59.7
1.12
ETF-H100×50×4N50
51.0
51.6
0.99
ETF-H100×50×4N30-1
38.3
37.8
1.01
ETF-H100×50×4N30-2
36.6
37.7
0.97
ETF-V80×80×4N90
87.3
91.0
0.96
ETF-V80×80×4N50
60.8
59.3
1.03
ETF-V100×100×4N90
66.6
76.2
0.87
ETF-V100×100×4N50
50.1
51.7
0.97
ETF-V120×120×4N120
77.5
86.1
0.90
ETF-V120×120×4N60
55.9
58.5
0.96
Mean
0.99
COV
0.067
Note: ^ Conducted by Li & Young (2017a).
Table 3: Comparison of test and FE strengths for ITF loading condition
Specimen
Test^
FEA
Comparison
PExp (kN)
PFEA (kN)
PExp / PFEA
ITF-H80×80×4N90
137.7
141.5
0.97
ITF-H80×80×4N50
120.0
114.8
1.04
ITF-H120×120×4N120
152.9
157.6
0.97
ITF-H120×120×4N60
139.4
131.4
1.06
ITF-H160×160×4N150
164.0
172.1
0.95
ITF-H160×160×4N90
148.9
153.9
0.97
ITF-H50×100×4N90-1
144.2
148.2
0.97
ITF-H50×100×4N90-2
143.3
148.2
0.97
ITF-H50×100×4N50
118.1
112.4
1.05
ITF-H100×50×4N50
125.1
117.0
1.07
ITF-H100×50×4N30-1
98.9
104.3
0.95
ITF-H100×50×4N30-2
97.6
104.3
0.94
ITF-V80×80×4N90
164.3
168.9
0.97
ITF-V80×80×4N50
140.3
144.2
0.97
ITF-V100×100×4N90
150.7
155.2
0.97
ITF-V100×100×4N50
131.1
142.0
0.92
ITF-V120×120×4N120
175.9
182.5
0.96
ITF-V120×120×4N60
150.7
154.4
0.98
Mean
0.98
COV
0.044
Note: ^ Conducted by Li & Young (2017a).
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(a) ETF-H120×120×4N120
(b) ITF-H160×160×4N90
Figure 1: Typical experimental and numerical failure modes
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Figure 2: Load-deformation curves for specimens ETF-H120×120×4N60 and
ITF-H120×120×4N60
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Parametric Study
Upon validation, FE analyses were carried out using the validated FE models to
generate numerical data covering a wide range of web slenderness ratios h/t,
bearing length to web flat portion ratios N/h and bearing length to thickness ratios
N/t. The parametric study performed in this study covered 16 SHS and 12 RHS,
and these tubular sections were selected from the range of practical cross-section
sizes for structural applications. The cross-sectional dimensions (H×B×t) of the
HSS tubular sections varied between 150×150×4 and 400×200×8 with the h/t
ratios ranged from 10 to 106, where H is the overall web height, B is the overall
flange width, t is the thickness and h is the web flat portion depth. Two different
bearing lengths (N) were designed for each cross-section and the N were either
full or half of the overall flange width B. The N/h ratios varied between 0.3 and
1.5 and the N/t ratios ranged from 7.5 to 110.0. The specimen lengths in the
parametric study were determined in accordance with the NAS (2016a) and
AS/NZS (2005).
Similar to the test program (Li & Young, 2017a), the cold-formed HSS square
and rectangular hollow sections investigated in the parametric study covered two
steel grades: 700 and 900 MPa, being referred as “H” and “V” series, respectively.
The measured material properties of the sections H160×160×4 and V100×100×4
were used for the “H” and “V” series, respectively. The compressive flat material
properties were used for the webs, while the tensile flat material properties were
used for the flanges of the HSS tubular sections. The tensile corner material
properties were applied to the curved corners of the sections with the extension of
2t to the adjacent flat regions. A total of 112 results were generated in the
parametric study.
Existing Design Provisions and Comparison with Web Crippling Strengths
The applicability of the codified web crippling provisions, as given in the NAS
(2016a), AS/NZS (2005) and EC3 (2006), to cold-formed HSS square and
rectangular hollow sections was evaluated by comparing the test and FE strengths
per web (Pu) with the nominal strengths per web calculated from these provisions.
The tensile and compressive material properties of flat coupons, as detailed in Li
T
& Young (2017a), were used to calculate the nominal strengths per web Ppred
and
C
for the NAS (2016a), AS/NZS (2005) and EC3 (2006), respectively. The
Ppred

T
C
comparison of the Pu with the Ppred
and the Ppred
for the ETF and ITF specimens
are shown in Tables 4 and 5.
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North American Specification
Purely theoretical analysis for cold-formed steel members undergoing web
crippling has been found quite complicated (NAS, 2016b). The provisions in the
NAS (2016a) for members subjected to web crippling are empirical, which have
been developed based on experimental investigations carried out since the 1940s.
A unified equation has been used by the NAS (2016a) for web crippling check of
cold-formed steel sections. The unified equation is capable of accommodating
various cross-section geometries through different sets of coefficients.
T
C
Overall, the nominal strengths per web, PNAS
and PNAS
, that calculated using the
0.2% proof stresses from tensile and compressive flat coupon tests, respectively,
were unconservative, as shown in Tables 4 and 5. The mean values of the test and
T
FE-to-predicted strength ratios Pu PNAS
were 0.62 and 0.68 with the
corresponding COVs of 0.202 and 0.162 for the ETF and ITF specimens,
C
respectively. The mean values of the Pu PNAS
were 0.55 and 0.60 with the COVs
of 0.206 and 0.168 for the ETF and ITF specimens, respectively.

Australian/New Zealand Standard
The AS/NZS (2005) has adopted its web crippling provisions from the NAS (the
2001 edition). Although the NAS has been revised three times in 2007, 2012 and
2016, the web crippling coefficients were updated only for built-up sections and
multi-web deck sections. Therefore, the web crippling strengths of the coldformed HSS tubular sections predicted by the NAS (2016a) and AS/NZS (2005)
are identical.
European Code
The EC3 (2006) provides provisions to calculate the web crippling strength
(known as the local transverse resistance of the web) for cold-formed steel
sections. According to Figure 6.9 of the EC3 (2006), the ETF and ITF loading
conditions that specified in the NAS (2016a) and AS/NZS (2005) belong to
Category 1 in the EC3 (2006). The web crippling coefficient used in this study
was 0.057 for the Category 1.
The nominal strengths per web predicted by the EC3 (2006) had great
T
conservatism. The mean values of the Pu PEC3
were 2.58 and 6.39 with the
corresponding COVs of 0.247 and 0.159 for the ETF and ITF specimens,
C
respectively. Similar results were also found for the Pu PEC3
, as shown in Tables
4 and 5. It should be noted that, although the cold-formed HSS tubular sections
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were loaded with various bearing lengths, the provisions in the EC3 (2006) for
cross-sections with two or more unstiffened webs used a constant bearing length
of 10 mm in calculating the web crippling strengths for the ETF and ITF (Category
1) specimens. In this study, it was found that the web crippling strengths could be
increased by 66% and 31% through increasing the bearing lengths for the ETF
and ITF loading conditions, respectively. Therefore, it is worth to compare the
design predictions using the actual bearing lengths instead of 10 mm as specified
in the EC3 (2006).
T
C
The Pu were compared with the PEC3#
and PEC3#
that calculated using the actual
T
bearing lengths, as shown in Tables 4 and 5. The mean values of the Pu PEC3#
were 1.52 and 3.74 with the corresponding COVs of 0.234 and 0.127 for the ETF
C
and ITF specimens, respectively. The mean values of the Pu PEC3#
were 1.40 and
3.45 with the corresponding COVs of 0.225 and 0.132 for the ETF and ITF
specimens, respectively. Overall, the EC3 (2006) provided quite conservative
predictions for the ETF and ITF loading conditions when the actual bearing
lengths were used in the calculations. It should be noted that, for a given tubular
section, web crippling strengths predicted by the EC3 (2006) for the ETF and ITF
loading conditions, using either the actual values or 10 mm as the bearing length,
will be identical. This is due to the reason that these two loading conditions that
specified in the NAS (2016a) and AS/NZS (2005) belong to the same category
according to the EC3 (2006).

Table 4: Comparison results for ETF loading condition
NAS
EC3
DSM
Pu
Pu
Pu
Pu
Pu
Pu
Pu
Pu
No. of tests: 18
T
C
T
C
T
C
T
C
P
P
P
P
P
P
P
P
No. of FE: 56
DSM
DSM
EC3#
EC3#
NAS
NAS
EC3
EC3
Mean
0.62 0.55 2.58 2.38 1.52 1.40 1.08 1.00
COV
0.202 0.206 0.247 0.246 0.234 0.225 0.134 0.140
ETF

Table 5: Comparison results for ITF loading condition
NAS
EC3
DSM
ITF
Pu
Pu
Pu
Pu
Pu
Pu
Pu
Pu
No. of tests: 18
T
C
T
C
T
C
T
C
P
P
P
P
P
P
P
P
No. of FE: 56
NAS
NAS
EC3
EC3
EC3#
EC3#
DSM
DSM
Mean
0.68 0.60 6.39 5.90 3.74 3.45 1.08 1.00
COV
0.162 0.168 0.159 0.168 0.127 0.132 0.121 0.135
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Modified Direct Strength Method and Comparison with Web Crippling
Strengths
The nominal web crippling strengths predicted by the NAS (2016a), AS/NZS
(2005) and EC3 (2006) were either generally unconservative or overly
conservative for the cold-formed HSS square and rectangular hollow sections.
Therefore, improved design rules are proposed for the cold-formed HSS tubular
sections undergoing web crippling in this study. Direct Strength Method (DSM)
was introduced into the North American Specification since 2004. However, the
current international standards, including the NAS (2016a), do not provide
provisions for members undergoing web crippling based on DSM. Recently,
attempts have been made by other researchers (e.g., Gunalan & Mahendran, 2015;
Natário et al., 2016; Heurkens et al., 2018) applying DSM to cold-formed steel
sections undergoing web crippling. It is noteworthy that these attempts were
focused on cold-formed steel open sections only. The authors have previously
proposed DSM for cold-formed ferritic stainless steel tubular sections undergoing
web crippling for end loading (EL) and interior load (IL) conditions (Li & Young,
2017b). In this study, the DSM is modified for cold-formed HSS square and
rectangular hollow sections subjected to the two-flange loading conditions (ETF
and ITF). To develop DSM for members undergoing web crippling, bearing
buckling strength Pcr and bearing yield strength Py are needed for determining the
web crippling strength PDSM. The determination of the Pcr and Py in Clause 5.13
of the AS4100 (1998) are adopted in this study. However, it should be noted that
the Pcr and Py in the AS4100 (1998) were developed for EL and IL conditions
only instead of the codified two-flange loading conditions in the NAS (2016a) and
AS/NZS (2005).
To obtain the Pcr, the webs were treated in the same way as columns subjected to
compression. The “column” length was equal to the web flat portion h. The crosssectional area of the “column” was taken as a mechanism length Nm multiplied by
the web thickness t. The employed section constant value αb was 0.5 and the form
factor kf of 1.0 was used. The geometrical slenderness ratios were taken as 3.8h/t
and 3.5h/t for the ETF and ITF loading conditions, respectively. The bearing
buckling strengths per web for cold-formed square and rectangular hollow
sections can be computed by the following equation:

Pcr   c tN m 0.2

(1)

in which, αc is the slenderness reduction factor which can be calculated from the
Clause 6.3.3 of the AS4100 (1998); Nm is the mechanism length as expressed in
Eq. (2).

141

 N  2.5R  0.5h for ETF
Nm  
for ITF
 N  5R  h

(2)

in which, N is the bearing length; R is outer corner radius; h is the web flat portion.
The codified Py of SHS and RHS webs as per the AS4100 (1998) were based on
yield line mechanism analyses performed by Zhao & Hancock (1992, 1995). It
should be noted that the web crippling loading conditions studied by Zhao &
Hancock (1992, 1995) are not identical to the codified loading conditions in NAS
(2016a) and AS/NZS (2005). In this study, the mechanism model proposed by
Zhao & Hancock (1995) was used in the Py calculations for the ETF and ITF
loading conditions. This is due to the reason that the failure modes observed from
the ETF and ITF specimens were similar to the mechanism model proposed by
Zhao & Hancock (1995). The bearing yield strengths per web can be obtained as
follows:
Py   p tN m 0.2

(3)

 p  2  ks2  ks

(4)

in which, ks = 2R/t-1.
The proposed web crippling strength per web, PDSM, based on the DSM is shown
in Eq. (5), which was previously proposed by Li & Young (2017b) for coldformed ferritic stainless steel tubular sections. The modified coefficients a, b, n,
λk and γ for cold-formed HSS tubular sections under ETF and ITF loading
conditions are tabulated in Table 6. The validity limits are 690 ≤ σ0.2 < 1200 MPa,
10 ≤ h/t ≤ 110, r/t ≤ 1.7, N/t ≤ 110, N/h ≤ 2.7 and θ = 90°.
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in which, λ = (Py /Pcr)0.5 is the web crippling slenderness ratio.

(5)

Figures 3 and 4 show the comparisons of Pu with PDSM for the ETF and ITF
specimens, respectively. In Figures 3 and 4, the data points calculated using the
tensile and compressive flat material properties were indicated by “(T)” and “(C)”
T
in their figure legends, respectively. The mean values of the Pu PDSM
were 1.08
and 1.08 with the COVs of 0.134 and 0.121 for the ETF and ITF specimens,
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C
respectively, as shown in Tables 4 and 5. The mean values of the Pu PDSM
were
1.00 and 1.00 with the COVs of 0.140 and 0.135 for the ETF and ITF specimens,
respectively. It can be concluded that the modified DSM provided reasonably
good predictions for cold-formed HSS tubular sections undergoing web crippling.
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Figure 3: Comparison of test and FE results with modified DSM curve for ETF
loading condition
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Figure 4: Comparison of test and FE results with modified DSM curve for ITF
loading condition
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Table 6: Proposed coefficients for design rules based on DSM
Load cases
a
b
n
λk
γ
ETF
0.69
0.22
0.58
0.560
0.77
ITF
1.08
0.27
0.52
0.566
1.00
Note: The above coefficients apply when 690 ≤ σ0.2 < 1200 MPa, 10 ≤ h/t ≤ 110,
r/t ≤ 1.7, N/t ≤ 110, N/h ≤ 2.7 and θ = 90°.
Conclusions
Cold-formed high strength steel (HSS) square and rectangular hollow sections
undergoing web crippling have been investigated. The End-Two-Flange and
Interior-Two-Flange loading conditions as specified in the North American
Specification (NAS, 2016a) and Australian/New Zealand Standard (AS/NZS,
2005) for cold-formed steel structures were studied. Nonlinear finite element (FE)
models were developed and validated against test results. Upon validation of the
FE models, an extensive parametric study comprised 112 FE analyses was
performed. The applicability of the codified provisions in the NAS (2016a),
AS/NZS (2005) and European Code (EC3, 2006) to cold-formed HSS square and
rectangular hollow sections was assessed. Overall, it is shown that the existing
codified web crippling provisions were either unconservative or overly
conservative for the cold-formed HSS tubular sections. A modified Direct
Strength Method (DSM) has been proposed in this study to facilitate the design
of cold-formed HSS tubular sections undergoing web crippling. It has been shown
that the modified DSM, underpinned by 148 experimental and numerical data,
were able to provide reasonably good predictions for cold-formed HSS tubular
sections under the two-flange loading conditions.
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Appendix. – Notation
B
E
Ec
H
L

=
=
=
=
=

Overall width of cross-section;
Young’s modulus;
Young’s modulus obtained from tensile corner coupon test;
Overall depth of cross-section;
Specimen length;
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N = Bearing length;
Nm = Mechanism length;
P C = Nominal web crippling strength per web calculated using
compressive flat material properties;
P T = Nominal web crippling strength per web calculated using tensile flat
material properties;
PDSM = Nominal web crippling strength per web obtained from the modified
direct strength method;
C
=
Nominal web crippling strength per web obtained from the modified
PDSM
direct strength method using compressive flat material properties;
T
= Nominal web crippling strength per web obtained from the proposed
PDSM
direct strength method using tensile flat material properties;
PEC3 = Nominal web crippling strength per web obtained from European
Code;
C
= Nominal web crippling strength per web obtained from European
PEC3
Code using compressive flat material properties;
T
=
Nominal web crippling strength per web obtained from European
PEC3
Code using tensile flat material properties;
PExp = Experimental web crippling strength per web;
PFEA
C
PNAS
T
PNAS

Pcr
Pm
Pu
Py
R
h
t
εf,c
εu,c
λ
σ0.2
σ0.2,c
σu,c

= Web crippling strength per web obtained from finite element
analysis;
= Nominal web crippling strength per web obtained from North
American Specification using compressive flat material properties;
= Nominal web crippling strength per web obtained from North
American Specification using tensile flat material properties;
= Nominal bearing buckling strength per web;
= Mean value of test and finite element strength to design prediction
ratios;
= Test and finite element strengths per web;
= Nominal bearing yield strength per web;
= Outer corner radius;
= Depth of web flat portion;
= Web thickness;
= Fracture strain obtained from tensile corner coupon test based on 25
mm gauge length;
= Ultimate strain obtained from tensile corner coupon test;
= Web crippling slenderness ratio;
= 0.2% proof stress;
= 0.2% proof stress obtained from tensile corner coupon test; and
= Tensile strength obtained from tensile corner coupon test.
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Cold-Formed Ferritic Stainless Steel Tubular Sections under
End-One-Flange Loading Condition
Hai-Ting Li1 and Ben Young2
Abstract
This paper presents experimental and numerical investigations of cold-formed
ferritic stainless steel tubular sections under End-One-Flange (EOF) loading
condition. A series of web crippling tests was conducted on cold-formed square
and rectangular hollow sections of ferritic stainless steel grade EN 1.4003. The
web crippling test results were used for the verification of the finite element (FE)
model. Upon verification, a parametric study was performed thereafter. The
codified web crippling design provisions in American, Australian/New Zealand
and European standards for stainless steel structures were assessed. Improved web
crippling design rules are proposed for cold-formed ferritic stainless steel tubular
sections under EOF loading condition through modifying the design rules of the
North American Specification and Direct Strength Method. It is shown that the
modified web crippling design rules are able to provide accurate and reliable
predictions.
Introduction
Cold-formed stainless steel square hollow sections (SHS) and rectangular hollow
sections (RHS) are becoming increasingly attractive in engineering applications
due to their favorable physical and mechanical characteristics such as aesthetic
appearance, recyclability, durability, high torsional stiffness and so forth. Under
local transverse bearing forces, the webs of cold-formed stainless steel SHS and
RHS may cripple and, therefore, web crippling check is crucial in the design of
such SHS and RHS structural members. Currently, web crippling provisions are
available in the American Specification (ASCE, 2002), Australian/New Zealand
Standard (AS/NZS, 2001) and European Code (EC3, 2015) for stainless steel
Postdoctoral Fellow, Department of Civil Engineering, The University of Hong
Kong, Pokfulam Road, Hong Kong, China.
2
Professor, Department of Civil Engineering, The University of Hong Kong,
Pokfulam Road, Hong Kong, China.
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structures. However, it should be noted that the codified web crippling design
provisions of stainless steel sections in the aforementioned codes of practice are
adopted from provisions of carbon steel sections. This is mainly due to the lack
of research conducted on stainless steel sections undergoing web crippling.
Ferritic stainless steels, having relatively lower initial material cost, may offer
more viable alternatives for structural applications than other stainless steel grades
(Afshan & Gardner, 2013; Tao & Rasmussen, 2016). Recently, a research project
entitled Structural Applications of Ferritic Stainless Steels (SAFSS) was
conducted in Europe to increase the use of ferritic stainless steels in construction.
In the SAFSS project, web crippling tests under the End-One-Flange (EOF) and
Interior-One-Flange (IOF) loading conditions were conducted on ferritic stainless
steel SHS (2 tests) and hat sections of grade EN 1.4509 (Talja & Hradil, 2011). A
numerical investigation on ferritic stainless steel hollow and hat sections under
EOF and IOF loading conditions were performed by Bock et al. (2013), and
design rules, which considered strain hardening effects, were proposed based on
the design provisions in the EC3. Moreover, Islam & Young (2012) investigated
carbon fiber reinforced polymer (CFRP) strengthening for ferritic stainless steel
SHS and RHS subjected to web crippling. To date, however, investigations on
cold-formed ferritic stainless steel SHS and RHS undergoing web crippling are
still rather limited.
In this paper, experimental and numerical investigations were carried out to study
the web crippling behavior of cold-formed ferritic stainless steel SHS and RHS
under the EOF loading condition as specified in the ASCE (2002) and AS/NZS
(2001). A series of web crippling tests was first conducted and a finite element
(FE) model was developed thereafter. Upon verification of the FE model, a
parametric study was performed using the verified FE model to expand the
database. The codified web crippling provisions in the ASCE (2002), AS/NZS
(2001) and EC3 (2015) were evaluated. Improved design rules are proposed for
cold-formed ferritic stainless steel SHS and RHS under the EOF loading condition
by modifying the design rules of the North American Specification (NAS, 2016)
as well as Direct Strength Method.
Experimental Investigation
A series of web crippling tests was conducted on cold-formed SHS and RHS of
ferritic stainless steel grade EN 1.4003. The web heights (H), flange widths (B),
thicknesses (t), inner corner radii (r) and outer corner radii (R) of the crosssections as well as the member lengths (L) of the test specimens were measured
and reported in Table 1. The measured H ranged from 50.1 to 100.2 mm, measured
B ranged from 40.0 to 80.0 mm and measured t ranged from 1.925 to 3.829 mm.
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The measured r and R ranged from 2.6 to 4.0 mm and 5.4 to 8.2 mm, respectively.
The measured web slenderness ratios, h/t, ranged from 9.0 to 45.9, where h is the
depth of the web flat portion. The specimen lengths L were determined in
accordance with the ASCE (2002) and AS/NZS (2001), as indicated in Figure 1.

EOF loading

Figure 1: End-One-Flange loading condition
Table 1: Measured specimen dimensions and experimental web crippling
strengths per web
H
B
t
r
R
L
PExp
Specimen
(mm) (mm) (mm) (mm) (mm) (mm) (kN)
EOF-50×50×4N50
50.1
50.2 3.826
4.0
8.2
350 31.8*
EOF-50×50×4N30
50.1
50.2 3.829
4.0
8.2
269 34.6*
EOF-80×80×3N90
80.0
80.0 2.807
3.0
5.8
600 36.3*
EOF-80×80×3N50
80.0
80.0 2.803
3.0
5.8
441
37.8
EOF-60×40×3N50
60.0
40.0 2.734
3.1
5.9
381 21.7*
EOF-60×40×3N30
60.0
40.1 2.716
3.1
5.9
300
22.4
EOF-60×40×3N30-R† 60.0
40.0 2.716
3.1
5.9
301
22.3
EOF-100×40×2N50
99.8
40.3 1.931
3.8
5.7
499
12.1
EOF-100×40×2N30
99.8
40.2 1.925
3.8
5.7
420
9.0
EOF-100×50×3N50
100.2 50.0 2.796
2.6
5.4
500
32.9
EOF-100×50×3N30
100.2 49.9 2.792
2.6
5.4
419
23.9
Note: *Specimen failed near mid-span; †Repeated test.
Longitudinal tensile flat and corner coupon tests were conducted to obtain the
material properties of the SHS and RHS. In addition to the tensile coupon tests,
transverse compressive flat coupon tests were also carried out. The material
properties obtained from the tensile flat, compressive flat and tensile corner
coupon tests are tabulated in Table 2. The test specimens were from the same
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batch of ferritic stainless steel tubes as described in Li & Young (2017a), where
detailed descriptions of the coupon tests can be found.
Table 2: Material properties obtained from coupon tests
Tensile Flat
Compressive flat
Tensile corner
Section
T
C
T
C
 0.2,c
Ec


E
E
0.2
0.2
(H×B×t)
(GPa)
(GPa)
(GPa)
(MPa)
(MPa)
(MPa)
50×50×4^
196.4
459
217.8
527
190.7
557
80×80×3
195.0
417
215.1
461
196.3
552
60×40×3^
204.4
401
228.6
507
200.5
531
100×40×2^
200.5
426
202.9
423
209.8
544
100×50×3^
198.1
428
206.3
463
189.2
519
^
Note: Conducted by Li & Young (2017a).
The web crippling tests were conducted under the EOF loading condition that
specified in the ASCE (2002) and AS/NZS (2001), as illustrated in Figure 1,
where the locations of the failure in the member are shown by blue color circles
in the diagram. The web crippling test setup can be found in Figure 2. The loading
or reaction forces were applied to the ferritic stainless steel SHS and RHS through
high strength steel bearing plates. Two bearing plates supported by two rollers
were positioned at both ends of the EOF specimens to provide symmetric loading.
A steel plate of twice the bearing plate width was positioned at the mid-span of
the EOF specimen, and a half round was employed to transfer the applied loads.
The bearing plates were designed to act across the full-flange widths of the SHS
and RHS. To prevent failure near mid-span of the specimen, a wooden block was
inserted inside the specimen and steel stiffening plates of twice the width of the
bearing plate were also clamped at mid-span of the specimen on both sides. It
should be noted that all flanges of the specimens were not fastened to the bearing
plates during testing. A servo-controlled hydraulic testing machine was employed
to apply compressive forces to the test specimens and displacement control was
employed to drive the hydraulic actuator at a constant speed of 0.3 mm/min.
Vertical web deformations of the SHS and RHS specimens were measured
between the bearing plates and the top flange of the specimens near the corners
by the average readings of two calibrated linear variable displacement transducers
(LVDTs) at one of the ends that failure occurred. In addition, lateral web
deformations were also measured by the average readings of two LVDTs that
rigidly connected with flat plastic plates and, therefore, the maximum lateral web
deformations of the specimens can be captured (Li & Young, 2017b).
The experimental web crippling ultimate strengths per web PExp are reported in
Table 1. Typical experimental web crippling failure mode can be found in Figure
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2. It is noteworthy that specimens EOF-50×50×4N50, EOF-50×50×4N30, EOF80×80×3N90 and EOF-60×40×3N50 failed near the mid-span instead of web
crippling failure. Hence, the test results of these four specimens were not
compared with the nominal strengths calculated from design provisions at a later
stage.
Numerical Modelling Approach
Finite Element Model
In conjunction with the experimental investigation, a finite element (FE) model
was developed to replicate the web crippling tests using the FE analysis package
ABAQUS (2012). The FE model was developed based on measured test specimen
geometries. The material nonlinearity was incorporated into the FE model based
on the measured stress-strain data obtained from the coupon tests. The webs of
the cold-formed ferritic stainless steel SHS and RHS were under compressive
stresses acting along the transverse direction during testing. Therefore, in the FE
model, the measured stress-strain data obtained from transverse compressive flat
coupon tests were used for the webs of the SHS and RHS, whilst the measured
stress-strain data from longitudinal tensile flat coupon tests were employed for the
flanges. In addition, the measured stress-strain data of longitudinal tensile corner
coupons were applied to the corner portions of the SHS and RHS with an
extension of 2t to the adjacent flat regions.
The shell element S4R was used to simulate the ferritic stainless steel SHS and
RHS specimens. The applied meshes in the flat portions of the SHS and RHS
ranged from 4×4 to 8×8 mm, which depends on the cross-section sizes, and finer
meshes were used at the round corners. The steel bearing plates were modeled by
means of discrete rigid 3D solid elements. The interfaces between the bearing
plates and the specimens were modeled using the surface-to-surface discretization
contact method. The “hard” contact was adopted and the friction penalty contact
with a friction coefficient of 0.4 was applied. The boundary conditions were
modeled in accordance with the tests. The loads were applied to the ferritic
stainless steel SHS and RHS specimens by specifying axial displacements to the
reference points of bearing plates, which was identical to the tests using
displacement control.
Verification of Finite Element Model
The developed FE model was verified against the web crippling test results. The
experimental web crippling strengths, failure modes and load-deformation curves
obtained from the 7 tests, which failed by web crippling, were compared with
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those derived from the FE analyses. The web crippling strengths per web PFEA
derived from the FE analyses are reported in Table 3. The mean value of the
PExp/PFEA was 1.02 with the coefficient of variation (COV) of 0.057. Typical
numerical failure mode was compared with the corresponding experimental
failure mode, as shown in Figure 2. Typical numerical load-lateral web
deformation curve was also compared with that obtained experimentally in Figure
3. It can be observed that the FE model was capable of replicating the
experimental ultimate strength, failure mode and load-deformation behavior.
Table 3: Comparison of test strengths with finite element results
Specimen
EOF-80×80×3N50
EOF-60×40×3N30
EOF-60×40×3N30-R†
EOF-100×40×2N50
EOF-100×40×2N30
EOF-100×50×3N50
EOF-100×50×3N30
Note: †Repeated test.

h/t
24.4
17.8
17.8
45.7
45.9
32.0
32.0

PExp (kN)
37.8
22.4
22.3
12.1
9.0
32.9
23.9

PFEA (kN)
34.0
22.0
22.0
12.4
9.6
31.6
22.5
Mean
COV

(a) Experimental failure mode

PExp / PFEA
1.11
1.02
1.01
0.97
0.94
1.04
1.06
1.02
0.057
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(b) Numerical failure mode
Figure 2: Experimental and numerical failure modes of specimen
EOF-100×50×3N50
40

Load (kN)

30
20
10
0

Test
FE

0

2

4
6
8
10
Deformation (mm)
Figure 3: Load-lateral web deformation curves of specimen EOF-100×50×3N50

Parametric Study
Upon verification of the FE model, a parametric study was carried out using the
verified model to generate further numerical date over a wider range of key web
crippling parameters (e.g., web slenderness ratio, bearing length to thickness ratio
and bearing length to web flat portion ratio). Various cross-sections including 8
SHS and 12 RHS were investigated in the parametric study herein. The crosssectional dimensions (H×B×t) of the SHS ranged from 70×70×1.5 to 200×200×4,
and the RHS ranged from 80×140×1.5 to 300×200×5. Two bearing lengths (N)
were employed for each cross-section and the N were either taken as B or 0.5B.
In the parametric study, the specimen lengths were determined in accordance with
the ASCE (2002) and AS/NZS (2001), and the material modeling was based on
the measured stress-strain data obtained from the coupon tests of the section
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80×80×3. The parametric study specimens had the web slenderness ratios h/t
ranged from 10 to 121 and bearing length to thickness ratios N/t ranged from 7 to
100. A total of 40 results were generated in the parametric study. It should be
noted that, 6 specimens failed near the mid-span instead of web crippling failure.
Similar observations were also found in the test program. The test and FE
strengths of these EOF specimens were not used to compare with the nominal
strengths calculated from design rules.
Codified Web Crippling Design Provisions
American Specification and Australian/New Zealand Standard
Web crippling provisions for cold-formed stainless steel sections are available in
Clause 3.3.4 of the ASCE (2002). The AS/NZS (2001) provides provisions for
predicting the web crippling strength, known as the bearing capacity, for coldformed stainless steel sections. The AS/NZS (2001) has adopted the web rippling
provisions from the American Specification. Therefore, the nominal strengths per
web predicted by the AS/NZS (2001) and ASCE (2002) are identical. Note that
for sections with two or more webs, such as SHS and RHS, the nominal web
crippling strength should be computed for each individual web.
European Code
The web crippling provisions in the EC3 Part 1-4 (EC3, 2015) for stainless steel
structures refer to the EC3 Part 1-3 (EC3, 2006) for cold-formed carbon steel
structures. The codified provisions for cross-sections with two or more webs are
specified in Clause 6.1.7.3 of the EC3 (2006). According to Figure 6.9 of the EC3
(2006), the EOF loading condition that specified in the ASCE (2002) and AS/NZS
(2001) belongs to Category 1 in the EC3 (2006). It is noteworthy that the EC3
(2006) do not have explicit web crippling coefficient for tubular sections. In this
study, the web crippling coefficient of 0.057 was employed.
Comparison of Web Crippling Strengths with Codified Design Predictions
The codified web crippling design provisions were assessed. A data pool of 46
cold-formed ferritic stainless steel SHS and RHS specimens was used, including
the test and FE data obtained in the present study and the available data reported
in the literature (Talja & Hradil, 2011; Islam & Young, 2012). The web crippling
strengths per web were compared with the nominal strengths per web predicted
by the ASCE (2002), AS/NZS (2001) and EC3 (2015). The material properties
obtained from the longitudinal tensile flat coupon tests and transverse
compressive flat coupon tests were used to calculate the nominal strengths per
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web PT and PC for the aforementioned design provisions, respectively. The
comparison of the test and FE strengths per web Pu with the PT and PC are shown
in Table 4.
The reliability levels of the codified web crippling design provisions in the ASCE
(2002) and EC3 (2015) were assessed. In addition, the two modified design rules
proposed in this paper were also evaluated. The reliability calculations performed
herein conformed to the principles detailed in the Commentary of the ASCE
(2002). In this study, the design provisions are considered to be reliable if the
calculated reliability index (β) is greater than or equal to 2.5. The resistance
factors (ϕ) for members undergoing web crippling as recommended by the ASCE
(2002) and EC3 (2015) as well as suggested for the modified design rules are
tabulated in Table 4. The load combination of 1.2DL+1.6LL (DL = Dead Load
and LL = Live Load) was used for the ASCE (2002) and the two modified design
rules, while the load combination of 1.35DL+1.5LL was employed for the EC3
(2015). The dead-to-live load ratio of 1/5 was used. The mean values and COVs
of the test and FE results to design prediction ratios are shown in Table 4. A
correction factor CP calculated in accordance with Eq. K2.1.1-4 of the NAS
(2016) was used to account for the influence of a limited number of data. The
calculated β values are reported in Table 4.
Overall, the nominal strengths per web predicted by the ASCE (2002) and
AS/NZS (2001) were found to be conservative and reliable for the EOF
specimens. The mean values of the test and FE-to-predicted strength ratios
T
C
Pu PASCE
and Pu PASCE
were 1.14 and 1.13 with the COVs of 0.142 and 0.148,
and the corresponding β values of 3.57 and 3.51, respectively. For the EC3 (2015),
the codified web crippling provision was overly conservative for the cold-formed
ferritic stainless SHS and RHS under the EOF loading condition. The mean values
T
C
of the Pu PEC3
and Pu PEC3
was 3.36 and 3.13 with the COVs of 0.237 and
0.231, respectively. The EC3 comparison results revealed a relatively high level
of scattering, which may have been due to the design provisions in the EC3 (2006)
used a constant bearing length of 10 mm for the EOF loading condition (Category
1), despite the fact that the SHS and RHS were loaded through various bearing
T
C
lengths. In this study, the Pu were also compared with the PEC3#
and PEC3#
that
calculated through the actual bearing lengths, as shown in Table 4. Overall, it can
be observed that the EC3 (2015) provided conservative and reliable predictions
with a relatively low level of scattering for the EOF specimens when the actual
bearing lengths were used.
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Table 4: Comparison between experimental and numerical results with nominal
design strengths
ASCE
EC3
NAS#
DSM
Pu
Pu
Pu
Pu
Pu
Pu
Pu
Pu
Pu
Pu
EOF
T
C
T
C
T
C
T
C
T
C
PASCE PASCE PEC3 PEC3 PEC3# PEC3# PNAS# PNAS# PDSM PDSM
No. of data 46
41
46
41
46
41
46
41
46
41
Mean
1.14 1.13 3.36 3.13 2.04 1.85 1.08 0.97 1.06 0.99
COV
0.142 0.148 0.237 0.231 0.155 0.161 0.070 0.081 0.064 0.064
ϕ
0.70 0.70 0.91 0.91 0.91 0.91 0.85 0.85 0.85 0.85
β
3.57 3.51 5.21 5.06 4.48 4.06 3.04 2.58 2.99 2.69
Modified Design Rules and Comparison with Web Crippling Strengths
Modified North American Specification
The North American Specification (NAS, 2016) is a specified design standard for
cold-formed carbon or low-alloy steels. It should be noted that the current ASCE
(2002) for cold-formed stainless steel structures adopted the web crippling
provisions from the American Iron and Steel Institute (AISI) Specification for
cold-formed carbon steel structures. However, the AISI Specification has been
superseded by the NAS (2016). A unified equation, as shown in Eq. (1), was
adopted by the NAS (2016) for web crippling check. The unified equation
accommodates various cross-section geometries and loading conditions through
different sets of coefficients. In this study, a new set of coefficients of the unified
equation is proposed for cold-formed ferritic stainless steel SHS and RHS under
the EOF loading condition. The newly proposed coefficients C, Cr, CN and Ch are
2, 0.40, 2.15 and 0.053, respectively. The coefficients were calibrated against the
test and FE data obtained in this study as well as the available data reported by
Talja & Hradil (2011) and Islam & Young (2012). The validity limits of the
proposed coefficients are 10 ≤ h/t ≤ 120, r/t ≤ 2, N/t ≤ 100, N/h ≤ 1.1 and θ = 90°.
A resistance factor of 0.85 is suggested to be used for limit state design.







PNAS#  Ct 2 0.2 sin  1  Cr r t 1  CN N t 1  Ch h t



(1)

in which, PNAS# is the nominal strength per web; σ0.2 is the 0.2% proof stress; C,
Cr, CN and Ch are the overall coefficient, inside bend radius coefficient, bearing
length coefficient and web slenderness coefficient, respectively; θ is the web
inclination angle.
The Pu were compared with the PNAS# calculated from the modified NAS. The
T
C
mean values of the Pu PNAS#
and Pu PNAS#
were 1.08 and 0.97 with the COVs of
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0.070 and 0.081, respectively. The reliability indices of the modified NAS, as
reported in Table 4, were greater than the target value of 2.5, indicating that the
nominal strengths per web calculated from the modified NAS were reliable.
Modified Direct Strength Method
The authors previously proposed Direct Strength Method (DSM) based web
crippling design rules for cold-formed ferritic stainless steel SHS and RHS under
end loading (EL) and interior load (IL) conditions (Li & Young, 2017a). In this
study, the DSM is modified for the cold-formed ferritic stainless steel tubular
sections under the EOF loading condition that specified in the ASCE (2002) and
AS/NZS (2001). The web crippling strengths per web (PDSM) based on modified
DSM is obtained by Eq. (2). The corresponding coefficients a, b, n, λk and γ for
cold-formed ferritic stainless steel SHS and RHS is tabulated in Table 5.

PDSM

  Py

 Pcr
 
a 1  b  P
 y
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n

 P
  cr
  Py


n


 Py


  k

(2)

in which, λ = (Py /Pcr)0.5 is the web crippling slenderness ratio; Py is the bearing
yield strength per web; and Pcr is the bearing buckling strength per web. The
determination of the Py and Pcr in Clause 5.13 of the AS4100 (1998) are used for
the EOF loading condition herein. The Py is determined as follows:
Py   p tN m 0.2

p 

 ks
0.5 
0.25 
2
2
1  1   pm  1   1   pm  2 
ks 
kv 
 kv

(3)

(4)

In Eqs. (3) and (4), Nm = N+2.5R+0.5h is the mechanism length, where N is the
bearing length, R is outer corner radius and h is the web flat portion; ks = 2R/t-1,
αpm = 1/ks+0.5/kv and kv = h/t.
The bearing buckling strength per web Pcr can be determined in accordance with
Clause 5.13.4 of the AS4100 (1998). The single web of SHS and RHS is treated
in the same way as that of a column in compression and the geometrical
slenderness ratio shall be taken as 3.8h/t for the EOF loading condition. The Pcr
can be determined from the equation as follows:

Pcr   c tN m 0.2

(5)
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in which, αc is the slenderness reduction factor that detailed in Clause 6.3.3 of the
AS4100 (1998).
Comparisons of the Pu with the modified DSM curve for the SHS and RHS under
the EOF loading condition are displayed in Figure 4, where the data points
T
C
obtained by using the  0.2
and  0.2
are indicated by “(T)” and “(C)” in the figure
legend, respectively. It is shown that the modified DSM curve aligned well with
T
C
the test and FE results. The mean values of the Pu PDSM
and Pu PDSM
were 1.06
and 0.99 with the COVs of 0.064 and 0.064 for the EOF specimens, respectively.
The modified DSM revealed the highest accuracy and lowest level of scattering
among all the design rules, as indicated in Table 4. The β values of the modified
DSM, as reported in Tables 4, were greater than 2.5, demonstrating that the
nominal strengths calculated from the modified DSM provided reliable limit state
design when calibrated with the suggested ϕ of 0.85.

Figure 4: Comparison of test and FE results with modified DSM curve for coldformed ferritic stainless steel SHS and RHS under EOF loading condition
Table 5: Proposed coefficients for design rules based on DSM
Load case
a
b
n
λk
γ
EOF
0.96
0.23
0.51
0.584
1.00
Note: The above coefficients apply when 10 ≤ h/t ≤ 120, r/t ≤ 2, N/t ≤ 100, N/h ≤
1.1 and θ = 90°.
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Conclusions
The web crippling behavior of cold-formed ferritic stainless steel square and
rectangular hollow sections (SHS and RHS) was investigated. A series of tests
was conducted under the End-One-Flange (EOF) loading condition as specified
in the American Specification (ASCE, 2002) and Australian/New Zealand
Standard (AS/NZS, 2001) for cold-formed stainless steel structures. A Finite
element (FE) model was developed and verified against the test results, showing
the capability of replicating the experimental web crippling strength, failure mode
and load-deformation history. Upon verification of the FE model, a parametric
study was performed thereafter. The codified web crippling design provisions in
the current ASCE (2002), AS/NZS (2001) and European Code (EC3, 2015) were
assessed. Improved design rules have been proposed for cold-formed ferritic
stainless steel SHS and RHS under the EOF loading condition by means of
modified North American Specification (NAS, 2016) and Direct Strength
Method. The reliability levels of the design rules have been evaluated. It is shown
that the modified design rules can provide safe and reliable limit state design when
calibrated with the suggested resistance factor of 0.85.
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Appendix. – Notation
B=
EC =
ET =
Ec =
H=
L=
N=
Nm =
PC =

Overall width of cross-section;
Elastic modulus obtained from compressive flat coupon test;
Elastic modulus obtained from tensile flat coupon test;
Elastic modulus obtained from tensile corner coupon test;
Overall depth of cross-section;
Specimen length;
Bearing length;
Mechanism length;
Nominal web crippling strength per web calculated using compressive
flat material properties;
PT = Nominal web crippling strength per web calculated using tensile flat
material properties;
C
= Nominal web crippling strength per web obtained from American
PASCE
Specification using compressive flat material properties;
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T
= Nominal web crippling strength per web obtained from American
PASCE
Specification using tensile flat material properties;
PDSM = Nominal web crippling strength per web obtained from the modified
direct strength method;
C
= Nominal web crippling strength per web obtained from the modified
PDSM
direct strength method using compressive flat material properties;
T
= Nominal web crippling strength per web obtained from the proposed
PDSM
direct strength method using tensile flat material properties;
C
=
PEC3 Nominal web crippling strength per web obtained from European Code
using compressive flat material properties;
T
= Nominal web crippling strength per web obtained from European Code
PEC3
using tensile flat material properties;
C
= Nominal web crippling strength per web obtained from European Code
PEC3#
using actual bearing length and compressive material properties;
T
= Nominal web crippling strength per web obtained from European Code
PEC3#
using actual bearing length and tensile flat material properties;
PExp = Experimental web crippling strength per web;
PFEA = Web crippling strength per web obtained from finite element analysis;
PNAS# = Nominal web crippling strength per web obtained from modified North
American Specification;
C
= Nominal web crippling strength per web obtained from modified North
PNAS#
American Specification using compressive flat material properties;
T
= Nominal web crippling strength per web obtained from modified North
PNAS#
American Specification using tensile flat material properties;
Pcr = Nominal bearing buckling strength per web;
Pu = Test and finite element strengths per web;
Py = Nominal bearing yield strength per web;
R = Outer corner radius;
h = Depth of web flat portion;
r = Inner corner radius;
t = Web thickness;
β = Reliability index;
λ = Web crippling slenderness ratio;
 0.2 = 0.2% proof stress;
C
= 0.2% proof stress obtained from compressive flat coupon test;
 0.2
T
 0.2 = 0.2% proof stress obtained from tensile flat coupon test;

σ0.2,c = 0.2% proof stress obtained from tensile corner coupon test; and
ϕ = Resistance factor.
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EXPERIMENTAL AND ANALYTICAL STUDIES OF COLD-FORMED
STEEL SECTIONS WITH EDGE-STIFFENED CIRCULAR HOLES
SUBJECTED TO WEB CRIPPLING
Asraf Uzzaman1, James B.P Lim2, David Nash3, A.M. Yousefi 4and Ben Young5
Abstract
Cold-formed steel sections are often used as wall studs or floor joists and such
sections often include web holes for ease of installation of services. The holes
are normally punched or bored and are unstiffened; when the holes are near to
points of concentrated load, web crippling can be the critical design
consideration. Recently, a new generation of cold-formed steel channel sections
with edge-stiffened circular holes has been developed. The web holes are
stiffened through a continuous edge stiffener/lip around the perimeter of the
hole. In this paper, a combination of experimental investigations and non-linear
finite element analyses are used to investigate the effect of such edge-stiffened
holes under the interior-one-flange (IOF) and end-one-flange (EOF) loading
conditions; for comparison, sections without holes and with unstiffened holes
are also be considered. A non-linear finite element models are described, and the
results compared against the laboratory test results; a good agreement was
obtained in terms of both strength and failure modes.
Keywords: Cold-formed steel; Web crippling; Finite element analysis; Web
openings; Channel section;
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1. Introduction
Cold-formed steel sections are increasingly used in residential and commercial
construction for both primary and secondary framing members. Such thinwalled sections are well-known to be susceptible to web crippling, particularly
at points of concentrated load or reaction (Rhodes and Nash, 1998).
Furthermore, openings in the web are often used to allow ease of installation of
electrical or plumbing services. Such openings, however, result in the sections
being more susceptible to web crippling, particularly when concentrated loads
are applied near to the openings.
Web holes in cold-formed steel sections are normally punched or bored and so
are unstiffened (see Fig.1 (a)). Recently, Yu (2012) described a study on a new
generation of cold-formed steel channel sections having web holes that are edgestiffened. Fig.1 (b) shows a photograph of a cold-formed steel channel section
with an edge-stiffened circular holes (Hawick, 2013). As can be seen, the web
holes are stiffened through a continuous edge stiffener/lip around the perimeter
of the hole. The study by Yu (2012), while limited to bending, indicates that
edge-stiffened holes can significantly improve the strength of cold-formed steel
channel sections.

(a) Section with unstiffened holes

(b) Section with edge-stiffened holes

Fig. 1 Cold-formed steel channel sections with web openings
This paper is concerned with the web crippling strength of cold-formed steel
channel sections having edge-stiffened circular web holes. Fig.2 shows the
definition of symbols used in this paper. While no previous research has
considered the web crippling strength of cold-formed steel channel sections with
edge-stiffened circular web holes, previous work on web crippling has been
reported by Uzzaman et al. (2012a, 2012b, 2012c & 2013) and Lian et al.
(2016a, 2016b, 2017a & 2017b), who proposed design recommendations in the
form of web crippling strength reduction factor equations for channel-sections
under Two-flanges and One-flange loading conditions. Yu and Davis (1973) and
LaBoube et al. (1999) also reported research on the web crippling of channel
section with unstiffened web openings. For aluminium sections, Zhou and
Young (2010) conducted a series of tests and numerical investigation on web
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crippling square hollow sections, again with unstiffened web holes. Yousefi et
al. (2016a,2016b,2017a&2017b) proposed unified strength reduction factor
equations for the web crippling strength of cold-formed stainless steel lipped
channel-sections with circular web openings.

(a) No hole

(b) Unstiffened hole

(c) Edge-stiffened hole

Fig. 2 Definition of symbols
In this paper, a combination of experimental investigation and non-linear elastoplastic finite element analyses (FEA) are used to investigate the effect of edgestiffened circular web holes on the web crippling strength of lipped channel
sections for the interior-one-flange (IOF) and end-one-flange (EOF) loading
conditions, as shown in Fig.3 and Fig.4, respectively. The general purpose finite
element program ABAQUS (2014) was used for the numerical investigation. A
good agreement between the experimental tests and FEA was obtained.

(a) Without holes

(b) With holes

Fig. 3 IOF loading condition with web opening
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(a) Without holes

(b) With holes

Fig. 4 EOF loading condition with web opening

2. Experiment investigation
2.1 Test specimens
A test programme was conducted on lipped channel sections, as shown in Fig.2
subjected to web crippling under EOF and IOF loading conditions. Two depths
of channel-sections were considered, namely the C240 and C290 channels
having the nominal depth of 240mm and 290mm, respectively. All holes had a
nominal diameter (a) of 140 mm and an edge-stiffener length (q) of 13 mm; the
radius (rq) between the web and edge-stiffener was 3 mm. The test specimens
comprised two different section sizes, having nominal thicknesses (t) ranging
from 2.0 mm to 2.5 mm; the nominal depth (d) of the webs ranged from 240 mm
to 290 mm; the nominal flange width (bf) for both sizes is 45 mm.
The test programme considered both webs having unstiffened circular holes and
webs having edge-stiffened circular holes. Channel sections with no circular
web holes (i.e. plain webs) were also tested, in order that the strength reduction
can be determined experimentally. The ratio of the diameter of the circular holes
to the depth of the flat portion of the webs (a/h) were 0.6 and 0.5 for the C240
and C290 section, respectively. All test specimens were fabricated with the
circular web holes located at the mid-depth of the webs and centred above the
bearing plates, with a horizontal clear distance to the near edge of the bearing
plates (x), as shown in Fig.5 and Fig.6 . The specimen lengths (L) used were
according to the North American Specification (2007) and the AISI
Specification (2005). Generally, the distance between bearing plates was set to
be 1.5 times the overall depth of the web (d) rather than 1.5 times the depth of
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the flat portion of the web (h), the latter being the minimum specified in the
specification. The measured test specimen dimensions for the IOF and EOF
loading conditions is detailed in Uzzaman et al (2017). The bearing plates were
fabricated using with high strength steel having a thickness of 25 mm. Three
lengths of bearing plates (N) were used: 50 mm, 75 mm and 100 mm.
2.2 Test specimens
In Table 2 and Table 3, the specimens were labelled such that the nominal
dimension of the specimen, the length of the bearing and the types of holes. For
example, the labels “202N50NH” defines the following specimens. The first
symbol is the nominal depth of the specimens in millimeters. The notation
''N50'' indicates the length of bearing in millimeters (50 mm). The last three
notations ''NH'', ''USH'' and ''ESH'' indicates the web holes cases. ''NH''
represents the no web hole case, ''USH'' represents a web having a hole that is
unstiffened, and ''ESH'' represents a web having a hole that is edge-stiffened.
2.3 Material properties
Six coupon tests were carried out to determine the material properties of the
channel specimens. The tensile coupons were taken from the centre of the web
plate in the longitudinal direction of the untested specimens. The tensile coupons
were prepared and tested according to the British Standard for Testing and
Materials (2001) for the tensile testing of metals using 12.5 mm wide coupons of
a gauge length 50 mm. The coupons were tested in a MTS displacement
controlled testing machine using friction grips. Two strain gauges and a
calibrated extensometer of 50 mm gauge length were used to measure the
longitudinal strain. The material properties obtained from the tensile coupon
tests are summarised in
Table 1, which includes the measured static 0.2% proof stress ( σ 0.2 ), and the
static tensile strength ( σ u )

240x45x15-t1.85

290x45x15-t2.5

Section

σ 0.2 (MPa)

σ u (MPa)

1
2

264.82
268.81

284.78
283.75

3

263.39

287.81

1

318.92

410.23

2

328.62

413.31

3

332.81
414.48
Table 1: Material properties of the specimens
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2.4 Test rig and procedure
The specimens were tested under the IOF and EOF loading conditions specified
in the North American Specification (2007) and the AISI Specification (2005) as
shown in Fig.5 and Fig.6. For the IOF loading conditions, two channel sections
were used to provide symmetric loading. The specimens were bolted to support
blocks at each end of the specimens. A bearing plate was positioned at the midlength of the specimens. The load was applied through bearing plate. Hinge
supports were simulated by two half rounds in the line of action of the force.
Two displacement transducers (LVDTs) were positioned at the two edges of
bearing plate to measure the vertical displacements. For the EOF loading
conditions, two channel specimens were used to provide symmetric loading. The
specimens were bolted to a load transfer block at the central loading point. The
load was applied through the load transfer plate bolted to the channel sections.
Two identical bearing plates of the same width were positioned at both ends of
the specimen. Hinge supports were simulated by two half rounds in the line of
action of the force. Four displacement transducers (LVDTs) were used to
measure the vertical displacements.
A servo-controlled Tinius-Olsen testing machine was used to apply a
concentrated compressive force to the test specimens. Displacement control was
used to drive the hydraulic actuator at a constant speed of 0.05 mm/min for all
the test specimens. The bearing plates were fabricated using a high strength
steel. All the bearing plates were machined to specified dimensions, and the
thickness was 25 mm. In the experimental investigation, three different lengths
of bearing plates (N) were used, namely, 50 mm, 75 mm and 100 mm. The
flanges of the channel section specimens were unfastened the bearing plates
during testing.
2.5 Test Results
A total of 36 specimens were tested under IOF and EOF loading conditions. The
experimental ultimate web crippling loads per web (PEXP) for IOF and EOF
loading conditions are given in Table 1 and Table 2, respectively. The typical
failure mode of web crippling of the specimens is shown in Fig.7 (a) and Fig.8
(a). A typical example of the load-defection curve obtained from a specimen
both without and with web holes, and the comparisons with the numerical
results is shown in Fig. 9 and Fig. 10.
As shown in Table 2, for the IOF loading condition, it is shown that the web
crippling strength reduced 12.54% for the specimen 290-N100-USH and 2.83%
for the specimen 290-N100-ESH. As shown in Table 3, for the EOF loading
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condition, it is shown that the web crippling strength reduced 28.26% for the
specimen 240-N100-USH and 1.45% for the specimen 240-N50-ESH.

Fig. 5 Schematic view of test set-up for IOF loading condition

Fig. 6 Schematic view of test set-up for EOF loading condition
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3. Numerical Investigation
3.1 General
The non-linear elasto-plastic general purpose finite element program ABAQUS
(2014) was used to simulate the channel sections with and without holes
subjected to web crippling. The bearing plates, the channel section with circular
holes and the interfaces between the bearing plates and the channel section have
been modelled. In the finite element model, the measured cross-section
dimensions and the material properties obtained from the tests were used. The
model was based on the centreline dimensions of the cross-sections. Specific
modelling issues are described in the following subsection.
3.2 Geometry and material properties
Due to symmetry, only half of the test setup was modelled, as shown in Fig.7 (b)
and Fig.8 (b). The dimensions of the channel section modelled are given in
detailed in Uzzaman et al (2017). Contact pairs are defined between the bearing
plate and the cold-formed steel section. In addition, for the IOF loading
condition, contact pairs are defined between the support block and cold-formed
steel section. For the EOF loading condition, contact pair are defined between
the load transfer block and cold-formed steel section. The value of Young’s
modulus was 205 kN/mm2 and Poisson’s ratio was 0.3. ABAQUS required the
material stress-strain curve input as true stress-true plastic strain. The stressstrain curves were directly obtained from the tensile tests and converted into true
stress- true plastic strain curves using equations, as specified in the ABAQUS
manual (2014),

Bearing plate

Half Round

(b) FEA
(a) Experimental
Fig.7 Comparison of experiment and FEA for IOF loading condition.
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Half Round

(a) Experimental
(b) FEA
Fig.8 Comparison of experiment and FEA for EOF loading condition.
3.3 Element type and mesh sensitivity
Fig.7 (b) and Fig.8 (b) show details of a typical finite element mesh of the
channel section, the bearing plate, load transfer block and support block. A mesh
sensitivity analysis was used to investigate the effect of different element sizes
in the cross-section of the channel sections. Finite element mesh sizes were 5
mm × 5 mm for the cold-formed steel channel sections and 8 mm × 8 mm for
the bearing plates and load transfer block. It is necessary to finely mesh the
corners of the section due to the transfer of stress from the flange to the web.
From the mesh sensitivity analysis, due to the contact between the bearing plate
and inside round corners that form the bend between the flange and web, it was
found that at least fifteen elements were required for the corners between the
flange and web. On the other hand, for the corners between the flange and lip of
the section, only three elements were required. Cold-formed steel channel
sections with and without web holes were modelled using S4R shell element.
The S4R is a four-node double curved thin or thick shell element with reduced
integration and finite membrane strains. It is mentioned in the ABAQUS Manual
(2014) that the S4R element is suitable for complex buckling behaviour. The
S4R has six degrees of freedom per node and provides accurate solutions to
most applications. The bearing plates and load transfer block were modelled
using analytical rigid plates and C3D8R element, which is suitable for threedimensional modelling of structures with plasticity, stress stiffening, large
deflection, and large strain capabilities. The solid element is defined by eight
nodes having three translational degrees of freedom at each node.
3.4 Loading and boundary conditions
The vertical load applied to the channel section through the bearing plate for the
IOF and load transfer block for the EOF in the laboratory tests was modelled
using displacement control. In the finite element model, a displacement in the
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vertical y direction was applied to the reference point of the analytical rigid plate
that modelled the bearing plate and load transfer block. The nodes on symmetry
surface of load transfer block, support blocks and bearing plates were prevented
from translational axes in the x direction and rotation about the y and z axes.
The channel section specimens were tested in pairs, which were bolted to load
transfer block for the EOF and support blocks for the IOF through the web by a
vertical row of M16 high tensile bolts. In the shell element idealisation, cartesian
connectors were used to simulate the bolts instead of physically modelling bolts
and holes. “CONN3D2” connector elements were used to model the in-plane
translational stiffness i.e. y- and z-directions. The stiffness of the connectors
element was 10 kN/mm, which Lim and Nethercot (2003, 2004) suggest would
be suitable. In the x direction, the nodes were prevented from translating. Contac
pair (surface-to-surface) was used to model the interface between the rigid plate
(master surface) and the flange of the cross-section (slave surface, extended up
to the corners) assuming frictionless response in the tangential direction and
hard response in the normal one. For the IOF loading condition, contact pairs
were modelled between the support block, bearing plate and cold-formed steel
section. For the EOF loading condition, contact pairs were modelled between the
load transfer block, bearing plates and cold-formed steel section. All contact
surfaces were not allowed to penetrate each other.
3.5 Verification of finite element model
In order to validate the finite element model, the experimental failure loads were
compared against the failure load predicted by the finite element analysis. The
main objective of this comparison was to verify and check the accuracy of the
finite element model. A comparison of the test results (PEXP) with the numerical
results (PFEA) of web crippling strengths per web is shown in Table 2 and Table
3 for the IOF and EOF condition, respectively. It can be seen that good
agreement has been achieved between both results for all specimens. The mean
value of the PEXP/PFEA ratio is 0.99 and 0.98 with the corresponding coefficient
of variation (COV) of 0.02 and 0.01 for the IOF and EOF loading condition,
respectively. A maximum difference of 4% and 5% was observed between the
experimental and the numerical results for the specimen 290-N100-USH and
240x-N50-USH, respectively. The web deformation curves predicted by finite
element analysis were compared with the experimental curves, as shown in Fig.9
and Fig.10 for the IOF and EOF loading conditions, respectively. It is shown
that good agreement is achieved between the experimental and finite element
results.
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Fig.9 Comparison of web deformation curves for IOF loading condition
(Specimens 240-N100).

Fig.10 Comparison of web deformation curves for EOF loading condition
(Specimens 240-N50)
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Specimen

Web
slenderness

Web
hole
ratio,

Exp. Load
per web,

Strength
per web
predicted
from FEA,

Comparison,

PEXP
(kN)

Strength
reduction
due to
web
holes
R
(%)

(h/t)

(a/h)
(kN)

PFEA
(kN)

PEXP/ PFEA

240-N50-NH

118.0

0

16.07

-

240-N75-NH

118.9

16.20

0.99

0

17.3

-

17.50

0.99

Plain section

240-N100-NH

118.6

0

18.5

-

18.70

0.99

290-N50-NH

114.7

0

30.68

-

31.20

0.98

33.89

0.97

35.64

0.97

290-N75-NH

114.8

0

32.97

-

290-N100-NH
Unstiffened hole

115.2

0

34.6

-

240-N50-USH

117.4

0.6

15.72

-2.18

15.96

0.98

240-N75-USH

117.5

0.6

16.64

-3.82

16.84

0.99

240-N100-USH

118.2

0.6

17.6

-4.86

17.80

0.99

290-N50-USH

114.8

0.5

28.34

-7.63

29.02

0.98

290-N75-USH

115.3

0.5

29.64

-10.10

30.81

0.96

290-N100-USH
Edge-stiffened
hole

114.9

0.5

30.26

-12.54

32.14

0.94

240-N50-ESH

118.0

0.6

16.26

1.18

16.54

0.98

240-N75-ESH

117.5

0.6

17.54

1.39

17.70

0.99

240-N100-ESH

118.6

0.6

18.83

1.78

18.95

0.99

290-N50-ESH

115.0

0.5

30.07

-1.99

29.87

1.01

290-N75-ESH

115.2

0.5

32.05

-2.79

31.42

1.02

290-N100-ESH

114.2

0.5

33.62

-2.83

33.10

1.02

Mean

0.99

COV

0.02

Table 2: Comparison of the web crippling strength predicted from the finite
element analysis with the experimental results for IOF loading.
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Specimen

Web
slenderness

Web
hole
ratio,

Exp. Load
per web,

Strength
per web
predicted
from FEA,

Comparison,

PEXP
(kN)

Strength
reduction
due to
web
holes
R
(%)

(h/t)

(a/h)
(kN)

PFEA
(kN)

PEXP/ PFEA

240-N50-NH

118.5

0

5.82

-

240-N75-NH

118.3

5.81

1.00

0

6.41

-

6.49

0.99

Plain section

240-N100-NH

117.7

0

6.9

-

7.01

0.98

290-N50-NH

115.5

0

10.5

-

10.65

0.99

290-N75-NH

115.7

0

11.1

-

11.26

0.99

290-N100-NH
Unstiffened hole

115.6

0

11.7

-

11.86

0.99

240-N50-USH

118.4

0.6

4.22

-27.49

4.42

0.95

240-N75-USH

116.7

0.6

4.6

-28.24

4.80

0.96

240-N100-USH

117.2

0.6

4.95

-28.26

5.16

0.96

290-N50-USH

115.9

0.5

8.4

-20.00

8.72

0.96

290-N75-USH

115.9

0.5

8.95

-19.37

9.34

0.96

290-N100-USH
Edge-stiffened
hole

115.9

0.5

9.48

-18.97

9.86

0.96

240-N50-ESH

118.2

0.6

5.74

-1.37

5.85

0.98

240-N75-ESH

118.2

0.6

6.3

-1.72

6.43

0.98

240-N100-ESH

117.9

0.6

6.8

-1.45

6.86

0.99

290-N50-ESH

114.9

0.5

10.4

-0.95

10.51

0.99

290-N75-ESH

114.7

0.5

10.96

-1.26

11.13

0.98

290-N100-ESH

115.3

0.5

11.52

-1.54

11.78

0.98

0.98

0.99

Mean
COV

0.01

Table 3: comparison of the web crippling strength predicted from the finite
element analysis with the experiment results for EOF loading
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4. Conclusions
The experimental and the numerical investigations of lipped channel sections
with circular unstiffened and edge-stiffened circular web holes subjected to web
crippling have been presented. Web holes located at the mid-depth of the web
with a horizontal clear distance to the near edge of bearing plate were
considered. A series of tests was conducted on lipped channel sections with web
holes subjected to the interior-one-flange (IOF) and end-one-flange (EOF)
loading conditions. A total of 36 specimens were tested under IOF and EOF
loading conditions. The channel specimens had the measured 0.2% proof
stresses (yield stresses) of 268 MPa and 328 MPa for the two different section
sizes. For the unstiffened hole, it has been shown that for case of specimen 290N100, the web crippling strength was reduced by 12% for the IOF loading
condition. Similarly, for the case of specimen 240-N100, the web crippling
strength was reduced by 28% for the EOF loading condition. However, with the
edge-stiffened circular hole, the web crippling strength was only reduced by 3%
for the IOF loading condition and there was no reduction in strength for the EOF
loading condition. A finite element model that incorporated the geometric and
the material nonlinearities has been developed and verified against the
experimental results. The finite element model was shown to be able to closely
predict the web crippling behaviour of the channel sections, both with and
without web holes. The new web crippling test data presented in this paper can
be used to develop design rules for cold-formed steel sections.
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Abstract
A parametric study of cold-formed steel sections with edge-stiffened circular
holes subjected to web crippling under one-flange loading condition was
undertaken using finite element analysis. The effect of different hole sizes,
edge-stiffener length and distances of the web holes to the near edge of the
bearing plate on the web crippling strengths of channel sections were
investigated. The web crippling strengths are influenced by various geometry
parameters: the ratio of the hole depth to the flat portion of the web, a/h, the
location of the hole as defined by the distance of the hole from the edge of the
bearing divided by the flat portion of the web, x/h and the ratio of the edgestiffener length to the flat portion of the web, q/h. In order to find the effect of
a/h, x/h and q/h ratios on web crippling strength of channel sections with web
holes, three separate parametric studies were carried out. The results indicate
that with a suitable edge-stiffener length, the web crippling strength of coldformed steel channel section with holes can be as high as the one without holes.
In this paper, based on the finite element results a correlation are established for
the web crippling strength of the channel sections without web holes, with
unstiffened and edge-stiffened circular web holes corresponding with the ratios
a/h, x/h and q/h for the interior-one-flange (IOF) and end-one-flange (EOF)
loading conditions, respectively.
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1. Introduction
Most design specifications for cold-formed steel structural members provide
design rules for cold-formed steel channel sections without web holes; only in
the case of the North American specification (2007) for cold-formed steel
sections are reduction factors for web crippling with circular unstiffened holes
presented, covering the cases of interior-one-flange (IOF) and end-one-flange
loading (EOF), and with the flanges of the sections unfastened to the support. In
addition, in the North American specification, the holes are assumed to be
located at the mid-height of the specimen and have a longitudinal clear offset
distance between the edge of the bearing plates and the circular unstiffened web
hole.
Web crippling strength reduction factors for cold-formed steel sections with
unstiffened holes under interior-one-flange (IOF) and end-one-flange loading
(EOF) have been developed by Yu and Davis (1973), Sivakumaran and
Zielonka (1989), LaBoube et al. (1999) and Chung (1995). Zhou and Young
(2010) have recommended web crippling strength reduction factors of
aluminium alloy square hollow section under ITF and ETF loading conditions.
Uzzaman et al. (2012a, 2012b, 2012c & 2013) and Lian et al. (2016a, 2016b,
2017a & 2017b) proposed design recommendations in the form of web crippling
strength reduction factor equations for channel-sections with circular
unstiffened holes under two-flanges and one-flange loading conditions. Yousefi
et al. (2016a,2016b,2017a&2017b) also proposed unified strength reduction
factor equations for the web crippling strength of cold-formed stainless steel
lipped channel-sections with circular unstiffened web openings. However, no
design recommendations are available for cold-formed steel sections with edgestiffener web holes subject to web crippling.
Experimental and numerical investigations have been discussed in Uzzaman et
al (2017). In this paper, non-linear finite element analyses (FEA) are used to
conduct parametric studies to investigate the effects of different hole sizes,
edge-stiffener length and distances of the web holes to the near edge of the
bearing plate for the interior-one-flange (IOF) and end-one-flange (EOF)
loading conditions. The general purpose finite element program ABAQUS
(2014) was used for the parametric study. Based on the finite element results a
correlation are established for the web crippling strength of the channel sections
without web holes, with unstiffened and edge-stiffened circular web holes
corresponding with the ratios a/h, x/h and q/h for the interior-one-flange (IOF)
and end-one-flange (EOF) loading conditions, respectively.
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2. PARAMETRIC STUDY

The finite element model developed closely predicted the experimental ultimate
loads and failure modes of the channel sections with and without web holes
subjected to web crippling (Uzzaman et al, 2017). Using this validated model, A
parametric study is performed in the following section to obtained optimized
dimensions of the web holes profiles for the cold-formed steel sections
Zhou and Young (2010), Uzzaman et al, (2012b, 2012c & 2013) and Lian et al
(2016b, 2017b) and showed that the ratio of the hole depth to the flat portion of
the web, a/h, the location of the hole as defined by the distance of the hole from
the edge of the bearing divided by the flat portion of the web, x/h are the
primary parameters influencing the web crippling behaviour of the sections with
web holes. The study by Yu (2012), while limited to bending, indicates that the
ratio of the edge-stiffener length to the flat portion of the web, q/h has
significantly impact on the strength of cold-formed steel channel sections. In
order to find the effect of a/h, x/h and q/h on web crippling strength considering
web holes, three separate parametric studies were carried.
In this study section C240 was used, having a nominal depth and thickness of
240 mm and 1.85 mm, respectively. A length of bearing plate of 50 mm was
considered. The specimens were labelled according to the analysis type. For
example the label ‘X0.2-A0.4’ stands for the loading condition, bearing plate
length, web holes distance ratio (X0.2 means x/h= 0.2) and web holes ratio
(A0.4 means a/h=0.4). As can been seen on Table 1 and Table 1, Q0.04 stands
for the web holes edge-stiffener length ratio q/h =0.04.
The ratios of the diameter of the holes (a) to the depth of the flat portion of the
webs (h) were 0.4, 0.6 and 0.8. The ratio x/h (the distance of the web holes to
the depth of the flat portion of the webs) were 0.2, 0.4 and 0.6. The ratio q/h of
the length of stiffener to the depth of the flat portion of the webs were 0.04, 0.06
and 0.08.
A total of 60 specimens was analysed in the parametric study investigating the
effects of the ratio a/h, x/h and q/h. The web crippling strength of the sections
without the web holes were obtained. The cross-section dimensions as well as
the web crippling strengths (PFEA) per web predicted from the FEA are
summarised in Table 1 and Table 2 for the IOF and EOF loading conditions,
respectively.
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Specimen

Flat
web,
h (mm)

Web
holes
ratio,
(a/h)

Diameter
of web
holes, a
(mm)

Holes
distanc
e ratio,
(x/h)

Holes
distance
x (mm)

FEA load per web, PFEA (kN)

Web holes edge-stiffener
length ratio, Q (q/h)
Q0.04

Q0.06

Q0.08

A0

233.39

0.0

0.0

0

0.00

16.20

16.20

16.20

X0.2-A0.4

233.39

0.4

93.62

0.2

46.68

16.86

16.91

16.97

X0.2-A0.6

233.39

0.6

140.44

0.2

46.68

16.26

16.35

16.43

X0.2-A0.8

233.39

0.8

187.20

0.2

46.68

15.82

16.03

16.16

X0.4-A0.4

233.39

0.4

93.62

0.4

93.36

16.78

16.83

16.87

X0.4-A0.6

233.39

0.6

140.44

0.4

93.36

16.42

16.48

16.53

X0.4-A0.8

233.39

0.8

187.20

0.4

93.36

15.73

15.91

16.02

X0.6-A0.4

233.39

0.4

93.62

0.6

140.40

16.81

16.84

16.88

X0.6-A0.6

233.39

0.6

140.44

0.6

140.40

16.61

16.66

16.71

X0.6-A0.8

233.39

0.8

187.20

0.6

140.40

16.25

16.40

16.49

Table.1 Web crippling strengths predicted from FEA for IOF loading condition
Specimen

Flat
web,
h (mm)

Web
holes
ratio,
(a/h)

Diameter
of web
holes, a
(mm)

Holes
distanc
e ratio,
(x/h)

Holes
distance
x (mm)

FEA load per web, PFEA (kN)

Web holes edge-stiffener
length ratio, Q (q/h)

A0

233.39

0.0

0.0

X0.2-A0.4
X0.2-A0.6

233.39

0.4

233.39

0.6

X0.2-A0.8

233.39

0.8

186.7

0.2

X0.4-A0.4

233.39

0.4

93.4

0.4

X0.4-A0.6

233.39

0.6

140.0

0.4

X0.4-A0.8

233.39

0.8

186.7

0.4

X0.6-A0.4

233.39

0.4

93.4

X0.6-A0.6

233.39

0.6

140.0

X0.6-A0.8

233.39

0.8

186.7

Q0.04

Q0.06

Q0.08

5.81

5.81

0

0.00

5.81

93.4

0.2

46.68

5.89

5.91

5.93

140.0

0.2

46.68

5.76

5.81

5.85

46.68

5.22

5.36

5.45

93.36

5.77

5.78

5.80

93.36

5.58

5.63

5.67

93.36

5.23

5.32

5.39

0.6

140.03

5.68

5.70

5.72

0.6

140.03

5.53

5.57

5.60

0.6

140.03

5.29

5.37

5.41

Fig.9 Web crippling strengths predicted from FEA for EOF loading
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Web crippling strength per web (kN)

17
16.8
16.6
16.4
16.2
16
15.8
15.6

X0.2-Q0.04
X0.4-Q0.04
X0.6-Q0.04
No holes

15.4
15.2

X0.2-Q0.06
X0.4-Q0.06
X0.6-Q0.06

X0.2-Q0.08
X0.4-Q0.08
X0.6-Q0.08

15
0.2

0.4

0.6

0.8

1

a/h ratio

(a) IOF loading condition

Web crippling strength per web (kN)

6.1
5.9
5.7
5.5
5.3
5.1
X0.2-Q0.04

X0.2-Q0.06

X0.2-Q0.08

4.9

X0.4-Q0.04

X0.4-Q0.06

X0.4-Q0.08

4.7

X0.6-Q0.04

X0.6-Q0.06

X0.6-Q0.08

No holes

4.5
0.2

0.4

0.6
a/h ratio

(b) EOF loading condition
Fig.1
Effect of a/h ratio on web crippling strength

0.8

1
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2.1 Effect of a/h on web crippling strength
As can be seen from Fig.1, as the web hole diameter ratio a/h increases
from 0.4 to 0.8, the web crippling strength decreases against different web holes
locations and length of the edge-stiffeners for both loading conditions.
2. 2 Effect of x/h on web crippling strength
Fig.2 (a) shows the effect of web holes distance ratio x/h web crippling strength
for the IOF loading condition. With the respect of web holes diameter ratio
A0.6, the results show the increase of web crippling strength when web holes
distance ratio x/h increases from 0.2 to 0.6. For smaller web hole diameter ratio
A0.4, web crippling strength decrease when web holes distance ratio x/h
increases from 0.2 to 0.6. For the bigger hole diameter ratio A0.8, web crippling
strength decrease but eventually it increases when web holes distance ratio x/h
increases 0.4 to 0.6.
Fig.2 (b) shows the effect of web holes distance ratio x/h web crippling strength
for the EOF loading condition. With the respect of web holes diameter ratio
A0.4 and A0.6, the results show the decrease of web crippling strength when
web holes distance ratio x/h increases from 0.2 to 0.6. For the bigger hole
diameter ratio A0.8, web crippling strength decrease but eventually it increases
when web holes distance ratio x/h increases 0.4 to 0.6.
2. 3 Effect of q/h on web crippling strength
It is seen from Fig.3 the parameter q/h noticeably affects the web crippling
strength. Web crippling strengths are improved when the sections have edgestiffened circular holes in the web and the increasingly grows as the hole
diameter becomes larger for the IOF and EOF loading conditions.
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Web crippling strength per web (kN)

17
16.8
16.6
16.4
16.2
16
15.8
15.6
Q0.04-A0.4
Q0.06-A0.4
Q0.08-A0.4
No holes

15.4
15.2

Q0.04-A0.6
Q0.06-A0.6
Q0.08-A0.6

Q0.04-A0.8
Q0.06-A0.8
Q0.08-A0.8

15
0

0.2

0.4

0.6

0.8

x/h ratio

(a) IOF loading condition

Web crippling strength per web (kN)

6
5.8
5.6
5.4
5.2
Q0.04-A0.4
Q0.06-A0.4
Q0.08-A0.4
No holes

5
4.8
0

0.2

Q0.04-A0.6
Q0.06-A0.6
Q0.08-A0.6

0.4
x/h ratio

(b) EOF loading condition
Fig.2

Effect of x/h ratio on web crippling strength

Q0.04-A0.8
Q0.06-A0.8
Q0.08-A0.8

0.6

0.8
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Web crippling strength per web (kN)

17
16.8
16.6
16.4
16.2
16
15.8
15.6
X0.2-A0.4
X0.4-A0.4
X0.6-A0.4
No holes

15.4
15.2
15
0.02

0.04

X0.2-A0.6
X0.4-A0.6
X0.6-A0.6

0.06

X0.2-A0.8
X0.4-A0.8
X0.6-A0.8

0.08

0.1

q/h ratio

(a) IOF loading condition

Web crippling strength per web (kN)

6
5.8
5.6
5.4
5.2
X0.2-A0.4
X0.4-A0.4
X0.6-A0.4
No holes

5
4.8
0.02

0.04

X0.2-A0.6
X0.4-A0.6
X0.6-A0.6

0.06
q/h ratio

(b) EOF loading condition
Fig.3

Effect of q/h ratio on web crippling strength.

X0.2-A0.8
X0.4-A0.8
X0.6-A0.8

0.08

0.1
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4. Conclusions
A parametric study was carried out to study the effects of web holes sizes,
location of the holes and length of the edge-stiffener on the web crippling
strengths of the channel sections. It is shown that the ratios a/h, x/h and q/h are
the primary parametric relationships influencing the web crippling behaviour of
the sections with the web holes. Based on the finite element results a correlation
was established for the web crippling strength of the channel sections without
web holes, with unstiffened and edge-stiffened circular web holes corresponding
with the ration a/h, x/h and q/h for the IOF and EOF loading conditions,
respectively. In order to restore original the web crippling strength for the IOF
loading condition for a section having a web hole ratio a/h of 0.6 with holes
distance ratio x/h of 0.2, it can be recommended that the holes edge-stiffener
length ratio q/h be at least 0.04. Similarly, for the EOF loading condition, it can
be recommended that the holes edge-stiffener length ratio q/h be at least 0.06.
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Abstract
In the latest North American Specification for the design of cold-formed steel
structural members AISI S100-16, an empirical approach is specified to design
beams with web holes in shear. Recently, a Direct Strength Method (DSM) of
design for shear for perforated beams with the aspect ratio (shear span / web
depth) of 1.0 has been proposed. This paper presents a comprehensive review of
the proposal and an experimental validation using a test series on beams with the
aspect ratio of 2.0 and with various square and circular web opening sizes
conducted at the University of Sydney, and other experimental data collected
from the literature. As a result, it is proven that the earlier proposal reliably
predicts the shear strength of perforated structures with centrally located square
and circular web holes and with an aspect ratio up to 2.0.
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Introduction and Background
For unperforated members subjected to shear force, the DSM design rules in the
AISI S100-16 Section G2.2 (AISI 2016) and the AS/NZS4600:2018 (Standards
Australia 2018) allow a direct computation of the shear strength as follows:
For λ  0.776
v
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kv is shear buckling coefficient of the whole section assuming an
average buckling stress in the web, which is given in Pham and
Hancock (2009, 2012a) for plain lipped channels based on the Spline
Finite Strip Method (SFSM), h is the depth of the flat portion of the
web, t is the thickness of the web, E is Young's modulus of steel, and ν
is Poisson's ratio of steel.
Vy is the yield shear load of the flat web, Vy = 0.6FyAw where Aw is the
cross sectional area of the flat web element, Fy is the design yield
stress
However, for perforated members in shear, both the AISI S100-16 and the
AS/NZS 4600:2018 still adopt an empirical approach based on the experimental
research by Shan et al. (1994), Schuster et al. (1995), and Eiler et al. (1997).
This method allows the shear strength of structures with web holes to be
computed as a product of a strength reduction factor qs and the shear strength of
unperforated members. Keerthan and Mahendran (2014) proposed new
empirical equations to determine the shear reduction factors relying on the ratio
of the circular web opening depth (D) to the clear web height (d1). These new
design formulae were generated by fitting the test results on members with
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circular openings; thus, their application for other perforation shapes requires
further interpretation. Nonetheless, the preceding approaches are not in line with
the DSM design philosophy, which has been implemented in the design for
other resultant actions, i.e., bending, compression (for both perforated and
unperforated members), and shear (for unperforated members only). Therefore,
a DSM design approach for perforated members in shear is required to unify
cold-formed steel structural design.
Recently, Pham et al. (2017a) proposed a DSM approach to design beams with
web openings with an aspect ratio of 1.0. The method allows the DSM rules for
unperforated members as per the AISI S100-16 and AS4600:2018 to be used but
with modification of the elastic shear buckling load (Vcrh) and the plastic shear
capacity (Vyh) to account for the influence of the web holes. The buckling load
can be determined by a rational linear elastic buckling analysis using such finite
element computer packages as Abaqus, Strand7 or software employed finite
strip analysis such as ISFSM (Eccher 2007). For shear spans with an aspect ratio
of 1.0, designers are also able to calculate Vcr on the basis of the shear buckling
coefficients (kv) extracted from non-dimensional graphs or fitted equations
(Pham 2017). Alternatively, Pham et al. (2017b) generated a database of
buckling coefficients for channel sections with different square central web hole
sizes and aspect ratios using the finite element package Abaqus (Dassault
Systèmes Simulia Corp. 2014). This database was used to derive a simple
expression for kv on the basis of non-dimensional geometrical parameters as
follows:
kv  5.39

d
L
A
h
 3.33 h  17.7 h  11.9 o  5.27
A
a
h
a

(3)

where a is the length of the shear span; h is the flat web depth; Lh is the width of
web opening; dh is the depth of web opening; Ao is the surface area of the web
opening; A is the surface area of the flat web plate. The equation, however, does
not consider the influence of the flange width on the shear buckling which is
important for sections with narrower flanges. This is not an issue for
commercially available cold-formed steel sections in Australia, but it should be
addressed as common sections in other parts of the world, for example in the
U.S.A, might have relatively narrow flanges.
Pham et al. (2017a) proved that, in terms of buckling capacity, there is a
correlation between the circular and square hole dimensions expressed as
d=0.825D where d is the square size, and D is the circle diameter. As a result,
the shear buckling of beams with circular holes can be determined by
transforming the circular shape into a square shape.
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Pham et al. (2017a), on the basis of an underlying interpretation of the shear
yield load and finite element analyses, proposed a design model for the shear
yield load for sections with holes (Vyh). The model ranges from the unreduced
plastic shear capacity for structures with small holes to the shear yielding
capacity derived from a Vierendeel plastic mechanism for members with large
web holes as mathematically described by
d
When 0  h  0.10 ,
(4a)
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where Vvrd is determined by Eq. (5); and Vvrd,0.6 is the value of Vvrd computed for
the perforated section with the ratio of dh/h= 0.6.

Vvrd 

4 M pv
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Lh

where Mpv is the plastic bending capacity of the top (or bottom) segment above
(or below) the opening, including the flanges and lips, provided that the hole is
centrally located; for cold-formed steel sections, the rounded corners are
considered as squares for simplicity; and Lh is the width of the web opening.

(a) Case 1

(b) Case 2

Figure 1. Location of plastic neutral axis
Figure 1 shows two practical positions of the plastic neutral axis on the top half
of a channel section at the location of the web hole. Case 1 corresponds to the
neutral axis passing through the top flange with yn being the distance from the
top fibre to the axis, whereas Case 2 is associated with the neutral axis lying
below the top flange but it is most likely to cross the lip. The distance yn is
determined as follows:
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Consequently, the plastic moments corresponding to the two cases are computed
as follows:
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The DSM of design with the modified Vcrh and Vyh determined as above was
validated against the experiments on channel section beams with square and
circular openings and with an aspect ratio of 1.0 (Keerthan and Mahendran
2013; Pham et al. 2014; Pham et al. 2016). It was found that the proposal
reliably predicted the shear strength of those perforated sections. However, its
applicability has been restricted to shear spans with an aspect ratio of 1.0.
Further, the experiments as mentioned used a central point load test rig which
generated a constant shear force along the shear span and a single curvature
bending moment gradient. As discussed in greater detail in Pham et al. (2018),
this moment gradient does not affect the shear strength of beams with an aspect
ratio of 1.0. For longer shear panels, however, a substantial strength reduction
occurs due to bending effects. Therefore, a more appropriate testing apparatus,
referred to as the dual actuator test rig, was developed and validated (Pham et al.
2018). The new test rig was able to minimize the applied bending moments
along the shear span, thus enabling the shear strength of beams with an aspect
ratio of 2.0 close to pure shear to be achieved. Further details regarding this test
rig can be found in the above-mentioned reference.
This paper introduces a test series on high strength cold-formed steel beams with
an aspect ratio of 2.0 and with various square and circular web holes using the
dual actuator test rig. The experimental results are used to validate and extend
the DSM proposal of shear design for structures with web holes as mentioned
previously. Further, a revised equation to determine the shear buckling
coefficients (kv) including the influence of the flange width is also presented.
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Test Configuration
A detailed description of the test configuration can be found in Pham et al.
(2018), and only a brief description is provided in this paper. Figure 2 shows a
schematic diagram of the main features of the test setup. The cantilevered coldformed steel beam was bolted to a stocky column by a moment connection using
high strength M12 bolts on the web and M10 bolts on the flanges.

Figure 2. Diagram of the test setup

Figure 3. Three dimensional rendered image of the overall test setup
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The beam was loaded by two actuators via two 20 mm loading plate assemblies
bolted to the beam web. Each MTS actuator has a capacity of 253 kN in
compression and 162 kN in tension, and has a stroke of 508 mm. They are
controlled simultaneously by an MTS FlexTest Controller. These actuators are
able to move independently with different rates, thus the ratio of the applied
moments at the ends of the shear span can be controlled by adjusting these
moving rates. In Figure 2, only one channel is shown for clarity. The actual test
comprised two channels bolted back to back to the two sides of the loading
plates as seen in the 3D rendered Figure 3.
Figure 4 shows an actual test on cold-formed channels with a 145 mm diameter
circular web hole. The distortion of the flanges of the two C-section beams was
prevented by the 30x30x3EA straps screwed to both top and bottom flanges as
used by Pham and Hancock (2012b). The verticality of the system was
maintained by means of four pairs of turnbuckles as seen in Figure 3 and 4.

Figure 4. Test specimen during loading
Instrumentation and Test Procedure
During the tests, ten linear variable differential transformers (LVDTs) were used
to track the deformation and displacements of the specimens. Of these, six were
employed to track the vertical displacements along the length of the beam, and
two were mounted to the shear panel adjacent to the opening along the diagonal
tension band to measure the out-of-plane deformation. The other two LVDTs
were used to track the horizontal movement of the column to which the beams
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were fixed. Further, two inclinometers were attached to the top flanges of the
specimen pair. The locations of the instruments can be seen in Figure 4. Vishay
Model 5100B scanners and the Vishay System 5000 StrainSmart software were
used to record the measured data.
The primary aim of the test configuration was to minimize the applied bending
moments in the shear span, thus allowing a state close to pure shear to be
achieved. This was accomplished by maintaining an applied moment ratio of MC
to MB of -1.0 where MC and MB are the moments at the connection and at the
other end of the shear span, respectively. A default moment rate of 0.5 mm/min
was used for both actuators at the beginning. The rate was adjusted according to
the actual variation of the moments MC and MB monitored in real time so that the
ratio of MC/MB approached -1.0.
Test Matrix
The test series on beams with web holes comprised twelve tests on 200 mm deep
and 1.5 mm thick G450 lipped channel sections with square and circular web
holes and with an aspect ratio of 2.0. Of these, six tests were performed on
channel sections with square hole sizes (dh) of 40 mm, 80 mm and 120 mm,
consistent with the dimensions used by Pham et al. (2014, 2016); and six tests
on sections with circular web holes with the diameters (D) of 50 mm, 100 mm
and 145 mm. These equivalent square hole sizes were calculated and rounded
from the circular diameters using the relation dh=0.825D. This conversion
enables the shear design of structures with circular web holes by transforming
the circles to the equivalent square openings as discussed in Pham et al. (2017a).
The test matrix is summarised in Table 1. A typical test designation of “C20015S40” is defined as follows
 “C200” indicates a channel section with the web depth of 200 mm,
 “15” indicates the thickness times 10 in mm,
 “S40” indicates a square hole size (dh) of 40 mm. Alternatively, “C50”
indicates a circular hole with the diameter (D) of 50 mm.
The material yield stress (fy) was measured by tensile coupon tests and the
average value is provided in Table 1.
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Table 1. Test matrix - Beams with web holes
Test
designation

Shear
span
(mm)

Hole
shape

C20015-S40
C20015-S80
C20015- S120
C20015-C50
C20015-C100
C20015-C145

400
400
400
400
400
400

Square
Square
Square
Circular
Circular
Circular

Hole
size
(dh, D)
(mm)
40
80
120
50
100
145

Equivale
nt square
size (deq)
(mm)
40
80
120
41.3
82.5
119.6

Steel
grade
G450
G450
G450
G450
G450
G450

Measured
yield
stress (fy)
(MPa)
538.9
538.9
538.9
538.9
538.9
538.9

No of
tests

Experimental Results
The ultimate shear forces, Vn,T, of the test series are summarised in Table 2. The
average shear strength of tests on the same section, aspect ratio and material but
without web holes (Pham et al. 2018), designated as S2-C20015, is included for
comparison. Further, the shear test results on similar channel sections with an
aspect ratio of 1.0 and with square web holes conducted by Pham et al. (2014)
are reproduced in the last two columns.
It is noted that there is a difference in the yield stresses of these two test series.
Therefore, the ultimate shear strength is normalised to the shear yield load (Vy)
of the corresponding unreduced sections. The equivalent square hole size (deq) is
the actual size of the square hole (dh) or the value of 0.825D for the circular hole
with a diameter of D; h is the flat web depth. As can be seen, with the inclusion
of the web holes, the shear strength reduction varies from approximately 10% to
70% when the ratio of the equivalent square hole size to the flat web depth
(deq/h) ranges from 0.21 to 0.63. In comparison with the aspect ratio of 1.0 tests
(Pham et al. 2014), there is little discrepancy between the shear strength of the
tests with large web openings regardless of the aspect ratios. The difference is
approximately 8.8% for the 120 mm square holes. This is contrary to the case of
beams with smaller openings where the difference in the shear strength is more
substantial, approximately 16% for beams with 40 mm square holes. As a result,
it can be concluded that the large aspect ratio has a noticeable influence on the
shear strength of structures with relatively small holes. The ratio, however,
causes little effect on beams with substantial web holes. This is because the local
stresses around the large holes followed by a Vierendeel failure mechanism as
discussed in Pham et al. (2017a) govern the overall behaviour of the members.

2
2
2
2
2
2
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Further, it can be observed from the normalised shear strength in Table 2 that the
strength of beams with circular openings is very close to the strength of beams
with corresponding square openings. For instance, the difference is of maximum
of circa 5% for the pair of 80 mm square hole size and 100 mm diameter circular
hole. This close agreement proves that, in terms of the shear strength, the
circular holes can be transformed into square ones using the relation deq =
0.825D.
Table 2. Experimental results
Test Series AR 2.0

Shear
span
(mm)

Hole
Size
(dh, D)
(mm)

deq/h

S2-C20015

400

0

C20015-S40-1
C20015-S40-2
C20015-S80-1
C20015-S80-2
C20015-S120-1
C20015-S120-2
C20015-C50-1
C20015-C50-2
C20015-C100-1
C20015-C100-2
C20015-C145-1
C20015-C145-2

400
400
400
400
400
400
400
400
400
400
400
400

40
40
80
80
120
120
50
50
100
100
145
145

Designation

Vn,T
(kN)

Vn,T
/Vy

0.00

47.6

0.50

0.21
0.21
0.42
0.42
0.63
0.63
0.22
0.22
0.43
0.43
0.63
0.62

42.1
42.7
29.0
28.6
14.8
15.2
41.9
41.8
27.5
27.9
15.0
15.7

0.44
0.45
0.31
0.30
0.15
0.16
0.44
0.44
0.29
0.29
0.16
0.17

Pham et
al.(2014)AR 1.0
Vn,T
(kN)

Vn,T
/Vy

46.5

0.530

30.0

0.34

14.8

0.170

na

Figure 5 shows typical failure mode shapes of the tests on beams with square
and circular holes. Diagonal shear bands across the whole shear span occurred
for beams with small web openings (40 mm square hole and 50 mm circular
hole), whereas more localised shear bands were observed for beams with
substantially large openings (120 mm square hole and 145 mm circular hole).
This indicates that, for the beams with the large web holes, local effects at the
areas close to the holes have a significant role in dictating the shear failure
bands. The beams with square holes fractured in the direction perpendicular to
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the shear bands at the corners of the openings even though the corners are
rounded to 5 mm. The fracture, however, occurred after the peaks and thus out
of the scope of this study.

(a) Square hole size of 40 mm

(b) Square hole size of 120 mm

(c) Circular hole with a 50 mm diameter

(d) Circular hole with a 145 mm diameter
Figure 5. Shear failure of beams with square and circular web holes
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DSM Validation
The DSM shear proposal (Pham et al. 2017a) employed the existing DSM
design formulae for unperforated structures described by Eqs. (1) and (2) but
with modified shear buckling force (Vcrh) and with the yield shear load (Vyh)
reformulated to account for the influence of the web holes. This section provides
a revised equation to compute the shear buckling coefficient (kv), whereas the
yield shear load is determined by Eq. (4), followed by a validation of the DSM
proposal using the experimental shear strength as presented previously.
Pham et al. (2017b), from a database of shear buckling coefficients (kv), derived
a simple expression for kv as in Eq. (3) using an artificial neural network Matlab
Toolbox. In this paper, the database was extended to cover more input
parameters including the flange width. 768 finite element models with central
square web holes as described in Pham et al. (2017b) were constructed and
analysed, aided by a customised Matlab code to generate the Abaqus input files,
and a Python script to run the eigenbuckling analyses using the Abaqus
processor and extract the buckling loads. The models included 200 mm deep
channel section beams with aspect ratios of 1.0, 2.0 and 3.0; square hole sizes
with the dh/h ratio ranging from 0.1 to 0.8; thicknesses of 1.2, 1.5, 2.4 and 3.0mm and flange widths of 50, 60, 75 and 85-mm. The buckling coefficients were
subsequently back computed, and the database was input to the neural network
to generate the following equation to approximate the values of kv:
bf
A
d
L
h
kv  6.15  3.63 h  19.58 h  13.88 o  0.57
 4.86
A
h
a
h
a

(8)

The experimental results as presented previously are used to validate and the
DSM proposal of design for shear. Table 3 summaries the DSM predictions
compared with the experimental shear strengths. The shear buckling force (Vcrh)
was determined by buckling analyses using the computer package Abaqus, Vn,T
is the experimental shear strength of beams with holes and with the aspect ratio
of 2.0, Vyh is the yield shear load determined in accordance with Eqs. (4) and
(5), Vn,DSM is the shear strength predicted by the DSM with the modified Vcrh and
Vyh. The ratios of the test results (Vn,T) to the predicted values (Vn,DSM) are shown
in the last column together with their coefficient of variation (CoV) of 3.29%
and a mean value of 0.98. These prove a reliable and consistent prediction for
the proposal.
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Table 3. Shear strength of beams with holes with an aspect ratio of 2.0
Designation

Shear
span
(mm)

Hole
Size
(mm)

Vn,T
(kN)

Vcrh
(kN)

Vyh
(kN)

C20015-S40-1
C20015-S40-2
C20015-S80-1
C20015-S80-2
C20015-S120-1
C20015-S120-2
C20015-C50-1
C20015-C50-2
C20015-C100-1
C20015-C100-2
C20015-C145-1
C20015-C145-2

400
400
400
400
400
400
400
400
400
400
400
400

40
40
80
80
120
120
50
50
100
100
145
145

42.1
42.7
29.0
28.6
14.8
15.2
41.9
41.8
27.5
27.9
15.0
15.7

20.7
20.2
13.8
13.5
9.3
9.2
20.0
20.5
13.4
13.2
9.2
8.7

80.7
81.2
54.2
54.4
27.6
27.4
79.9
80.4
52.5
52.7
27.6
27.1

Vn,DSM
(kN)

Vn,T/
Vn,DSM

42.8
1.97
42.6
2.00
28.6
1.98
28.5
2.01
16.1
1.72
16.0
1.72
42.0
2.00
42.5
1.98
27.8
1.98
27.7
2.00
16.1
1.74
15.6
1.76
Mean
SD
CoV (%)

0.98
1.00
1.01
1.00
0.91
0.95
1.00
0.98
0.99
1.01
0.94
1.01
0.98
0.03
3.29

v

The test results are normalised and plotted against the DSM design curve (Eq. 1)
as shown in Figure 6. The abscissa depicts the section slenderness (v), whereas
the ordinate represents the ratio of the shear test results (Vn,T) to the modified
shear yield load (Vyh). In this figure, the experimental results of the members as
shown in Table 3 are plotted as the solid circles and solid squares for tests with
circular and square web holes, respectively. The test results on perforated beams
with the aspect ratio of 1.0 conducted by Pham et al. (2014, 2016) and by
Keerthan and Mahendran (2013) are also included as hollow points. The graph
clearly indicates that the DSM curve is able to predict well the shear strength of
cold-formed steel channel sections with circular and square web holes, and with
aspect ratios up to 2.0. Furthermore, the test results on longer shear spans seem
to better follow the curve in comparison with the tests on channels with the
aspect ratio of 1.0. The explanation is based on the fact that the former test series
was subjected to a minimal moment gradient, thus the shear strength was
consistently close to a pure shear strength.
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Pm=1.04

Vn,T / Vyh

1.0

CoV=6.05%

0.8
0.6
DSM for shear

0.4

Square web hole - AR2
Circular web hole - AR2

0.2

Square web hole - AR1 (Pham et al. (2014, 2016))
Circular web hole - AR1 (Keerthan and Mahendran (2013))

0.0
0.0

0.5

1.0

1.5

v  V yh / Vcrh

2.0

2.5

3.0

Figure 6. Experimental results in comparison with the DSM shear curve
The mean value and the coefficient of variation of the Vn,T/ Vn,DSM ratios for 30
tests on the perforated beams with the aspect ratio of 1.0 (Pham et al. 2014,
2016; Keerthan and Mahendran 2013) and 12 tests on the perforated beams with
the aspect ratio of 2.0 as presented in Table 3 are 1.04 and 6.05%, respectively.
Comparison with the AISI S100-16
The AISI S100-16 Section G3 allows the shear strength of C-section webs with
holes to be determined in accordance with Section G2, with Vcr computed using
G2.3, multiplied by the strength reduction factor qs. It is therefore interpreted
that Section G2.2 can be used to obtain the shear strength of transversely
stiffened beams using the elastic shear buckling force of the flat web alone (not
the shear buckling of the full cross-section). Table 4 compares the shear strength
obtained by the tests (Vn,test) and the strength predicted by the AISI S100-16
Section G3 (Vn,G3). It can be seen that the predictions are close for beams with
relatively small web openings. However, for members with large web holes, the
AISI provision for shear with holes unexpectedly over-estimates the shear
strength, as high as 72% above the experimental result. Further, the CoV of
16.4% indicates the inconsistency of the prediction.
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Table 4. Shear strength predicted by the AISI S100-16 Section G3
a
(mm)

dh
(mm)

t
(mm)

h
(mm)

Vn,test
(kN)

qs

Vn,G3
(kN)

Vn,test/
Vn,G3

C20015-S40-1

400

40

1.54

191.3

42.1

0.91

43.8

0.96

C20015-S40-2
C20015-S80-1*

400
400

40
80

1.53
1.54

191.8
191.2

42.7
29.0

0.92
0.67

43.8
32.2

0.98
0.90

C20015-S80-2*
C20015-S120-1*

400
400

80
120

1.53
1.55

191.7
191.6

28.6
14.8

0.68
0.43

32.2
20.8

0.89
0.71

C20015-S120-2*

400

120

1.54

191.7

15.2

0.43

20.8

0.73

C20015-C50-1
C20015-C50-2

400
400

50
50

1.54
1.55

191.8
191.2

41.9
41.8

0.94
0.93

45.3
45.3

0.92
0.92

C20015-C100-1
C20015-C100-2

400
400

100
100

1.55
1.53

191.3
191.4

27.5
27.9

0.72
0.73

35.1
34.9

0.78
0.80

C20015-C145-1
C20015-C145-2

400
400

145
145

1.54
1.50

191.4
191.6

15.0
15.7

0.54
0.55

25.8
25.4

Mean

0.58
0.62
0.82

SD
CoV (%)

0.13
16.35

Designation

Note: * Hole dimensions are out of the limits as per the AISI S100-16 Section G3

Conclusion
The paper presents an experimental program on beams with the aspect ratio of
2.0 and with various square and circular opening sizes using a dual actuator test
setup. The new test rig minimized applied bending moments along the shear
span, thus allowing a state close to pure shear to be achieved. The experimental
shear strength is used to further validate the DSM proposal of shear design for
beams with web openings and with aspect ratios up to 2.0. It was shown that
once the shear buckling force and the yield shear load are reformulated to
include the influence of the web holes, the existing DSM design rules are
capable of predicting reliably the shear strength of perforated structures.
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A Preliminary Study on Stainless Steel Hollow Flange Beams
Featuring Lateral-Distortional Buckling
Shuang NIU 1, Zhidong ZHANG 2, Feng FAN 3
Abstract
To explore the potential of using stainless steel structurally, extensive research
has been carried out to study the structural behavior of stainless steel member as
associated with the nonlinear stress-strain relationship. Hollow flange sections
feature improved structural efficiency and a unique issue of web distortion. Steel
hollow flange sections have been studied and commercially distributed (e.g. the
very first HFB section and lately LSB section). As a proactive study, this paper
investigates stainless steel hollow flange beams of double-symmetric section
with numerical modeling and parametric analysis. The validity of the idealized
FE model was verified with existing study on steel counterparts. Specifically,
three alloys (S30401, S44330, S32101) and a series of sections and member
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spans were covered. Preliminary conclusions were drawn about the effects of
material nonlinearity, work-hardening and lateral-distortional buckling on the
member strengths. Performance of current design provisions (AS4100,
AS/NZS4600, EC3, CECS410) were evaluated and it was found that Eurocode
3-1.4 beam design curve has a better overall prediction of the member strength.
Introduction
Hollow flange beams comprise an innovative type of cold-formed sections (see
Fig. 1). They offer structural efficiency mainly due to the torsionally rigid closed
flanges refraining the member flexural-torsional buckling and the flange local
buckling. Strength enhancement in material is also obtained in the cold-worked
flanges. However, because of the relatively slender web element, hollow flange
beams are affected by lateral-torsional buckling, featuring simultaneous lateral
deflection, twist, and web distortion. Two types of steel hollow flange beams
(Fig. 1) have ever been extensively studied and commercially distributed under
the name HFB (Hollow Flange Beam) and LSB (Lite-Steel Beam developed by
LiteSteel Technologies) respectively. Note that ‘HFB’ in this context refers to
the beam with a section of Fig. 1(a). While stainless steel HFBs are not yet seen
in practical use, they offer an attractive structural solution and might be used to
further explore the benefits in structural application of stainless steel.
weld

weld

weld

weld

(a) HFB section.
(b) LSB section.
Fig. 1 Two hollow flange sections in practical use.
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Cross-sections
The HFB sections in Avery(2000) were adopted for the current study and the
precise dimensions are tabulated in Table 1. ‘45090HFB38’ in Avery(2000) or
‘450-38’ for abbreviation both denote the cross-section of 450mm height
(external size) and 3.8mm thickness, all sections’ b taken as 74mm.
Table 1. Dimensions (mid-plane size) of HFBs for FE modeling in current study (units: mm)
h

b

r

t

b/t

h/t

45090HFB38

450-38

446.2

370

74

6.1

3.8

19.5

97.4

40090HFB38

400-38

396.2

320

74

6.1

3.8

19.5

84.2

35090HFB38

350-38

346.2

270

74

6.1

3.8

19.5

71.1

30090HFB38

300-38

296.2

220

74

6.1

3.8

19.5

57.9

30090HFB33

300-33

296.7

219

74

6.35

3.3

22.4

66.4

30090HFB28

300-28

297.2

218

74

6.6

2.8

26.4

77.9

25090HFB28

250-28

247.2

168

74

6.6

2.8

26.4

60.0

25090HFB23

250-23

247.7

168

74

6.85

2.3

32.2

73.0

20090HFB23

200-23

197.7

118

74

6.85

2.3

32.2

51.3

b

r

t

H

H

h

Designation

Numerical model and calibration
Numerical models were developed with software package ABAQUS 6.11. For
loading and boundary conditions, pinned ends and uniform bending moment
were modeled without introduction of warping constraints. A scheme shown in
Fig. 2 was used. Three reference points RP1~RP3 were first created at both
member ends, then a rigid body constraint was imposed taking RP1 as the active
node and the RP2, RP3 and web edge as slave parts. Another two sets of
multipoint constraints (MPC) were then defined over the two hollow flanges
taking RP2 and RP3 as the active nodes and the hollow flange edges as the slave
parts. End restraints and bending moments were applied at the controlling node
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“RP1” at both ends. Specifically, at one end Ux、Uy、Uz、URx were restrained,
and at the other end Uy、Uz、URx were restrained (longitudinal direction x and
vertical direction y).
For material properties, Austenitic S30401, ferritic S44330, and lean duplex
S32101 as per the ASTM unified numbering system were considered and they
are also simply referred to as 304, 443 and 2101 in this paper. The cold-forming
process of HFB sections result in considerable strength enhancement in the
entire hollow flange region, a schematic figure of nominal strength within a
HFB section is provided in Fig. 3, in which the web region assumes virgin sheet
material properties and the hollow flange (flange flat portions and corners)
assumes higher strengths. It is also necessary to distinguish the compression and
tension part of the section. These strengths were evaluated with the related
literature

including

Cruise&Gardner

(2008),

Ashraf&Gardner

(2005),

Huang&Young (2012), Niu (2014), Rasmussen (2003). And in order to
eliminate the stress concentration caused by concentrated bending moment at
both FE model ends, the material was set to be ideal elastic in the 20 mm spans
at both ends. The virgin flat material properties of three alloys are available in
Niu(2014), and tensile material parameters in the current study are listed in
Table 2. The engineering stress-strain relationships above are also transformed
into true stress-strain relationships as inputs of ABAQUS.
Table 2. Engineering material parameters in tension used in the current study
Material

Austenitic S30401 (304)

Ferritic S44330 (443)

Lean duplex S32101 (2101)

Web

Flange

Corner

Web

Flange

Corner

Web

Flange

Corner

198.1

198.1

195.6

201.5

201.5

209.3

198.2

198.2

205.5

6.5

6.5

4.7

13.1

13.1

6.2

6.9

6.9

4.5

f0.2 (MPa) 244.9

415

700

287.9

488

536

489.8

830

757.7

fu (MPa) 719.7

844

1543

428.3

524

568

709.3

852

890

E0 (GPa)
n

(\)

The consistent mode imperfection was incorporated into the FE model based on
the ABAQUS BUCKLE analysis. The lowest order lateral-torsional buckling
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mode and local buckling mode were first normalized. And according to Avery
(2000), the lateral-torsional buckling mode imperfection amplitude is taken as
Length/1000 while local buckling mode imperfection amplitudes of the flange
and the web are taken as 0.01*B and d/150 respectively where B denotes total
flange width and d represents net web height.

Corner

RP2
RP2
y
x
z

RP1

Flange
Web

RP3

Rigid Body
definition

RP3

MultiPoint
Constraint

Fig. 2 Pinned end connection modeling.

Fig. 3 Nominal strengths within a HFB
section.

Cold working process would bring about the nonlinear residual stress
distribution including the membrane and bending components. Jandera
&Gardner (2008) and Gardner&Cruise (2009) show that the membrane stress
value is relatively low while the bending stress value is relatively high which
could make a difference in the member structural performance. The material
parameters adopted in current study were from the tests whose coupons were cut
from the raw steel plate in Niu(2014). Referenced from Jandera &Gardner
(2008), the bending residual stress component’s distribution law of a quadrate
section is indicated in Fig. 4 and the distribution law along the thickness
direction is presented in Fig. 5. The bending residual stress amplitude of the
corner portion is 0.37*σ0.2 while the flat portion amplitude is 0.63*σ0.2. The
ABAQUS SIGINI subroutine was adopted to incorporate the bending residual
stress in the FE model.
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Fig. 4 Bending residual stress distribution law in
the quadrate steel section.

Fig. 5 Bending residual stress distribution law
along the thickness direction.

Shell element S4R was adopted for the FE model. Mesh sizes of 30mm, 20mm,
10mm were adopted to generate different FE models for convergence check.
The results show that 20mm mesh size could guarantee the simulation
convergence and accuracy, also improving the computational efficiency.
Due to vacancy of experimental data of stainless steel HFBs, results for its steel
counterparts in Avery (2000) were used for calibration of idealized FE models.
So the HFB idealized FE model’s material properties, member imperfections
and residual stresses were defined the same as the corresponding settings in
Avery (2000). Taking 450-38 and 250-23 section for validity check, the validity
check results are close, and only the 450-38 section check results are presented
in Table 3. The elastic buckling critical load and the nonlinear ultimate capacity
are listed in column (1) and (4) while the corresponding values in Avery (2000)
are listed in column (2) and (5), respectively. The ratios of this paper’s value to
Avery’s value are listed in column (3) and (6), respectively. It could be found
that the current FE model’s prediction values are very close to those of Avery
(2000) model which were verified against experiment data. Therefore, the
current model is deemed accurate enough and it is modified in material
constitutive behaviors to investigate their stainless steel counterparts.
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Table 3. 45090HFB38 model validity check results
Span(m)

(1) (kN.m)

(2) (kN.m)

(3)(%)

(4) (kN.m)

(5) (kN.m)

(6)(%)

1.5

197.55

194.80

1.01

142.39

141.15

1.01

2.0

126.24

125.60

1.01

105.87

107.39

0.99

2.5

94.82

94.90

1.00

84.58

86.77

0.97

3.0

78.21

78.50

1.00

72.12

74.17

0.97

4.0

60.81

60.90

1.00

58.06

58.58

0.99

5.0

51.01

50.80

1.00

49.71

49.64

1.00

6.0

44.21

43.80

1.01

43.71

43.29

1.01

8.0

34.98

34.20

1.02

35.55

34.62

1.03

Average

1.01

Average

1.00

SD

0.007

SD

0.019

Parametric study and results
Parametric study was carried out to reveal the effects of material nonlinearity,
cold-work hardening, and lateral-distortional buckling on the member strength.
Three scenarios of material model were proposed.
Model A: As shown in Fig. 6(a), The web is assigned with the virgin flat sheet
material properties. The stainless steel sheet is first roll-formed into a closed
circular section and then roll-formed into a triangle hollow flange, so the flange
flat portion adopts enhanced material properties and the flange corner area
adopts higher strength material properties. According to Cruise&Gardner (2008),
four portions with 2*t width neighbouring the two flange corners should be
assigned with material properties same with the flange corners where t is the
section thickness.
Model B: As indicated in Fig. 6(b), both the web and the flange flat portion are
assigned with the virgin flat sheet material properties. Only the flange corner is
assigned with enhanced material properties because it will not buckle and its
strength is always effective. So this scenario is calculated as a conservative
lower bound of the member capacity, following the same principle of current
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stainless steel design standards (i.e. no strength enhancement due to
cold-forming is included in the member strength indices).
Model C: A hypothetical material called 304E with the same nominal strength of
304 stainless steel and an ideal bi-linear stress strain relationship, is further
introduced into the model B. Other settings of model C are the same with model
B. Through the comparison between B and C models, a better understanding of
stainless steel nonlinearity effects on member performance could be obtained.
To sum up, model A harnesses strength enhancements while model B does not
account for the strength enhancements of flange flat portion. And model C
adopts artificial 304E material (bilinear stress-strain curves) for appreciating the
effects of gradual yielding and strain hardening on the member strength.

(a) Model A.

(b) Model B.

Fig. 6 Two nominal strength assignment schemes within a HFB section.

In this paper, 470 specimens were simulated in total, covering nine
cross-sections, ten spans ranging from 0.25m to 10m, four material properties
including 304, 443, 2101 stainless steel and artificial 304E material, and two
material assignment schemes.
After conducting the elastic buckling analysis of each case, it could be seen that
three most common buckling modes are global-distortional buckling, web and
flange local buckling (see Fig. 7). Local buckling of webs and flanges tended to
be low order buckling modes in short span members while global-distortional
buckling tended to be the leading mode in medium and long span members.
After conducting the nonlinear analysis of each case, it could be found that
many cases with a span not less than 2m tend to have a lateral-distortional
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buckling failure mode, so HFB section stainless steel beams are significantly
affected by the web distortion in addition to the lateral buckling.

Global-distortional buckling
Local buckling of webs
Local buckling of flanges
Fig. 7 Representative overall and cross-section views of three most common buckling modes.

The member stress distribution state at peak moment was investigated. Taking
the 300-33 section 304 stainless steel B material assignment scheme cases as an
example, Fig. 8 presents the MISES stress distribution of four members of
different spans. The colorized portion’s stress is higher than the proof yield
stress f0.2 at failure moment while the white portion’s stress is lower than f0.2. As
the member span decreases, the section strain development level gradually
increases and the white portion area gradually decreases. So short span members’
capacity tend to be controlled by material strength and local buckling while long
span members’ capacity tend to be controlled by global buckling.

(a) 0.25m
(b) 0.5m
(c) 1m
(d) 2m
Fig. 8 Stress distribution of 300-33 section 304 stainless steel B material assignment scheme
members at failure moment.

Current study incorporated a hypothetical material 304E to investigate the
effects of material nonlinearity on the member strength. The nonlinear ultimate
capacity analysis of the 450-38, 350-38, 300-33, 250-28, and 200-23 section
HFBs with 304E material (material assignment scheme C) and different spans
were carried out. And the results were compared with those counterparts of
material assignment scheme B, as presented in Fig. 9. The member span is taken
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as the abscissa while the member capacity Mu normalized by section first yield
moment My is taken as the ordinate. Mu/My values of 304 stainless steel
members are larger than the corresponding 304E members in the short span
cases (not larger than 1m) while in the medium and long span cases (larger than
2m) Mu/My values of 304 stainless steel members are lower than 304E members.
The plasticity of short span members tends to develop well and the strain
hardening of stainless steel is more obvious, so the material nonlinearity has
favorable effects on member capacity (member capacity tends to be close to the
section capacity). The medium and long span members tend to be controlled by
global-distortional buckling and the failure stress level is lower than the proof
yield stress, so the decrease in the elastic modulus caused by gradual yielding
leads to the member strength reduction.

Fig. 9 Comparison of ultimate bearing capacity of B and C material model HFBs with different
sections and different spans.

Performance of current Design standards
The parametric analysis result data were processed using two parameters, one is
the coefficient φ as defined in the Eqn(1a), and the other one is the normalized
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section slenderness ratio λ as defined in the Eqn(1c). In Eqn(1a), Mu is the
member ultimate capacity while My (indicated in Eqn(1b)) is the nominal first
yield moment defined by gross section modulus W (also expressed as Zg) and
the proof yield strength of the virgin material f0.2. In Eqn(1c), normalized
slenderness ratio λ is defined using My and the elastic buckling critical moment
Mcr. For the conventional I section beams, Mcr tends to be defined as the elastic
global buckling critical load Mo (see Eqn(1d)). And based on the previous
discussion, the HFBs tend to be affected by lateral-distortional buckling.
Referenced

from

Trahair

(1997)

and

Bradford

(1992),

the

elastic

global-distortional buckling critical load Mod is adopted as Mcr (see Eqn (1e)).
BUCKLE analysis based on refined FE model was used to get Mod and formulas
from Trahair (1997) (see Eqn (3)) was used to solve for Mod when it is difficult
to obtain it with BUCKLE analysis (for example the very short span members
which tend to be dominated by various localized buckling modes).
ϕ=

Mu
Mu
=
M y W ⋅ f 0.2

M y = W ⋅ f 0.2
λ=

My
M cr

λ=

Eqn(1a)
Eqn(1b)

λ=
Eqn(1c)

My
M cr

My
Mo

=

W ⋅ f 0.2
M od

Eqn(1d)

Eqn(1e)

Referenced from related standards and literature, six bending design curves
incorporating the normalized slenderness ratio λ are presented as following: (1)
the Australian steel structures standard AS4100 (1998) design curve (see
Eqn(2)); (2) Trahair (1997) proposed a modified design curve for the steel HFBs
based on the former curve (see Eqn(3)); (3) the design curve of the European
steel structures design code Eurocode3-1.1 (2005)(see Eqn(4a)) and the
parameter φe is got from Eqn(4b); (4) The European stainless steel structures
design code Eurocode 3-1.4 design curve (1996)(see Eqn(4a)) and the parameter
φe is shown in Eqn(4c); (5) China's technical stainless steel structures design
specification CECS 410’s design curve (2015)(see Eqn(4a) and Eqn(4d)). The
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design curve of Australian cold-formed steel structures standard AS4600
(2005)(see Eqn (5)).

ϕ = 0.6( λ4 + 3 − λ2 )

Eqn(2)

φe = 0.5[1 + 0.34(λ − 0.4) + λ2 ]

Eqn(4c)

ϕ = 0.6( λ4 + 2.8 - λ2 )

Eqn(3)

φe = 0.5[1 + 0.65(λ − 0.41) + λ2 ]

Eqn(4d)

ϕ=

1

φe + φe 2 − λ2

φe = 0.5[1 + 0.34(λ − 0.2) + λ2 ]

Eqn
(4a)
Eqn

 1


ϕ =  1.11[1 - (λ2 3.6)]
 1 λ2


λ ≤ 0.6
0.6 < λ < 1.336 Eqn(5)
λ ≥ 1.336

(4b)

All the processed strength data points (420 in total) and six related bending
strength design curves are plotted in Fig. 10. In this figure’s legend, ‘A-304’
indicates simulations adopting 304 stainless steel and material assignment
scheme A; ‘AS4100-carbon steel’ stands for Australian steel structures standard
AS4100 design curve; ‘Trahair-carbon steel’ represents the modified design
curve for the steel HFBs proposed by Trahair (1997); ‘Eurocode3-carbon steel’
stands for the design curve of the European steel structures design code curve;
‘Eurocode3-Stainless steel’ represents the European stainless steel structures
design code curve; ‘AS4600-cold formed steel’ represents the Australian
cold-formed steel structures standard AS4600 design curve; ‘CECS410-stainless
steel’ stands for the China's technical stainless steel structures design
specification CECS410 design curve.
For members in small slenderness range (limiting slenderness locates
approximately at λ=0.7 for material Model B, and λ=0.8 for material Model A),
φ factors greater than 1.0 are found demonstrating that the strengths were
controlled by section capacity. Another phenomenon worth noting is that
material assignment scheme B members’ strength are lower than those scheme
A counterparts at all slenderness range, demonstrating flange flat portion’s
strength enhancements (cold-work hardening effects) makes a considerable
contribution to the member capacity, which becomes increasingly significant as
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member slenderness decreases.
Comparing the strength data points with design curves, it was found
‘AS4600-cold formed steel’ curve predicts not conservative strength for nearly
all members with intermediate to high slenderness, though for small slenderness
members its predictions become conservative. All the other design curves lie
below the collection of data points, with ‘Eurocode3-Stainless steel’ curve
giving the best predictions. Actually, ‘Eurocode3-Stainless steel’ curve is still
quite conservative as compared with the collection of strength data. It’s
approximately equal to or slightly lower than the lower bound line of the
collection of data in most part of the slender range.

Fig. 10 Comparison of stainless steel HFB parametric analysis strength data points and six related
design curves.

Conclusions
(1) HFB section features strong flanges with a slender web, and therefore it is
significantly affected by the web distortion in addition to the lateral buckling. So
the lateral-distortional buckling critical load Mod obtained with numerical
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methods or formulas should be taken as Mcr for use in relevant bearing capacity
design curves for stainless steel HFB members.
(2) The strength enhancements of flange flat portion (cold-work hardening
effects) contribute significantly to the member’s ultimate bearing capacity.
(3) The material nonlinearity (strain hardening) has favorable effects on the
ultimate bearing capacity Mu of short span (less than 1m) HFBs while it (gradual
yielding) has negative effects on Mu of medium and long span (larger than 2m)
HFBs because of the different stress levels at failure.
(4) Material assignment scheme B in the current study conservatively applies the
virgin material properties without considering flange flat portion strength
enhancements, which is in line with the principle of current stainless steel
standards adopting minimum nominal properties. The resulting member strength
from scheme B is therefore considerably lower than those of material
assignment scheme A, which considers the flange flat portion strength
enhancements. Eurocode3-1.4 design curve were found predicting quite
conservative strength even for material assignment scheme B results.
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Abstract:
In the current research, distortional buckling of cold-formed stainless steel
open-section beams was investigated. Four-point bending tests of eight
C-section stainless steel beams, made of S30401 alloy, were carried out with
global and local buckling precluded by careful design of specimen and test rigs.
A detailed finite element model based on ABAQUS was developed and verified
against test data. Parametric study was carried out with the verified model,
covering four types of sections (C, Z, SupaCee, and SupaZed), three stainless
steel alloys (S30401, S44330, S32101), and a series of section slenderness. A
convenient method to identify distortional buckling point in either experimental
or numerical study was discussed. Existing design formula for stainless steel and
steel structure were assessed with the available data. Revised formula based on
Direct Strength Method was proposed.
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Introduction
Structural stainless steel sees a promising prospect in structural application,
thanks to its advantages of aesthetic appeal, corrosion resistance, easy
maintenance, retaining strength in fires and etc. Considerable progresses, as
reviewed by Gardner(2005), Baddoo(2008) and Gedge(2008), were made during
the past two decades in alleviating difficulties for stainless steel application, out
of which one would emphasize the releasing and revision of design standards for
stainless steel structure, and invention of cheaper yet stronger stainless steel
alloys. However, there are still obstacles including high material price and
incomplete knowledge about the effects of their nonlinear material properties on
member behavior.
Cold-formed members feature high strength-to-weight ratio and therefore
comprise a good choice for stainless steel structures. Design of such sections
involves sectional (local and distortional) buckling behavior, which is further
complicated by the profound nonlinear behavior of stainless steel (see Fig. 1).
As the knowledge about sectional buckling advanced, it was found necessary to
handle distortional buckling mode separately, which used to be treated
indistinctly together with local buckling in existing research and design.
Carefully designed test series were carried out by Yu & Schafer(2003,2006), to
clearly separate and study local and distortional failure modes in cold-formed
steel sections. As to stainless steel sections, local and distortional buckling were
also involved in existing experimental studies such as Bredenkamp(1992) and
Lecce(2006), but very rare study has clearly separate distortional buckling from
local buckling and overall buckling. It is especially so for stainless steel beams.
In the current paper, distortional buckling behavior of open-section stainless
steel beams were studied by a set of experiments featuring carefully designed
specimen and loading rigs to rule out influence from local and overall buckling.
The database was further augmented by parametric study using nonlinear finite
element models, covering a wider range of section categories, material
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categories, and section slenderness values. The available data such as ultimate
bearing strengths were used in evaluating the accuracy of existing cold-formed
stainless steel or steel member design formulas. Prediction formula based on
Direct Strength Method (DSM) was subsequently proposed based on the data
obtained.

Fig. 1 Stainless steel and carbon steel
stress-strain curves

Fig. 2 Nomenclature for C section dimensions

Experiment Study
Materials
Test specimens were made from S30401 stainless steel sheets with a dimension
of 4000mm x 1220mm x 1.74mm. The sheets were first laser cut into strips and
then press-braked into test members. Material coupons from the virgin flat sheet
and the cold-worked corner of specimens were tested. Flat coupons were cut
from virgin flat sheets in the longitudinal (L), 45° diagonal (D) and transverse
(T) directions, which were tested in both tension (T) and compression (C).
Corner coupons were tested in tension using specially devised clamping rig. At
least two coupons were tested for each case. Fig. 3 presents some typical
stress-strain curves, in which “LT1” stands for the first Longitudinal coupon
tested in Tension.
Cross-sections and Specimen Geometry
Lipped-channel sections were designed, for which the elastic distortional
buckling stress (fcrd) were kept lower than critical local buckling stress (fcrl). The
nomenclature in Fig. 2 is used, where H, B, L, t, and r represent the
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cross-section height, flange width, lip height, wall thickness, and corner external
radius, respectively. The test members were labeled as A-1, A-2, B-1, B-2, C-1,
C-2, D-1, D-2, respectively, with the actually measured member and
cross-section dimensions listed in Table 1. Elastic buckling analysis was carried
out with CUFSM, employing the actual measured section dimensions. The
resultant ratio of fcrd /fcrl is listed in the last column of Table 1. Normalized
distortional buckling slenderness (λd), as defined in Eqn. (1), is also listed in
Table 1. An average proof yield stress in compression f0.2= 242.29 MPa was
used in the calculation.
𝑓𝑓0.2
𝜆𝜆𝑑𝑑 = �
𝑓𝑓crd

Eqn.(1)

Table 1. S30401 stainless steel C section specimen parameters
Member
A-1
A-2
B-1
B-2
C-1
C-2
D-1
D-2

Length(mm)
3040
3040
3490
3490
3880
3880
3980
3980

H(mm)
162.5
162.4
213.1
212.9
262.7
260.2
312.8
311.0

B(mm)
49.2
49.4
71.2
72.0
88.7
89.5
106.5
106.1

L(mm)
19.5
19.3
18.4
18.3
17.3
17.8
16.6
17.1

t(mm)
1.74
1.74
1.74
1.74
1.74
1.74
1.74
1.74

r(mm)
5
5
5
5
5
5
5
5

λd
0.59
0.59
0.81
0.82
1.04
1.03
1.28
1.25

fcrd / fcrl
0.96
0.96
0.91
0.90
0.86
0.87
0.82
0.84

Geometric Imperfections
Distortional buckling is sensitive to geometric imperfection according to
Schafer(1999). A high precision imperfection measurement equipment was built
up, which includes two high-precision tracks, a trolly running on them, and a
program controlled step-motor that drives the trolly at a constant speed. As
shown in Fig. 4, a specimen was placed under the track, and laser transducers
mounted on the trolly run along the track while sampling distance from
specimen surface at a constant rate. Imperfection information on eight
measurement lines, as shown in Fig. 5, were collected for each cross-section.
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Fig. 4 Imperfection measurement device
Imperfection curve (mm)

Fig. 3 Typical stress-strain curves for the coupon
test (corner & flat sheet)
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Fourier representation
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Fig. 5 Measurement locations on a C-section

Fig. 6 #1 measurement line imperfection curve of
B-2 member

As an example, the measured imperfection at measurement line #1 of B-2
specimen is presented in Fig. 6. The abscissa represents the location of
cross-section along the length of the member, and the ordinate is the measured
distance from laser transducer to the member surface. Fourier series
representation (keep first 50 terms) of the imperfection line is also presented in
Fig. 6, which follows the discrete imperfection data points very closely. The
Fourier series representation curves were used for further analytical study for
convenience.
Four-point Bending Test
Four-point loading set-up was used for bending test of the cold-formed stainless
steel beams, see a sketch and actual photo of the set-up in Fig. 7 and Fig. 8. The
set-up consists of a reaction beam, a mechanical jack, a spreader beam, two sets
of links connecting the spreader beam and specimen, end supports and a series
of lateral bracings. The mechanical jack was raised to produce two equal
uplifting forces on the specimen. The rigs were set-up in this way to introduce
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tensile force in the loading chain, which stabilize the loading system. Force
sensor, displacement transducers, and strain gauges were used to record the load,
deformation and strain distribution within the member during the test.

Fig. 7 Test set-up sketch

Fig. 8 Test set-up actual image

All of the test members developed distortional buckling deformation at the pure
bending span. Take member B-1 as an example, the specimen deformation at
peak load is shown in Fig. 9. Moment-deflection curves of all the specimens are
presented in Fig. 10 and it could be found that the two nominally identical
members have quite close deflection curve and ultimate capacity, which reflects
the robustness of testing set-up and reproducibility of the test results.
15
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Fig. 9 Obvious distortional deformation in
compression flange at peak load of member B-1
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Fig. 10 Moment-vertical deflection curves of test
members

Identification of the inelastic distortional buckling point has been a tricky work
in thin-walled section tests. A most commonly adopted method was to monitor
the buckling deformations of the compression flange, and then plot it against the
applied load. Buckling onset point is then sought from such a curve, by finding a
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transition point at which the slope of curve changes dramatically. However, this
method turned out to be not a robust one. Transition point is obvious in some
cases, but is hardly appreciable in many other cases.
During analysis of the strain data collected from the current tests, it was found
that the strain at the compression corner plotted against the total load might be a
more robust means for identifying the critical buckling point. Strain at the corner
between compression flange and web was collected at mid-span section (see Fig.
11). Taking the absolute value of this strain as abscissa, and the force applied as
ordinate, typical curves are shown in Fig. 12. It was found that there is a clear

Load (kN)

transition point in each load-strain curve marked by a dashed black circle.

Fig. 11 Strain gauge position
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Fig. 12 B-2, C-1, D-1 member load-strain curves

Numerical Model and Calibration
Finite Element Model
A refined FE model was developed based on ABAQUS software package. This
model simulates key details of the four-point load bending test as close as
possible.

The

measured

section

parameters,

material

properties,

and

imperfection data were incorporated into this FE model.
Compression, tension and corner areas were distinguished in the C-section FE
model, as indicated in Fig. 13. Static stress-strain curve was obtained by
offsetting the actual coupon test curve to the static stress points obtained by
repeatedly halting the coupon test. True stress-strain relationship was then
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obtained. The nominal material parameters are summarized in Table 2. The Hill
yield surface was used to consider stainless steel plates’ anisotropy and the
isotropic strain hardening criterion was adopted. Multi-linear curves sampled
directly from the stress–strain curves were input into the FE model. It is found
that cold-working has a profound effect on the material properties.
The reduced integration S4R shell element was adopted to simulate the member
buckling behaviors. It was found that an overall mesh density of 5 mm could
generate computational astringency and sufficient simulation accuracy.
Table 2. S30401 stainless steel material nominal mechanical properties
Coupon(a)
LT
DT
TT
LC
DC
TC
Cor1
Cor2
(a)

f0.01(Mpa)
161.01
166.51
179.04
147.94
147.10
183.71
244.32
249.23

f0.2(Mpa)
244.91
242.01
246.11
242.29
243.28
258.61
455.76
516.18

f u(Mpa)
833.67
818.63
840.71
\
\
\
915.51
920.53

E0(Mpa)
192.5
187.9
190.9
194.3
200.0
202.2
185.2
190.7

εt– total elong %
59.9
61.7
58.0
\
\
\
42.5
38.5

Coupon named as ‘Cut direction Loading direction’, ‘LT’ means a longitudinal tensile coupon test.
‘Cor1’ and ‘Cor2’ means the first and second batch cold-worked corner coupon tests respectively,
and the second batch coupons were cut within the corner radius.

Four-point load set up modeling is presented in Fig. 14. Test member ends were
simulated as hinges connected to ground with ‘reference point’ and ‘multi-point
coupling’. And the spreader beam was simulated as ‘beam’ connectors while the
connection between spreader beam and the specimen was simulated as ‘truss’
connectors. The lateral bracings were simulated by restricting the out-of-plane
translational freedom (U2) at a series of points, corresponding to points of
restriction in actual specimen.
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Fig. 13 C-section FE model with different
material areas
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Fig. 14 FE modeling of four-point load set up

Fourier representation
After positioning

0
700
1400
2100
2800
3500
Distance from member end (along the measurement line)

Fig. 15 Fourier representation of #1 line
imperfection curve of B-2 specimen before and
after data repositioning

Fig. 16 B-2 test member FE model after
introducing imperfections (50x)

Home-made Matlab code was used to obtain Fourier representations of the
imperfection data. Fig. 15 indicates the imperfection curve of #1 measurement
line of B-2 test member before and after repositioning. Imperfection data from
the eight measurement lines (see Fig.5) were then interpolated to obtain the
imperfection data of the entire specimen. B-2 member FE model after
introducing imperfection (magnified by 50 times) is shown in Fig. 16.
Finite Element Model Calibration
Good agreement was found between the test and FE modeling results in terms of
ultimate bearing capacity and load-displacement curves. Table 3 shows that the
average ratio of FE strength prediction to test strength is 0.97 with a standard
deviation of 0.04. The test and simulation load-displacement curves are drawn in
Fig. 17. It could be seen that the calibration FE model predictions are quite
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(a) Member A-1、A-2.

(b) Member B-1、B-2.
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Fig. 17 Load-Displacement curves (load points displacement).
Table 3 Comparison of Test & FE modeling results of 304 stainless steel C-section members
Member
A-1
A-2
B-1
B-2
C-1
C-2
D-1
D-2

H(mm)
162.5
162.4
213.1
212.9
262.7
260.2
312.8
311.0

B(mm)
49.2
49.4
71.2
72.0
88.7
89.6
106.5
106.1

L(mm)
19.5
19.3
18.4
18.3
17.3
17.8
16.6
17.1

λd
0.61
0.61
0.84
0.84
1.07
1.06
1.31
1.29

MuFEM(kN.m)
6.75
6.79
9.55
9.64
12.02
11.99
13.75
13.95

MuTest(kN.m)
7.28
7.21
10.17
10.33
11.73
11.93
14.35
14.00
Avg
St.Dev

MuFEM/MuTest
0.93
0.94
0.94
0.93
1.02
1.00
0.96
1.00
0.97
0.04

Parametric Study
In the parametric study, section categories were extended to C, Z, SupaCee, and
SupaZed, and more stainless alloys were used including S30401, S44330,
S32101 stainless steel (by ASTM (2002), they are denoted as 304, 443, 2101
respectively in this paper). A number of plate thicknesses were also used to
allow for practically large and small sections. 1.74mm, 3.0mm and 4.0mm
section thickness were adopted for C and Z sections while 2.0mm, 3.0mm and
4.0mm section thickness were adopted for SupaCee and SupaZed sections. For
each combination of alloy type, section category, and wall thickness of section,
four sets of section dimensions were design to in accordance with distortional
buckling slenderness values of 0.6, 0.85, 1.05 and 1.35 respectively. The
member lengths were chosen so as that a pure-bending span (three times the
distortional buckling half-wave length) and two 1200mm shear spans were
obtained. Z section has the same section geometry nomenclature as C section, as
indicated in Fig. 2. SupaCee section was referenced from Pham (2013) as
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reproduced in Fig. 18(a). Again, SupaZed sections have the same nomenclature
as SupaCee. There is an angle θ between the principle axis X-X and the axis 1-1
(perpendicular to the web). The loading directions of all the parametric study
models were perpendicular to the principle axis X-X, as shown in Fig. 18(b).

(a) Nomenclature of SupaCee section
(b) Applied force direction.
dimensions.
Fig. 18 SupaCee section and applied force direction in parametric analysis models.

443 and 2101 stainless steel’s mechanical properties in the parametric analysis
models were referenced from experimental data in Niu (2014). Modeling
imperfections necessitate buckle analysis of model. Distortional buckling mode
resulted from buckling analysis were used as imperfection input data. The
imperfection data was scaled to have a maximum amplitude of 0.15 × section
thickness × distortional buckling slenderness as referenced from Niu (2014). All
the parametric analysis models failed in a distortional buckling mode, resulting
in a total of 138 successful simulations.
Analytic Study and Design Formula
Identifying Distortional Buckling Point Based on Compression Corner Strain
The same method as mentioned earlier for test data is checked here for
parametric study results. The absolute strain value at the corner region between
the compression flange and web was taken as the abscissa and the transverse
load applied was taken as the ordinate. The load-strain curves of the
representative cases were presented in Fig. 19. Each figure contains load-strain
curves of those four sections of the same alloy, section category and wall
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thickness (e.g. 304C-*-1.74 represents the four sections of 304 material, lipped
channel section, and with a wall thickness of 1.74mm, section A~D corresponds
to an increasing section slenderness of 0.6~1.35). It could be found that there
exists an obvious transition point where the strain starts to develop faster in each
load-strain curve. Therefore, monitoring the strain at the corner area between the
compression flange and web seems a robust and effective way to identify the
inelastic distortional buckling point. An increasing extent of post-buckling
strength reserve were observed, after the buckling point, as the section
slenderness increases.
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Fig. 19 Representative load-strain curves.

Design Formula
Experimental and simulation data on pure distortional buckling of stainless steel
beams were collected in Fig. 20. All simulation data are labeled in the form of
‘Alloy + Section Type’, while test data are labeled with an additional postfix of
‘-Test’. The section types C, Z, SupaCee, and SupaZed are labeled respectively
as ‘C’, ‘Z’, ‘Cee’, ‘Zed’. For example, ‘304C’ stands for the simulation data
collected from the current paper, featuring 304 alloy and channel section.
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Design curves related to distortional buckling of cold-formed stainless steel or
steel members are also plotted in the Fig. 20. The distortional buckling design
formula for pure bending members in Australian cold-formed steel structure
design standard AS 4600(2005) is plotted as ‘AS4600’. Niu (2014) proposed
design formulas for 304 and 443/2101 stainless steel beams, which are plotted
here as ‘Niu-304’ and ‘Niu-443/2101’ respectively. Lecce (2006) proposed
austenitic and ferritic stainless steel column design curves, which are plotted
here as ‘Lecce-Austenitic’ and ‘Lecce-Ferritic’.
The DSM formula mentioned above can be expressed in a general form in Eqn.
(2), where Mcrd is the elastic distortional buckling moment, and the reference
moment Mref were generally assigned first yielding moment My (or sometimes
overall buckling moment Mo) without exploring the plastic reserve of the
cross-section. In the current research, overall buckling of member was fully
braced and local buckling was virtually not triggered before distortional
buckling. As a result, the sections studied were more capable in developing
plastic deformation, and the section capacity were found way beyond the first
yielding moment My. In the current study, plastic moment Mp was tried as
reference moment (though it’s generally believed that cold-formed steel sections
hardly attain plastic moment Mp, the deep straining within flanges together with
profound strain hardening of material in the current study has brought section
capacity to a considerably higher level). Therefore, in Fig. 20 normalized
strength Md/Mp and normalized slenderness √(Mp/Mcrd) were used to plot the
data points.
Mref
λd = �
Mcrd

M ref

Md =  a
b
( λ C - λ 2 C ) × M ref
d
 d

λ d ≤ 0.60
M p

M d =  0.945 0.197
( λ 0.947 - λ 1.895 ) × M p λ d > 0.60
d
 d

λd ≤ λ0
λd > λ0

Eqn.(2)

Eqn.(3)
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λ d ≤ 1.00
M p

M d =  1.487 0.482
( λ 1.234 - λ 2.469 ) × M p λ d > 1.00
d
 d

1.4

Eqn.(4)
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Fig. 20 Normalized strength–normalized slenderness data points of C / Z / SupaCee / SupaZed section
models and design curves

From Fig. 20, it can be seen that SupaCee and SupaZed stainless steel beam
capacities are systematically higher than those of C and Z section beams. The
existing design curves are all significantly lower than SupaCee and SupaZed
data points.
For C and Z section beams, ‘Lee-Austenitic’ and ‘Niu-304’ curves are
constantly much lower than the data band. ‘Lee-Ferritic’ curve is following the
data band quite well serving as a lower bound line. On the other hand, ‘AS4600’
curve is also following the data band and slightly lower than the upper bound
line. ‘Niu-443/2101’ curve is passing through the data band, lying close to
‘Lee-Ferritic’ at higher slenderness region, and close to ‘AS4600’ at lower
slenderness region. New design curve ‘DSM-C/Z’ was fitted based for the C and
Z section beams, as expressed in Eqn. (3). The curve approximately follows the
mid-line of the data band.
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Another design curve ‘DSM-Cee/Zed’ was proposed for SupaCee and SupaZed
beams, as expressed in Eqn. (4). The curve follows mid-line of the data band in
the mediate to high slenderness range. At lower slenderness range, SupaCee and
SupaZed beam data are way too high to be fitted by any DSM curve.
Conclusions
This paper presents eight four-point bending tests and a detailed FE model
studying the cold-formed stainless steel beams featuring distortional buckling.
Conclusions are as follows:
(1) Monitoring the strain at the corner between the compression flange and web
of cold-formed stainless steel beam might be a robust method for identifying the
inelastic distortional buckling load.
(2) The SupaCee and SupaZed section beams with the same material and
slenderness level generally have higher normalized strength than the C and Z
section beams. For a given section type, no appreciable deviation exists between
the data points of different alloys. Instead, they are clustering and following a
same trend line.
(3) Normalizing the distortional strengths with first yielding moment My result
in way too high data points, while an attempt of using plastic moment as
reference moment has resulted in reasonable fitting with existing design curves.
(4) Existing design curves were evaluated with experiment and simulation data
points, ‘Lee-Ferritic’ and ‘AS4600’ curve were found close to the lower and
upper bound of C and Z beam data, ‘Niu-443/2101’ curve was found lying
between ‘Lee-Ferritic’ and ‘AS4600’, transiting from one gradually to the other.
New design curves in DSM format were proposed separately for C/Z and
SupaCee/SupaZed beam data.
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Flexural Strength of continuous-span Z-purlins with paired
torsion braces using the Direct Strength Method
Michael W. Seek1
Abstract
A procedure is presented to calculate the local and distortional flexural buckling
strength of continuous span purlins with paired torsion braces using the Direct
Strength Method. Displacement compatibility is utilized to determine the forces
interacting between the purlin, the flexible diaphragm and the torsion braces. The
biaxial bending and torsion effects caused by this interaction are superimposed,
and the actual distribution of stresses within the cross section are calculated at
critical locations along the span. With this distribution of stresses, a finite strip
buckling analysis is performed to determine the local and distortional buckling
strength. In current design practice, results from a simple span Base Test are
extrapolated to multi-span systems using a constrained bending stress distribution.
In previous work, a variation of the presented method was compared to simple
span base test results with good correlation. In this paper, the simple span stresses
are compared to the stresses of continuous span systems. Significant, although
typically conservative differences in the stress distributions and, as a result the
predicted flexural strength, are observed in the comparison between simple span
and multi-span systems. Additionally, significant changes in the distribution of
stresses are observed as roof slope effects are considered. Increases in the flexural
strength with increasing roof slope are reported and compared to the strength
predicted by the current base test method.
Introduction
In the United States, purlins with one flange attached to standing seam sheathing
are designed according to the Base Test Method (AISI 2013). According to this
method, the purlin system is tested in a vacuum chamber in a simple span
configuration to determine the nominal flexural strength. While the standing
seam sheathing provides lateral and torsional restraint to the purlin, this restraint
1
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is very flexible. Attempts to analytically calculate the flexural strength have been
generally unsuccessful and thus the need of the industry to rely on the Base Test
Method. With the Base Test Method, a reduction factor, R, determined from the
base test is applied to account for the flexibility of the restraint provided by the
sheathing. The nominal flexural strength, Mn, of the purlin is then calculated from
the AISI Specification Appendix A Section I6.2.2 (AISI 2016)

M n  R  M no

(1)

where Mnℓo is the nominal flexural strength considering local buckling only with
a constrained bending stress distribution.
Although the Base Test is performed on a flat-slope, simple-span specimen,
extensive testing at Virginia Tech (AISI 2013) showed that the results of the base
test could be conservatively extrapolated to multi-span roof systems. To account
for slope effects, external anchors must be designed to resist downslope forces.
The Base Test must be representative of the conditions in the field, therefore, if
modifications to the system are desired, additional base testing is required.
A method to predict the flexural strength of purlins with paired torsion braces was
first presented by Seek et. al. (2016) and further modified by Seek and Parva
(2018). The methodology considers displacement compatibility between the
purlin, standing seam sheathing, and the paired torsion braces to determine the
interacting forces between the components. By superimposing these interacting
forces with the externally applied system forces, the true distribution of stresses
on the cross section can be determined. This distribution of stresses considers the
biaxial bending stresses caused by a flexible diaphragm and the distribution of
torsion stresses that result from torsion along the span of the purlin. Additionally,
because these systems can be very flexible, the methodology approximates
additional second order stresses that may be introduced. With this true
distribution of stresses, a finite strip buckling analysis is performed to determine
the local and distortional buckling strength.
Seek and Parva (2018) compared this methodology to a series of base tests and
found good correlation between the tested strength and predicted strength.
Additionally, the methodology was able to predict and provide rationale for some
anomalies in the tests: flexural buckling failures away from the mid-span at the
brace location, and failures varying between upslope purlin and downslope purlin
in the tests.
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Because most purlin roof systems are designed as continuous, the methodology is
expanded herein to account for bending continuity and roof slope. For the
equation development, continuous systems are approximated with rigidly fixed
ends. To demonstrate the methodology and to highlight the variation in predicted
strength when compared to the base test method, purlin strength is calculated at
several roof pitches.
Calculating cross section stresses

Displacement compatibility is utilized to determine the forces interacting between
the purlin, standing seam sheathing, and torsion braces. Lateral displacement
compatibility between the purlin and sheathing is determined at the torsion brace
location. Similarly, torsion rotation compatibility between the purlin and the
torsion braces is determined at the location of the torsion brace. In this formulation
of torsion compatibility, the torsion braces are considered to be rigid and the
torsion restraint provided by the sheathing is ignored. In most cases, this approach
is conservative.
The first step in the process is to determine the horizontal restraining force in the
diaphragm, wrest, that results from the unsymmetric bending of the purlin and the
downslope forces on the sloped roof. Previously developed equations by Seek and
Parva, used the symbol, , to represent the proportion of the gravity load that was
translated into an in-plane force in the diaphragm. For sloped roof systems, it is
more appropriate to define the in-plane force in the diaphragm relative to the
applied force perpendicular to the plane of the sheathing. To highlight this subtle
distinction, the terminology was changed such that the term, ρ, represents the
proportion of the force applied perpendicular to the plane of the sheathing that
results in an in-plane force in the diaphragm. Therefore uniform force in-plane
force in the diaphragm is

w rest  w  cos   

(2)

where w is the uniformly applied load in the gravity direction and



 I xy  4

L
 Ix 
L2 tan 


C1
 C2
EImy
G ' spa
C1

L4
EImy

 C2

L2
G ' spa

(3)
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In Eq. (3), L is the span of the purlin, G’ is the stiffness of the diaphragm, spa is
the depth of the diaphragm tributary to the purlin (generally the purlin spacing),
Imy is the modified moment of inertia about the orthogonal y-axis as defined by
Zetlin and Winter (1955), and coefficients C1 and C2 are derived from
displacement compatibility.
C1 

2

1 c 
c

 1 
24  L  
L

C2 

2

(4)

1  c    c 

 1 

2  L    L  

(5)

In the above equations, c is the distance from the end of the span to the location
of the torsion brace.
Accurately quantifying the horizontal restraining force of the diaphragm is
important because it has a large impact on the torsion along the length of the
purlin. Because the horizontal restraining force is applied at an eccentricity
relative to the shear center of the purlin, esy, it imparts a uniform torsion along the
purlin. This eccentricity should include the effective standoff, s, of the clip
connection between the purlin and sheathing as shown in Figure 1 and defined by
Seek and McLaughlin (2017). The uniform torsion from the horizontal diaphragm
restraint is combined with the torsion caused by the eccentricity, esx, of load
applied perpendicular to the plane of the sheathing to create a net uniform first
order torsion, t1st, where



t1st =  w  cos     esy  esx



(6)

The restraining force in the diaphragm is also used to define the mid-span lateral
displacement of the purlin relative to the support location, Δmid, where
Δ mid = w   cos   sin  

L2
8G'  spa 

(7)
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Figure 1. Axes and positive force directions

The lateral displacement is positive for an upslope translation and negative for
downslope translation. The lateral displacement of the purlin relative to the
supports causes a second order torsion with a parabolic distribution. The peak
torsion at mid-span, t2nd is

t 2nd =   w  cos   mid

(8)

The torsion introduced along the length of the purlin is resisted at the brace
locations. Displacement compatibility between the purlin and the brace, assuming
a rigid brace, is enforced at the brace location to determine the magnitude of the
brace forces. Because purlin torsion behavior is dominated by warping torsion,
the balance of torsion eliminates consideration of pure torsion which greatly
simplifies the equations and results in negligible difference in the calculated
results. The brace torque resulting from the first order uniformly distributed
torsion, T1st, is
T1st = -C3 t1st L
(9)
where
2

c

1 L 
1


C3 = 
4  c 
c
 L 2 3 L 
 


(10)
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The brace torque from the second order effects with a parabolic load distribution,
T2nd, is
T2nd = -C4 t 2nd L
(11)
where
3

c
c c
3 5  3   
1
L
L L
C4 =

2
15
c
c
2  3 
L
L

4

(12)

Because paired torsion braces are often not anchored externally, to balance the
restraining torque at each end of the brace, a shear force, V, is generated at each
end of the brace as shown in Fig. 2.
2  T1st + T2nd  ξ
(13)
spa
Where ξ = 1 for the downslope purlin and -1 for the upslope purlin.
V=

T
T
V
downslope

T

V

T

V

V
upslope

Figure 2. Shear forces to balance brace moment

For flexible standing seam diaphragms, at low slope, the system of purlins
translates laterally upslope. The second order torsion induced by this displacement
dominates, causing an uphill rotation of the purlin. The moment generated in the
torsion braces as they resist this rotation of the purlin is directed as shown in Fig.
(2). The shear force acts downward on the upslope purlin, increasing the moment
about the x-axis in the purlin by as much as 20%. Correspondingly, downslope
purlin will experience a decrease in the moment about the x-axis. As a result, for
identical purlins, the upslope purlin will be the first to fail. As the slope of the
roof increases, the second order torsion is reduced, and the resisting moment in
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the brace will reverse directions. Correspondingly, the shear force will reverse
directions, and the downslope purlin will become critical.
Upon defining the magnitude and direction of the additional shear force generated
at the brace, the bending normal stresses can be determined. For simplicity, forces
are oriented along the orthogonal x- and y- axes perpendicular and parallel to the
web respectively. There are 3 contributions to the bending stress: (1) the applied
uniformly distributed force parallel to the web, (2) the uniformly distributed force
provided by the sheathing perpendicular to the web, and (3) the shear force
generated by the torsion brace. As previously discussed, the force generated in the
sheathing is directly proportional to the applied force parallel to the web of the
purlin by the factor ρ. The stresses are mapped according to the modified
moments of inertia as presented by Zetlin and Winter (1955). Because the shear
forces generated by the torsion brace are equal and opposite, an axial force will
be generated in the brace, balancing unsymmetric bending effects. Therefore, the
stress distributions that result from the torsion brace shear forces will conform to
the constrained bending distribution.
In the length of the purlin between the end of the purlin and the torsion brace, ie.
z ≤ c, the bending stresses can be mapped by at coordinates x and y across the
purlin cross section by

fb =

I xy 

I xy

y

x
2
 -y
Iy 
I

x
z



x
  1
6 

+
+
  L  L     I mx
Imy I my
Imx 
 
 





w  cos   L2   z

12

z c
c    -y 
 Vi  L    1      (14)
L
L
L

   Ix 


Similarly, in the region of the purlin between the brace and mid-span, ie. c ≤ z ≤
L/2, the bending stresses can be mapped by .

fb =

I xy

I xy
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6      1 
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(15)
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Although the equations are generalized to calculate stresses at any location, for a
uniformly distributed load, the critical locations to check stresses are the brace
location, ie. z = c, and at mid-span, z = L/2.
Torsion stresses are superimposed on the bending stresses to get the net
distribution of stresses. Warping torsion normal stresses, fw are calculated as
presented AISC Torsion Analysis Design Guide (Seaburg and Carter, 1997).

f w  E  WN   ''

(16)

In Eq (16), WN is the normalized warping function at a specific point on the cross
section and ϕ`` is the second derivative of the rotation function for the applied
load with respect to the z-axis along the span of the beam. At the critical stress
locations (mid-span and brace location), rotation functions are derived for each
torsion function acting on the purlin (uniform, parabolic, concentrated torque at
braces).
At the mid-span location, the rotation functions are:
Uniform Torsion




t
1
 L 
-1
u '' = 1st   
GJ   2a 
L 
sinh   

a 


(17)

Parabolic Torsion
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(18)

Concentrated Brace Torsion
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At the brace location, the rotation functions are:
Uniform Torsion

t
u '' = 1st
GJ
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Parabolic Torsion
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Concentrated Brace Torsion
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Calculating local and distortional buckling strength

To evaluate the local and distortional buckling strength, a uniformly distributed
force is applied to the purlin. Cross section stresses are calculated according to
the previous section at critical locations along the span of the purlin. From the
stress distribution, the peak stress, fmax is determined. The moment about the xaxis, Mx, that corresponds to the critical location is calculated. For example, the
moment about the x-axis at the mid-span of the purlin is
w  cos   L2

c2
(23)
24
L
The cross section stresses are then scaled by a factor of Fy/fmax to equate the
stresses to the point of first yield. In the same fashion, the moment about the xaxis is scaled by the same scale factor to determine the yield moment, My, for use
in calculations. Using the scaled stress distribution, a finite strip buckling analysis
is performed using CUFSM v.4.05 (Li and Schafer, 2010) to determine the local
and distortional buckling load factors. The critical local and distortional buckling
moments, Mcrℓ and Mcrd, respectively, are calculated as the product of the buckling
load factor and the yield moment. The nominal local buckling moment, Mnℓ, is
calculated according to AISI Specification (2016) Section F3.2 with Fn = Fy and
M x,mid =

+  Vi 
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the nominal distortional buckling moment, Mnd, is calculated according to AISI
Section F4.1. The minimum of the local and distortional buckling moment is the
nominal strength, Mn. which is then compared to the moment about the x-axis,
Mx. If Mn > Mx, the purlin has sufficient capacity to support the uniform load.
Because the methodology includes approximate second order effects, as long as
Mn > Mx, second order effects have been over-estimated and the result is
conservative. If the precise value of the maximum nominal moment that the purlin
can sustain is desired, some iteration is required.
Predicted Strength of Sloped Roofs

The philosophy of the design of sloped roof systems has been to determine the
strength of the purlin system in a flat roof condition using the base test and any
slope effects are resisted by the anchorage system. The lateral deflection of the
system is limited to L/360 for most systems and L/180 for torsion braces. While
this approach is generally considered to be conservative, it is hypothesized that
increased capacity can be realized by including slope effects to evaluate the actual
strength. It is also desirable to relax lateral deflection limits, which is reasonable
when the strength of the purlin directly incorporates the effects of lateral
deformations.
To test this hypothesis, a system of purlins was evaluated on slopes varying from
a 0:12 pitch to a 4:12 pitch. To provide a baseline for comparison, the system of
purlins evaluated is derived from the system of base tests performed by Emde
(2010). The same system of base tests was evaluated by Seek and Parva (2018)
using a variation of the methodology presented in this paper with good correlation.
From the series of tests, two purlins were evaluated: an 8ZS2.00x057 (Test ID
8Z16-1A) and an 8ZS2.00x100 (Test ID 8Z12-2D). The measured cross section
dimensions reported by Emde were used. The purlin span, L = 27 feet, and the
torsion braces are spaced at c = 10.5 feet from the ends. The diaphragm stiffness
values were the same as used by Seek and Parva (2018), who calibrated diaphragm
stiffness to measured deflections. Test parameters are summarized in Table 1.
Purlin
8Zx057
8Zx100

Table 1. Purlin System Analysis Parameters

Fy
(ksi)
70.8
79.1

G’
(lb/in)
230
110

standoff, s
(in)
2.5
2.5

eccentricity, esx
(in)
0.333
0.333

The relationship between the predicted maximum supported uniform load in the
gravity direction and roof slope is shown Figure 3 for the 8Zx057 purlin and in
Figure 4 for the 8Zx100 purlin. Maximum supported uniform load is used as a
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Figure 3. Maximum uniform load vs. roof slope, 8Zx057

comparison rather than the moment at failure because the moment at failure
fluctuates considerably as a result of the brace shear. In both Fig 3 and Fig 4, the
strength predicted by the R-factor derived from the base test is also plotted as a
base line. The small increase in strength in the strength derived from the base test
with increasing roof slope results from the subdivision of the gravity load into
components perpendicular and parallel to the plane of the sheathing.
For the 8Zx057 purlin, at the flat roof condition, the strength predicted from the
Direct Strength Method is slightly less than that predicted by Base Test Method.
The relatively large lateral deflection results in biaxial bending stresses that
increase the web stresses and cause local buckling of the web. In Table 2, the
calculated local and distortional buckling load factors at both the mid-span and
brace location are provided, as well as the predicted maximum supported load
predicted from the buckling load factors with the controlling load highlighted.
Table 2 also reports the uniform load equivalent to the base test R-factor as well
as the predicted buckling load factors from the base test for comparison to the
sloped multi-span system results. Table 3 presents the stress scale factors,
predicted failure mode and location, as well as the lateral deflection of the system.
As the slope of the roof system increases, and the downslope component of the
gravity load begins to contribute downslope forces to the diaphragm, the lateral
deflection of the purlins decreases. Correspondingly, the brace moments decrease
as second order torsion decreases and the stress scale factor increases, indicating
the redistribution of stresses away from the web. The supported uniform load
increases as a result of the change in distribution of stresses. With increasing
slopes, the failure mode changes. At slopes higher than a 3:12 pitch, the lateral
deflection of the purlin transitions downslope. The lateral bending effect in this
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case shifts stresses towards the flange tips. The combination of lateral bending
and concentrated torsion at the brace location cause the failure mode to shift to
local buckling of the flange stiffener at the brace location. This shift in stresses
causes the supported uniform load to rapidly decline. However, in this case, peak
stresses occur in the tension flange, so additional strength may be realized by
considering inelastic reserve capacity.
Table 2: Buckling load factors and maximum uniform loads for 8Zx057 purlin
Buckling Load Factors
Mid-span

Uniform Load (lb/ft)

Brace

Mid-span
Local

Dist.

Local

Dist.

Base Test

0.60

0.67

0.62

0.66

-

-

-

-

216

0:12

0.59

1.02

0.92

0.83

198

218

230

203

198

0.5:12

0.59

0.93

0.85

0.78

206

220

242

214

206

1:12

0.58

0.85

0.78

0.74

215

223

255

227

215

2:12

0.58

0.71

0.61

0.67

237

230

285

266

230

3:12

0.58

0.59

0.52

0.82

262

237

241

257

237

4:12

0.70

0.59

0.63

1.00

261

221

201

216

201

Mode

Dist.

Local

Dist.

Min.

Local

Table 3. Analysis comparisons 8Zx057 purlin
Failure
Max
Fn/Fy Up/Down Location
wn
(lb/ft)
Base
216
1.457
Downhill Mid
Test
0:12
198
1.406
Uphill
Mid

Dist.

Brace

Brace
Moment
(lb-ft)

Deflection
Ratio
Lateral
L/
(in)

387

1.86

174

Local

2935

2.78

117

0.5:12

206

1.406

Uphill

Mid

Local

2474

2.45

132

1:12

215

1.414

Uphill

Mid

Local

1895

2.09

155

2:12

230

1.457

Uphill

Mid

Dist.

305

1.24

260

3:12

237

1.578

Uphill

Mid

Dist.

-1529

0.28

1166

4:12

201

1.374

Downhill

Brace

Local

-2675

-0.59

553
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Figure 4. Maximum uniform load vs. roof slope, 8Zx100

The relationship between the roof slope and the supported uniform load as shown
in Fig. 4 for 8Zx100 is similar to that of the 8Zx057 purlin. At the flat slope, the
strength predicted by the direct strength method is less than that predicted by base
test R-factor. With increasing slope, the strength predicted by direct strength
method increases with a maximum at a pitch of approximately 3:12, then begins
to dramatically decrease. Although the overall trends between the thicker and
thinner purlin are similar, the predicted behavior as summarized in Table 4 and 5
for the 8Zx100 purlin is different. For the thicker purlin, the large lateral
deflections cause substantial second order torsions which causes large torsion
brace moments. The predicted failure mode is distortional buckling at the brace
location.
Table 4: Buckling load factors and maximum uniform loads for 8Zx100 purlin
Buckling Load Factors
Uniform Load (lb/ft)
Mid-span

Brace

Mid-span

Brace

Min.

Local

Dist.

Local

Dist.

Local

Dist.

Local

Dist.

1.72

1.90

2.54

1.52

-

-

-

-

435

0:12

1.59

N/A

3.21

2.07

437

N/A

376

370

370

0.5:12

1.59

3.5

3.1

1.86

466

472

412

393

393

Base Test

1:12

1.58

2.43

2.83

1.7

498

506

464

431

431

2:12

1.57

1.74

2.41

1.35

581

553

590

511

511

3:12

1.55

1.18

1.57

1.16

696

588

824

689

588

4:12

1.94

1.02

1.73

1.88

692

543

530

508

508
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Table 5: Analysis comparisons 8Zx100 purlin
Failure
Max
Fn/Fy Up/Down Location
wn
(lb/ft)
Base
435
1.105
Uphill
Brace
Test
0:12
370
1.017
Uphill
Brace

Mode

Brace
Moment
(lb-ft)

Deflection
Ratio
Lateral
L/
(in)

Dist.

5362

6.17

53

Dist.

13777

5.44

60

0.5:12

393

1.048

Uphill

Brace

Dist.

12977

4.95

65

1:12

431

1.075

Uphill

Brace

Dist.

11419

4.30

75

2:12

511

1.156

Uphill

Brace

Dist.

8541

3.30

98

3:12

588

1.210

Downhill

Mid-

Dist.

-28

1.21

268

4:12

508

1.044

Downhill

Brace

Dist.

-8796

-1.00
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As the slope increases, the second order torsion decreases and the predicted
supported uniform load increases. Similar to the thinner purlin, as the lateral
deflection of the purlin transitions downslope at pitches greater than 3:12, the
predicted strength decreases. As for the thin purlin, the tension stresses are
significantly higher than the compression stresses, so additional strength can
likely be realized by considering inelastic reserve capacity.
Conclusions

A method is presented to predict the local and distortional buckling strength of
purlins with one flange attached to standing seam sheathing and braced by paired
torsion braces using the Direct Strength Method. The methodology uses
displacement compatibility between the purlin, sheathing, and braces, to calculate
the actual stress distribution of the stresses in the cross section. With the inclusion
of roof slope, the distribution of stresses can change significantly, which changes
the predicted load carrying capacity, failure mode and failure location. The
presented method, which conservatively ignores the additional strength from the
torsional restraint provided by the sheathing, predicts strength slightly less than
the base test at low slopes and greater strength at higher slopes. Therefore, the
presented method may not only be replacement to base test method, but it may
allow for increases in strength at certain roof slopes. Additionally, the presented
method links the strength of the purlin directly to the restraint provided by the
sheathing and the deformation of the system. In most cases, although the lateral
deflection falls outside the limits allowed by the AISI Specification, the purlin
does not experience a loss in strength until the lateral deflection shifts downslope.
Therefore, the presented method provides evidence that the AISI lateral deflection
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limits may be relaxed provided that the second order effects caused by lateral
deflection in incorporated into the analysis.
References

American Iron and Steel Institute (AISI) (2016). AISI S100-16 North American
Specification for the Design of Cold-Formed Steel Structural Members.
Washington, DC. 2016.
American Iron and Steel Institute (AISI) (2013). S908-13 Base Test Method for
Purlins Supporting a Standing Seam Roof System. AISI. Washington, DC. 2013.
Emde, M. G. (2010) Investigation of Torsional Bracing off Cold-Formed Steel
Roofing Systems. Master’s Thesis. University of Oklahoma. Norman, OK. 2010.
Li, A., Schafer, B.W. (2010) “Buckling analysis of cold-formed steel members
with general boundary conditions using CUFSM: conventional and constrained
finite strip methods.” Proceedings of the 20th International Specialty Conference
on Cold-Formed Steel Structures. 2010.
Parva, A. and Seek, M.W. (2018). “Direct Strength Approach to Predict the
Flexural Strength of Cold-Formed Z-Section Purlins on Sloped Roofs”
Conference Proceedings, SSRC Annual Stability Conference. Structural Stability
Research Council, University of Missouri-Rolla, Rolla, Missouri. 2018
Seaburg, P. A., Carter, C. J. (1997) Steel Design Guide Series 9: Torsional
Analysis of Structural Steel Members. American Institute of Steel Construction.
Chicago, IL. 1997.
Seek, M.W., Ramseyer, C. and Kaplan, I. (2016). “A Combined Direct Analysis
and Direct Strength Approach to Predict the Flexural Strength of Z-Purlins with
Paired Torsion Braces”. Proceedings of the 23rd International Specialty
Conference on Cold-Formed Steel Structures. 2016.
Seek, M.W., and Parva, A. (2018). “Predicting the Strength of Z-section purlins
with One Flange Attached to Standing Seam Sheathing Using the Direct Strength
Method”. Eighth International Conference on THIN-WALLED STRUCTURES 
ICTWS 2018. Lisbon, Portugal, July 24-27, 2018.
Zetlin, L and G. Winter. (1955). “Unsymmetrical Bending of Beams with and
without Lateral Bracing.” Journal of the Structural Division, ASCE, Vol. 81,
1955.

Wei-Wen Yu International Specialty Conference on Cold-Formed Steel Structures
St. Louis, Missouri, U.S.A., November 7 & 8, 2018

On the effect of web stiffening of cold-formed steel thin-walled
lipped sigma sections in compression members
Rashideddin Cheraghi1 and Hamidreza Mohammadzadeh2
Abstract
Cold-formed steel cross sections are high strength thin-walled profiles which are
highly prone to local and distortional instabilities. Stiffening techniques are
utilized in the industry as a solution to enhance local and distortional buckling
strengths. The sigma section is that channel section which its web pushed
inward for the stiffening reason. In this research, the effect of side sway of the
web (dx) on the buckling behavior of lipped sigma sections is investigated. The
results demonstrate that stiffening inclined components of the web in lipped
sigma sections for dx up to 0.5512”(14 mm) act as a stiffener and change the
dominant mode of the cross section from the local buckling for the non-stiffened
web to the distortional buckling for the stiffened web, and as this value rises,
more reduction in the formation of local buckling in the web can be observed,
but for the amount more than 0.5512”(14 mm), these components of the web act
as an independent element and constrain the vertical parts of the web and local
buckling of sub-elements of the web is the dominant mode. Also under a
parametric study, the effect of dx on the Euler-local and distortional buckling
strengths and influential parameters on them is investigated and the dx value for
an optimum design is computed. Outcomes demonstrate that the more rise in the
amount of dx augments the Euler-local and distortional buckling strengths and
the optimum value of dx is 0.3937”(10 mm) for the target lipped sigma section.
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Introduction
High-strength cold-formed steel sections are commonly used in a variety of
applications including residential construction. These steel sections typically
have a nominal yield stress of 80 ksi (550 MPa) and the use of such highstrength material allows for a reduction in thickness(Yap and Hancock 2011).
Application of high-strength cold-formed steel sections with a very thin wall
may lead to an optimum design but the reduction in thickness makes the cross
section prone to the severe local buckling. In the industry, in order to prevent
local buckling, manufacturers make complex shapes including stiffeners by
folding of the elements of the cross section. However, even these complex
shapes exhibit structural instabilities such local, distortional, and flexuraltorsional buckling modes, and in some cases, interaction of the local and
distortional buckling modes may occur (Yang and Hancock 2004; Yap and
Hancock 2008, 2011).
One of the complex cross-sections reinforced with web stiffeners, considered as
an innovative cross-section in the cold-formed steel industry(Schafer 2011) and
demonstrated higher buckling strength rather than other counterparts (Wang et
al. 2016) is the lipped sigma section. The configuration of this cross-section is
illustrated in Fig. 1. The difference of lipped sigma section with lipped C section
is that its web is divided into 3 sub-elements and 2 inclined components connect
these sub-elements together.

Fig. 1 The shape of a lipped sigma section
In a research done by (Wang et al. 2016), it was illustrated that for lipped sigma
sections, where the length of these sub-elements of the web are identical, the
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lipped sigma sections demonstrate the best load bearing capacity under
compression.
In this research, the amount of side sway of the web, on the buckling behavior
and buckling strengths of a thin-walled lipped sigma section under compression
is investigated and the results are compared with the lipped C section. To
investigate the buckling behavior of the lipped sigma section, the finite strip
method (FSM) and constraint finite strip method (c-FSM) are utilized (CUFSM
2006; Schafer and Ádány 2006). The results demonstrate that the increment of
dx, the horizontal projection of inclined elements’ length, or, i.e. side sway of the
web, significantly influences the buckling modes, the critical unbraced buckled
length and the load factor (pcr/py).
Also under a parametric study, the effect of dx on the Euler-local buckling
strength, distortional buckling strength and the influential parameters on them is
investigated. The results demonstrate that the increase of d x, augments the both
the Euler-local and distortional buckling strengths. Also the value of dx for an
optimum design is computed. Design of the cross-sections are conducted based
on the North American Specification AISI S100-16. (AISI S100-16, North
American Specification for the Design of Cold-Formed Steel Structural
Members 2016, AISI S100-16, North American Specification for the Design of
Cold-Formed Steel Structural Members, Commentary)
The Case Studies
As illustrated in Fig. 2, the lipped C section of C5.5-1.63-0.75-0.0236/inch
(C139.7-41.4-19.05-0.6/mm) and the lipped sigma section of Σ5.5-1.63-0.750.0236/inch are selected as the case studies. The web stiffeners are thin inclined
components including two important features, dx and dy. dx is the horizontal
projection of the web stiffeners’ length (i.e. the amount of side sway of web) and
is the main variable in this study. dy is the vertical projection of the web
stiffeners’ length assumed constant and equal to 0.15748”(4 mm) in this study.
The 3 sub-elements of the web are assumed to have identical length. In Fig. 2,
the dimensional parameters of the case studies are illustrated.
(C/Σ W-B-D-t)
The case studies all are compression members with the height of 9.8425’ (3
meters) which is constrained with bridges at level 3.281’(1 m) and level
6.562’(2 m).
The Calculation of section properties
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To simplify parametric study, section properties calculations are conducted by
an assumption. It is assumed that the bent corners of lipped C and sigma
sections as perpendicular corners and middle lines of a̅, b̅ and c̅ are utilized in
the calculation. However the amount of error is evaluated rather than exact
values. As depicted in Table 1, the error of this assumption is less than 6%.
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c̅ D
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B
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𝑡

𝑡

𝐝𝐱
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̅
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m x̅
x0
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W

a̅ a̅2
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m x̅
x0

x

a̅ 3

a) A Lipped C Section

b) A Lipped Σ Section

Fig. 2 Dimensional characteristics of the target sections
Table 1 Comparison of section properties between approximate section and
exact section of the lipped C section of C5.5-1.63-0.75-0.0236/inch
Lipped C-Section
APPROXIM
EXACT-CUFSM
Error(%)
140-40-19-1.5
A inch2(mm2)
0.590(381.9)
0.574(371.9)
2.70
Ixinch4(mm4)
2.644(1100349.4)
2.527(1051822.9)
4.61
4
4
Iy inch (mm )
0.231(96080.7)
0.219(91075.2)
5.50
̅ inch(mm)
0.472(12.0)
0.463(11.8)
1.89
X
m inch (mm)
-0.773(-19.6)
-0.769(-19.5)
0.53
x0 inch (mm)
-1.245(-31.6)
-1.233(-31.3)
1.04
J inch4 (mm4)
0.00069(286.4)
0.00067(278.9)
2.70
6
6
Cω inch (mm )
1.55(416215251.3) 1.463(392843326.4)
5.95
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Material Properties
The mechanical properties of the applied cold-formed steel are presented in
Table 2.
Table 2 Mechanical Material Properties of applied Cold-formed steel
Mechanical Material Properties of Applied Cold-formed Steel
29007.5
Ksi
Modulus of Elasticity
E
(200000)
(Mpa)
Ksi
Shear Modulus
G
11156.7(76923)
(Mpa)
Poisson Ratio
ν
0.3
Ksi
Yield Tensile Strength
Fy
43.5(300)
(Mpa)
Ksi
Ultimate Tensile Strength
Fu
50 (345)
(Mpa)
Results and Discussion
1.

Buckling behavior of case studies

To investigate the buckling mode shapes of the case studies, the FSM and cFSM are utilized. As depicted in Fig. 3, in the section with dx=0, the simple web
section, in the critical compression load, the local buckling of the web is the
critical buckled shape which is occurred in the unbraced length of 3.937”(100
mm). For the section with dx=0.07874” (2 mm), the first sigma section, in the
critical compression load, the critical buckled mode shape is distortional which
is occurred in the unbraced length of 35.433”(900 mm). It is also evident from
the comparison of aforementioned case studies that load factor (p cr/py) increased
from 0.066 to 0.288 which is a considerable augmentation. As a check point, the
participation of each buckling mode (G=global, D=distortional, L=local) in the
critical load is illustrated below each case study.
The next 2 case studies are those with dx=0.3937”(10 mm) and dx=0.4724”(12
mm). In Fig. 3, the buckled mode shapes for these case studies were illustrated,
but because of the constrained boundary conditions of the case studies, the
illustrated buckled shapes in Fig. 3 are not valid, so the modified buckled shapes
of these case studies are illustrated in Fig. 4. As illustrated in Fig. 4, the
governing buckled shapes of the sections are still distortional, more
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augmentation in the load factors is evident and just a change in the unbraced
length for the case study with dx=0.4724”(12 mm) is evident.
The last case studies are those with dx=0.5512”(14 mm)and dx=0.7874”(20 mm).
As illustrated in Fig. 3, from dx=0.5512”(14 mm) to the next, the buckled mode
shapes change. The inclined elements of the web, constrain the movement of the
web and local buckling of each part of the web is evident. The unbraced length
for the both following cases are 50 mm and the load factors (pcr/py) of the both
are about 0.481.

dx=0
G=0.2%

L=3.9370”
(100mm)
D=43.7%

Load
Factor=0.066
L=56.1%

dx=0.07874”
(2mm)
G=10.1%

L=35.433”
(900mm)
D=89.2%

Load
Factor=0.288
L=0.7%

dx=0.39370”
(10mm)

L=59.055”
(1500mm)

Load
Factor=0.304

dx=0.47244”
(12mm)

L=59.055”
(1500mm)

Load
Factor=0.220
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G=39.5%

D=60.2%

L=0.3%

G=28%

D=71.8%

L=0.2%

dx=0.55118”
(14mm)
G=0.1%

L=1.9685”
(50mm)
D=88.2%

Load
Factor=0.482
L=11.5%

dx=0.78740”
(20mm)
G=0.1%

L=1.9685”
(50mm)
D=88.4%

Load
Factor=0.481
L=11.4%

Fig. 3 Buckled mode shape of the case studies in the critical buckling load

dx=0.39370”
(10mm)
G=16.8%

L=35.433”
(900mm)
D=82.8%

Load
Factor=0.417
L=0.4%

dx=0.47244”
(12mm)
G=23.1%

L=39.370”
(1000mm)
D=76.5%

Load
Factor=0.442
L=0.3%

Fig. 4 Modified buckled mode shape of the case studies with d x=10mm and dx=12mm based on the restraining boundary conditions
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2.

Effect of dx on Compression Strengths

In this section, the effect of dx on the Euler-local buckling strength (Pn),
distortional buckling strength (Pnd) and the influential parameters on them is
investigated. The parameters includes effective web ratio, effective area ratio,
polar radius of gyration of cross section (r0), warping constant (Cω), radius of
gyration of cross-section about Y centroidal principal axis (ry), Euler buckling
stress (Fn) and distortional buckling stress (Fnd).
Effective web ratio= effective width of the web/ gross width of the web

Σbew/Σbw

Effective Area ratio= effective Area / gross Area of the cross-section

Ae/Ag

2.1. Effect of dx on Effective Web ratio and Effective Area Ratio
Effective web ratio is defined as an index to demonstrate the ratio of
effectiveness of the web. As illustrated in Fig. 5, the increment of effective web
ratio is proportional to the increase of dx and this ratio is equal to 0.24 for d x=0
and 0.67 for dx=0.3937”(10 mm). In the region of 0≤dx≤0.3937”(10 mm), the
slope of the curve is steep, but after this region till dx=0.07874”(12 mm), the
slope becomes negative and after this point the slope is almost zero. By the
investigation of kloc (Plate buckling coefficient for local sub-element buckling)
and kd (Plate buckling coefficient for distortional buckling) values for the web of
the case studies based on Eq. 1.4.1.1-1 and Eq. 1.4.1.1-2 of the Appendix 1 of
the AISI S100-16, respectively, prior to dx=0.5512”(14 mm), kd has lower value
than kloc, so distortional buckling is the governing mode for the web. Around dx=0.5512”(14 mm), kloc=kd. From dx≥0.5512”(14 mm), kloc has lower value than
kd, so the local buckling of sub-element is governing mode. These results are in
consistency with the outcomes of elastic buckling analyses done on the case
studies in the preceding section. As aforementioned results indicate, from
dx≥0.5512”(14 mm), inclined elements of the web act as independent elements
and not as stiffening components. Therefore, the provisions of section 1.4 of
Appendix 1 of AISI S100-16 for the calculation of effective width of the
stiffening elements are not valid and as a consequence, the provisions of section
1.1 of Appendix 1 of AISI S100-16 should be applied for each inclined element.
By above explanations, the results demonstrated for effective web ratio for
dx≥0.5512”(14 mm) in Fig. 5 are not valid. The modified values are illustrated
in Fig. 6. After the correct calculation of the effective width of the web for
different values of dx, effective area of the case studies can be computed. In Fig.
7, the effective area ratio vs. d x is depicted.

Σbew/Σbw
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0.76
0.72
0.68
0.64
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0.56
0.52
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0.44
0.40
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0.32
0.28
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0.20

Σbew/Σbw VS. SIDE SWAY of web
0.67
0.66
0.66
0.61
0.54

0.66

0.66

0.66

0.65 0.65

0.45
0.36
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0.23
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dx
Inclined Elements As Stiffeners

Fig. 5 The effect of dx on effective web ratio

Σbew/Σbw

Σbew/Σbw VS. SIDE SWAY of web
0.80
0.76
0.72
0.68
0.64
0.60
0.56
0.52
0.48
0.44
0.40
0.36
0.32
0.28
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0.74

0.72

0.74
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0.69
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0 2 4 6 8 10 12 14 16 18 20 22 24 26 28 30 32 34 36 38 40 42
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Inclined Elements As Stiffeners

Inclined Elements As Independent Eles

Fig. 6 The effect of dx on modified effective web ratio
In Fig. 7, the maximum effective area ratio is 69% in the region of 0.7874”(20
mm)≤dx≤0.9449”(24 mm). However this dx, because of high consumption of
cold-formed steel is not an economical side sway. In d x=0.3937”(10 mm), the
effective area ratio is 65% which is not far away maximum value of 69%.
Therefore, this side sway may be an optimum one; less consumption of the coldformed steel and high effectiveness of the cross section.
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Ae/Ag vs. Side Sway of Web
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Fig. 7 The effect of dx on effective area ratio
2.2. Effect of dx on Euler Buckling Stress (Fn)
In Fig. 8, the effect of dx on Euler buckling stress is illustrated. As it is shown,
the minimum Euler buckling stress is 31.56 ksi (217.63 Mpa) at dx=0 and the
maximum one is 33.36 ksi (230 Mpa) at dx=1.5748”(40 mm). The difference
between the minimum and maximum is about 1.74 ksi (12 Mpa). So dx is not an
influential feature on Euler buckling stress. However the trend of the curve
variations is investigated. As depicted in Fig. 8, the Euler buckling stress is
growing in the region of 0≤dx<0.5512”(14 mm); the governing buckling mode
in this region is flexural-torsional buckling (Eq. 1-3). In order to investigate the
influential torsional section properties on flexural-torsional buckling, the Eq. 1 is
under attention. Next, the effect of dx on Cω and r0 is evaluated and results are
depicted in Fig. 9 and Fig. 10. The square of r0 is the dominant parameter on
Euler buckling stress as it is evident from comparison of Fig. 8 and Fig. 9 that
the slope steepness of the curve in Fig. 8 in the region 0≤dx<0.5512”(14 mm) is
compatible with slope trend of the curve in Fig. 9.
𝜎𝑡 =

1
𝜋 2 . 𝐸. 𝐶𝑤
.
(𝐺𝐽
+
)
𝐴𝑟0 2
(𝑘𝑡 . 𝐿𝑡 )2

[1]
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𝜎𝑒𝑥 =

[2]

𝜋 2. 𝐸
𝑘𝑦 .𝐿𝑥

(
)2
𝑟𝑥
1
Fet =
. [(𝜎𝑒𝑥 + 𝜎𝑡 ) − √(𝜎𝑒𝑥 + 𝜎𝑡 )2 − 4. 𝛽. 𝜎𝑒𝑥 . 𝜎𝑡 ]
2𝛽
𝜎𝑒𝑦 =

[3]
[4]

𝜋 2. 𝐸
(

𝑘𝑦 .𝐿𝑦
𝑟𝑦

)2

In the region of 0.5512”(14 mm)≤dx≤1.3779”(35 mm), flexural buckling about
weak axis (Y-axis) is the governing buckling mode (Eq. 4), so the key parameter
on the value of Euler buckling stress is r y. As depicted in Fig. 11, in the region
of 0.5512”(14 mm)≤dx≤0.7874”(20 mm), increase in dx makes reduction in ry,
so the Euler buckling stress has a decreasing trend in this region. In the region of
0.7874”(20 mm)≤dx≤1.3779”(35 mm), as the value of ry increases, the Euler
buckling stress starts augmenting. At the dx=1.5748”(40 mm), again, the
buckling mode will change to flexural-torsional buckling, but not considerable
change in value of this stress is evident rather than the value at d x=1.3779”(35
mm).
Fn vs. Side Sway of Web
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Fig. 8 The effect of dx on Euler buckling stress
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r02 vs. Side Sway of Web
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Fig. 9 The effect of dx on square of Polar radius of gyration
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Fig. 10 The effect of dx on square of Polar radius of gyration
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Fig. 11 The effect of dx on Radius of gyration respect toY centroidal principal
axis
2.3. Effect of dx on Euler-Local Buckling Strength (Pn)

Nominal Euler-local strength of the lipped Σ section/lipped C section

PnΣ/PnC

After the investigation of dx variations on effective area ratio and Euler buckling
stress, it is possible to discuss about the Euler-local buckling strength. As
illustrated in Fig. 12, in the region of 0≤d x≤0.5512”(14 mm), the PnΣ/PnC ratio is
increasing with a steep slope. After dx=0.5512”(14 mm) the slope of the curve
starts decreasing.
From the optimum design point of view of a cross section, in addition to having
stronger section by stiffening the web, it is important to know that how much
increase in cross-section area makes section stronger. Therefore, the trend of
increase in cross sectional area vs. dx is depicted in Fig. 13. Comparing the Fig.
12 with Fig. 13, at dx=0.3937”(14 mm), the PnΣ/PnC ratio is 1.54 and Increase in
cross-sectional area is 5.24%, i.e. 54% increase in the Euler-local buckling
strength of the lipped Σ section rather than the equivalent lipped C section for
5.24% augmentation in the cross-sectional area. Also, at dx=0.7874”(20 mm),
the PnΣ/PnC ratio is 1.88 and Increase in cross-sectional area is 12.70%, i.e. 88%
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PnΣ/PnC

increase in the Euler-local buckling strength of the lipped Σ section rather than
the equivalent lipped C section for 12.70% augmentation in the cross-sectional
area. Therefore, comparing above results demonstrate that 5.24% increase of the
cross-sectional area due to the web stiffening and giving 54% increment in the
strength of the cross section may be a more economical choice rather than
12.7% increase of the cross-sectional area and giving 88% increment in the
strength of the cross section.
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Fig. 12 The effect of dx on PnΣ/PnC
(AgΣ-AgC)*100/AgC vs. Side sway of web
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Fig. 13 The effect of dx on Increase in cross sectional area
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2.4. Effect of dx on Distortional Buckling Stress (Fnd)
The distortional buckling stress for the lipped C section may be easily computed
by the conventional method of the specification (AISI S100-16, North American
Specification for the Design of Cold-Formed Steel Structural Members,
Commentary 2016), but for the lipped Σ section it is not possible to calculate this
buckling stress by conventional method. Therefore, to calculate the distortional
buckling stress of the lipped Σ sections, the direct strength method (DSM) (AISI
S100-16, North American Specification for the Design of Cold-Formed Steel
Structural Members 2016, AISI S100-16, North American Specification for the
Design of Cold-Formed Steel Structural Members, Commentary, Direct Strength
Method ( DSM ) Design Guide Committee on Specifications for the Design of
Cold-Formed Steel Structural Members 2006; Schafer and Peköz 1998) is
utilized. As illustrated in Fig. 14, the minimum Euler buckling stress is 116.64
Mpa at dx=0.03937”(1 mm) and the maximum one is 218.07 Mpa at
dx=1.3779”(35 mm). The difference between the minimum and maximum is
about 101Mpa. So dx is a key feature on distortional buckling stress. In the
region of 0≤dx≤1.3779”(35 mm), except for dx=0.03937”(1 mm), the increase in
the dx, augments the distortional buckling stress.
Fnd vs. Side sway of web
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Fig. 14 The effect of dx on Increase in distortional buckling stress
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2.5. Effect of dx on Distortional Buckling Strength
Nominal distortional strength of the lipped Σ section/lipped C section

PndΣ/PndC

In Fig. 15, the effect of dx variation on PndΣ/PndC ratio is depicted. In the region of
0≤dx≤1.5748”(40 mm), except for dx=0.03937”(1 mm), the trend of the
PndΣ/PndC ratio variations is always increasing.
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Fig. 15 The effect of dx on PndΣ/PndC

3.

Comparison of Euler-local buckling strength and Distortional
buckling strength

In Fig. 16, the Euler-local buckling strength is compared with distortional
buckling strength. For all values of the dx, except for the values in the region of
0.15748”(4 mm)<dx<0.5512”(14 mm), distortional buckling strength is the
higher value. At dx=0.15748”(4 mm), dx=0.4724”(12 mm) and dx=0.5512”(14
mm), these 2 strengths are almost equal and their values are about 4.592 kips
(2.05 tonf), 5.824 kips (2.60tonf) and 6.272 kips (2.80tonf), respectively. As the
interaction of local-distortional and Euler buckling is probable at
aforementioned points, it is recommended to avoid these side sways in the
design of the cross section.
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Fig. 16 Comparison of Euler-local and distortional buckling strengths
Conclusion
In this research, the effect of web stiffening of cold-formed steel thin-walled
lipped sigma sections in compression members is investigated. dx, the amount of
inward side sway of the web, or the horizontal projection of web stiffeners’
length, is selected as the main variable. The effect of d x variations is evaluated
on buckling behavior and buckling strengths of the lipped Σ section and the
following results are obtained.
1-In the region of 0≤dx<0.5512”(14 mm), the inclined elements of the web act
like stiffeners and change the buckled mode shape of the section from local
buckling into distortional buckling, but for dx≥0.5512”(14 mm) the inclined
elements of the web act like independent elements and change the buckled mode
shape of the section from distortional buckling into local buckling of subelements of the web and other elements of the section.
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2- As the preceding result was obtained, in the calculation of effective width, for
dx≥0.5512”(14 mm), the inclined elements were considered as independent
elements rather than stiffening elements. Therefore, modified effective width
was calculated for dx≥0.5512”(14 mm).
3-As dx increases, the effective area ratio (Ae/Ag) increments. The maximum of
this ratio is 0.69 at dx=0.7874”, 0.9842”, (20, 25 mm). However the optimum
effective area ratio with the consideration of less cross-sectional area may be
0.65 at dx=0.39370”(10 mm).
4-dx variations do not have considerable impact on the Euler buckling stress. As
presented, the difference between the minimum and maximum distortional
buckling stresses is about 1.74 ksi (12 Mpa).
5-dx variations have considerable effect on the distortional buckling stress. As
demonstrated, the difference between the minimum and maximum distortional
buckling stresses is about 14.79ksi (102 Mpa).
6- As dx increments, in the region of 0≤dx<0.5512”(14 mm) the Euler-local
buckling strength increases with a steep slope and after that region with a mild
slope, but the distortional buckling strength , in the region of 0≤dx<0.5512”(14
mm augments with an incremental slope and after that region with an
decreasing slope.
7- From optimum design point of view, a lipped Σ section is one that have the
closest nominal Euler-local and distortional buckling strengths, but it should be
considered to avoid nearly equal values of these buckling strengths because of
the probable local-distortional and Euler buckling interaction. Therefore, the
best optimum region is 0.15748”(4 mm)<dx<0.47244”(12 mm) and the best dx is
equal to 0.39370”(10 mm).
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Appendix.-Notations
Dimensions:
t : Base steel thickness
W: Back to back width of the web
B: Back to back width of the flange
D: Distance from Back of the flange to the end of the lip
r’ : Inner radius of the bent (=2t)
dx : Horizontal projection of the web stiffeners’ length (Side sway of web)
dy : Vertical projection of the web stiffeners’ length
a̅: Back to back width of the web minus a thickness
a̅1: Distance from the middle axis of the above flange to the beginning of the
web stiffener
a̅2: Middle width of the web between two web stiffeners
a̅3: Distance from the middle axis of the below flange to the beginning of the
web stiffener
b̅: Distance from middle axis of the web to middle axis of the lip
̅c: Distance from middle axis of the flange to end of the lip
General section properties:
A : Full unreduced Cross sectional area of member
Ae : Effective Cross sectional area ofmember
Ix, Iy : Moment of Inertia of full unreduced section respect to X, Y principal centroidal axis
rx, ry :Radius of gyration respect to the X, Y principal centroidal axis
Kx, Ky :Effective length factors for buckling about x, y-axis
Lx , Ly : Unbraced lengths for elastic Euler buckling about x-axis and y-axis
Torsional and warping properties of the cross section
J : Saint-Venant torsion constant
Cω : Torsional warping constant
x̅: Distance from shear plane to centroid of cross-section
m : Distance from shear plane to shear center in principal x-axis direction
X0 : Distance from centroid to shear center in principal x -axis direction
ro : Polar radius of gyration of cross-section about shear center
β=1 − (𝑥0 ⁄𝑟0 )2
Kt Effective length factor for torsion
Lt : Unbraced length for torsional buckling about longitudinal axis
Euler Buckling Stresses
ex :Elastic Euler buckling stress about x-axis
ey :Elastic Euler buckling stress about y-axis
t :Torsional buckling stress
Fet :Flexural-torsional buckling stress
pcr/py : Load factor (Ratio of the critical buckling load to the yield load)
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Bracing design for torsional buckling of
cold-formed steel wall stud columns
C.D. Moen1
Abstract
A method is presented for calculating the required brace stiffness and strength to
limit torsional buckling deformation in cold-formed steel wall stud columns.
The bracing (bridging) design method utilizes recent insight from classical
stability solutions that define twist of singly and doubly-symmetric columns
with an initial twist imperfection as a function of column compressive load. A
wall stud design example is provided.
Introduction
Singly-symmetric cold-formed steel C-section wall studs are the bread and
butter of the light steel framing industry, and to ensure these studs are working
well together in a wall system, discrete bracing (bridging) is provided to limit
stud twisting and bending. A stud tends to twist under a compressive load
because the flexural and torsional buckling modes are coupled when the centroid
is offset from the center of twist. The goal of this paper is to provide a method
to calculate the torsion bracing demand and the stiffness required to limit this
twist to a reasonably small magnitude.
While flexural bracing of compression members has been widely studied both
analytically and experimentally, stability research leading to recommendations
for torsional buckling deformation of compression members is limited.
Torsional bracing stiffness equations for I-section columns were developed from
an elastic torsional buckling solution including the torsion brace as a rotational
spring (Helwig and Yura 1999). Recent work experimentally validated an
energy solution that demonstrates how to use the critical elastic column buckling
load including a discrete torsion brace (Blum and Rasmussen 2016) to calculate
the capacity of steel portal frames. The connection between column torsional
buckling twist deformation, initial imperfections, and required bracing stiffness
1
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and strength still remain elusive however, primarily because analytically
predicting the tendency of a column to twist under a compressive load is
cumbersome.
Flexural column bracing strength and stiffness requirements in current codes and
standards stem from classical stability studies (e.g., Winter 1958). The required
brace force and stiffness to limit mid-height deflection of an imperfect column is
calculated with a free body diagram assuming column double curvature and a
hinge (no moment in the column) at the brace. The allowable column deflection
at the brace is typically assumed as the same magnitude as the initial flexural
imperfection.
Extending this style of flexural bracing design approach to torsional bucking is
challenging because the mechanics of coupled flexural-torsional buckling modes
requires more bookkeeping since there are three governing differential equations
(not one), and the relationship between the applied compressive column load
and the twist and flexural deformation considering initial geometric
imperfections is more complicated.
Flexural-torsional buckling deformation
equations derived by Chen (1977, Section 4.5) were recently confirmed by
Moen and Plaut (2018) for the case of an imperfect pinned warping free column.
The twist deformation equation from Moen and Plaut (2018) is utilized herein to
propose a bracing design methodology for cold-formed steel wall stud columns
that tend to develop torsional buckling deformation under load.
Torsion bracing design for cold-formed steel stud columns
It is proposed that discrete mid-height torsion bracing for stud columns can be
designed in two steps. The first step is to calculate the twist, θ, at the mid-height
of the stud, that develops as it is loaded in compression to its nominal unbraced
capacity i.e., when P=Pn,unbraced. The twist θ can be calculated with a solution of
the governing differential equations defining equilibrium of an imperfect
column (Moen and Plaut 2018):
(1)
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The axial load P is applied at the column centroid (+ magnitude is compression),
E is the steel modulus of elasticity, G=E/(2(1+ν)) is the steel shear modulus, and
ν is Poisson’s ratio for steel. The eccentricities from the column centroid to the
column center of twist along the principal axes are xo and yo, L is the unbraced
stud height, I1 and I2 are moments of inertia of the column cross-section about
principal axes 1 and 2 with the axis origin at the column centroid, A is the
column cross-sectional area, Cw is the warping torsion constant for the crosssection, J is the St. Venant torsion constant for the cross-section, and the polar
moment of inertia about the center of twist Io=I1+I2+A(xo2+yo2). Flexural initial
imperfection magnitudes at mid-height of the column are a1 and a2 (units of
length) measured along the 1 and 2 principal axes, and a3 is the initial twist
imperfection magnitude (in radians) at column mid-height.
The proposed torsion bracing design criterion is that the twist, θ, calculated in
Eq. (1) resulting from P=Pn,unbraced is limited by the bracing, or in other words,
the bracing should react back to limit the twist to an acceptably small value, θn.
The flexural reaction in the brace, Mn, i.e., the torsion reaction applied to the
column, that limits the twist to θn is calculated as (AISC 1997, Case 3):
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where αL=0.50L is the mid-height bracing location, z=L/2, and a=(ECw/GJ)0.5.
The magnitude of Mn in Eq. (2) is the required strength of the torsion brace to
develop the column braced nominal capacity, Pn,braced, and kT=Mn/θn is the
required brace stiffness to limit the twist at the brace to θn when the column is
loaded to Pn,braced.
Example – bracing design for limiting torsional buckling deformation
The following example presents the proposed torsion bracing design
methodology. The specific torsion bracing magnitudes and conclusions should
not be used in design since the approach has yet to be verified experimentally or
with simulation.
Mid-height torsion bracing is designed for a typical cold-formed steel stud in
this section. The stud column – a 362S162-54 lipped Cee cross-section (SSMA
2011), has a singly-symmetric cross-section where A=272mm2, I1=363370mm4
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and I2=64100 mm4 are the principal moments of inertia about the cross-section
centroid, Cw=120572604 mm6, J=188 mm4, xo=-33.4 mm, yo=0 mm and the
column length is L=2438 mm. The polar moment of inertia about the center of
twist is Io=I1+I2+A(xo2+yo2)=730902 mm4. The initial flexural imperfection
magnitudes at column mid-height are assumed as a1=a2=L/1000. The initial
twist imperfection magnitude at column mid-height is assumed as a3=0.00628
radians x (L/2/1000mm)=0.00766 radians, determined based on an imperfection
study in Zeinoddini and Schafer (2012) where the average twist for cold-formed
steel studs was reported as 0.00628 radians over a meter of length. The elastic
modulus for steel is E=200 kN/mm2.
The first torsion bracing design step is to calculate how much the unbraced stud
wants to twist when loaded to its nominal unbraced capacity, Pn,unbraced. The
stud critical elastic local buckling load is Pcrℓ=70.9 kN, the critical elastic
distortional buckling load Pcrd=108 kN, the critical elastic global buckling load
Pcre=18.8 kN calculated assuming the unbraced length is L, and the stud squash
load is Py=93.8 kN assuming the steel yield stress Fy=345 MPa. Using the AISI
Direct Strength Method (AISI 2016), the global buckling ultimate limit state
capacity Pne=16.5 kN, the local-global buckling ultimate limit state capacity is
Pnℓ=16.5 kN, and the distortional buckling ultimate limit state capacity Pnd=74.4
kN. The nominal stud capacity is Pn=min(Pne, Pnℓ, Pnd)=16.5 kN. Substituting
P=Pn,unbraced into Eq. (1) results in a mid-height twist of θ=0.2584 radians when
the stud is not torsionally braced.
The moment in the brace required to resist the mid-height twist is calculated
with Eq. (2) assuming that θn=a3, i.e., the twist at the braced location is the same
as the initial twist imperfection magnitude. This assumption is consistent with
flexural bracing design (Winter 1958). The resulting Mn=27.9 kN-mm from Eq.
(2) is the flexural demand on the brace as the stud is loaded to its braced
capacity, Pn,braced. The required brace stiffness that restrains twist from flexuraltorsional buckling to θn is kT=Mn/θn=3642 kN-mm/rad. The stud braced capacity
is obtained by recalculating Pcre=63.6 kN for a braced length of L/2, resulting in
Pne =50.6 kN and Pnℓ=48.0 kN. The braced column capacity Pn,braced=min(Pne,
Pnℓ, Pnd)=48.0 kN.
Conclusion
A design method and equations are proposed for calculating the required
stiffness and strength of mid-height torsion bracing in cold-formed steel wall
studs columns. The bracing is designed to restrain the tendency of the stud to
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twist from torsional buckling. The calculation methodology is just theoretical
at this point and needs to be validated with experiments and simulation.
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Abstract
Back-to-back gapped built-up cold-formed steel channel-sections are used as compression members in
cold-formed steel structures, such as trusses, space frames and portal frames etc. Because of the complex and
non-uniform cross section of the back-to-back gapped built- up cold-formed steel channel columns, it is difficult
to calculate the strength of these sections accurately. Current guidance by the direct strength method in the AISI
Specification and the Australian/New Zealand Standard doesn’t include the gap between the back-to-back
channels, thus not being able to predict the axial capacities of these sections accurately. In the literature, very
few results have been reported for such columns and specially investigated the effect of link-channel’s spacing
on axial strength of such columns. This issue is addressed herein. Forty new experimental results are reported,
conducted on back-to-back gapped built-up cold-formed steel channel-sections, covering stub to slender
columns. Axial capacity of the columns, load-axial shortening, load-axial strain, failure modes and deformed
shapes were observed and reported in this paper. Also, the effect of link-channel’s spacing on axial strength, is
investigated. Test strengths are compared against the design strengths calculated in accordance with AISI and
Australian/New Zealand standard for cold-formed steel structures. It is shown that the design standards can be
conservative by as much as 53%, while predicting axial strength of such columns. Therefore, a modification to
the non-dimensional slenderness, that considers the gap, is proposed which leads the design standards being
within 5% conservative to the test results.
Keywords: Gap, Cold-formed steel, Back-to-back gapped sections, Buckling, Direct strength method, Linkchannel, Axial strength.
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Nomenclature
A’
A1
Ae
B’
C’
CFS
COV
E
Fe
Fn
Fy
I1
k
l
L
P
P AISI& AS/NZS
P DSM
P EXP
P M-DSM
S
w’
λc
λ c,GAP

σ 0.2

Overall web length of section;
Cross sectional area of single channel-section;
Effective area of the section;
Overall flange width of section;
Overall lip width of section;
Cold-formed steel;
Coefficient of variation;
Young’s modulus of elasticity;
Least of the elastic flexural, torsional, and flexural torsional buckling stress;
Nominal buckling stress as per AISI & AS/NZS;

Yield stress which is equal to the 0.2% proof stress ( σ 0.2 );
Moment of inertia of single channel-section;
Effective length factor;
Effective length of the built-up gapped section;
Total length of the built-up gapped section;
Applied axial load;
Axial strength from AISI & AS/NZS;
Axial strength from Direct Strength Method;
Axial strength from experiments;
Axial strength from Modified Direct Strength Method;
Longitudinal spacing of link-channels ;
Gap between back-to-back channel-sections;
Non-dimensional slenderness ratio as per AISI & AS/NZS;
λ c as for sections with gap;
Static 0.2% proof stress;

1 Introduction
In this paper, the results of forty new experimental tests on back-to-back gapped built-up cold-formed
steel channel sections, with the sections acting as columns, are presented. Fig.1 shows the details of gapped
section investigated herein. As can be seen from Fig 1, the gap is formed through a link-channel screwed between
the webs of the back-to-back channel-sections. Such gaps are commonly introduced in struts in steel trusses and
columns in portal frames, increasing the lateral stability of such columns.
In the literature, only three such experimental results are available, as reported by Rondal and Niazi [1]
in 1990; the values of non-dimensional slenderness in these tests ranged from 1.08 to 1.16. The forty new
experimental tests reported herein have a value of non-dimensional slenderness ranging from 0.23 to 1.42, thus
covering stub to slender columns.
In current design standards, such as American Iron and Steel Institute [2] and Australian and New Zealand
Standards AS/NZS 4600:2005 [3], the beneficial effect of the gap is ignored i.e. the design axial compressive
strength is simply twice that of a single channel-section. This is the case regardless of whether the Effective
Width Method (EWM) (reproduced in Section 2) or the Direct Strength Method (DSM) is used. It should be
noted that the DSM does not include post-local-buckling capacity, however, Kumar and Kalyanaraman [4],
modified the DSM equations, referred here as M-DSM, to include post-local-buckling capacity. The axial
strength calculated in accordance with EWM, DSM and M-DSM are all presented in this paper.
Ting et al. [5] recently presented an experimental and numerical investigation on the behaviour of backto-back built-up CFS channel sections under axial compression. The experimental tests reported herein, extends
the work of Ting et al. [5]. As a result of the gap, for some combinations of column length and gap size, the
lowest flexural buckling mode may be as shown in Fig. 2a, as opposed to overall buckling of the whole column,
taking into consideration of the gap, as shown in Fig. 2b. As mentioned previously, the design approach of the
design standards ignores the beneficial presence of the gap.
A non-linear finite element model was developed by Roy et al. [6], which showed good agreement against
the experimental results for back-to-back gapped built-up cold-formed steel channel sections under compression.
Other work includes that of Zhang and Young [7] who considered back-to-back built-up channel-sections, but
these were with an opening, not with a gap. Dabaon et al. [8] investigated CFS built-up battened columns, while
Stone and LaBoube [9] considered back-to-back channel-sections, which were flange stiffened and track
sections. Whittle et al. [10] and Piyawat et al. [11] considered built-up channel-sections, but these were welded
connection. The non-linear behaviour of axially loaded back-to-back cold-formed steel un-lipped channel
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sections and cold-formed stainless steel built-up channel sections were investigated by Roy et al. [12,13]. A
numerical investigation on built-up columns with battens and stiches are presented by Crisan et al. [14], where
they have checked the accuracy of European and American standards, while calculating compressive strength of
such built-up batten columns. Other works includes that of Fratamico et al. [15] and Anbarasu et al. [16] who
considered back-to-back built-up CFS channels, without any gap under compression. Fratamico et al. [15]
investigated built-up columns and investigated the effect of screw spacing for back-to-back channels, again
without any gap. On the other hand, Anbarasu et al. [16] investigated the behaviour and strength of cold-formed
steel web stiffened built-up batten columns, without any gap.
Fig. 3 shows the nominal geometry of the two sections considered in this paper: GBU75 and GBU90.
Forty experimental test results are reported. All test specimens were brake-pressed from G550 structural steel
sheets. The experimental tests were conducted for different lengths in combination with different link-channel
spacing. The effect of gap, link-channel spacing, load-axial shortening, load-axial strain behaviour and buckling
failure modes for different cross sections and lengths of back-to-back gapped built-up columns has been
investigated in this paper, none of which is available in the literature. The experimental test results are compared
against the tests results of back-to-back built-up CFS column with no gap by Ting et al. [5].
Using the experimental results, it is shown that design in accordance with the American Iron and Steel
Institute (AISI) and Australian and New Zealand Standards (AS/NZS) can be conservative by as much as 53%.
However, use of a modification to the non-dimensional slenderness, that considers the gap, results in the design
standards being within 5% conservative with respect to the experimental and finite element results. Full details
of this work can be found in Roy et al. [6].

(a) General arrangement

(b) Cross-section

Figure 1: Back-to-back gapped built-up cold-formed steel channel-sections

(a) Mode-A

(b) Mode-B

Figure 2: Overall flexural buckling modes of back-to-back gapped built-up cold-formed steel channel-sections
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Figure 3: Nominal cross-sections of back-to-back gapped built-up CFS channel sections considered herein
2. AISI & AS/NZ Standard design guidelines
In accordance with AISI & AS/NZ standards, for built-up sections, the design axial compressive
strength is simply twice that of a single channel-section, the un-factored design strength of a single channelsection is as follows:
(1)
P AISI &AS/NZS =A e F n
The nominal buckling stress (F n ) can be calculated from:
2
λ c ≤ 1.5: F n = (0.658 λ c ) F

 0.877 
F
 λ 

λ c >1.5, Fn = 

y

2

y

(2)
(3)

c

Where,

λc =

Fy
Fe

(4)

3 Experimental investigation
3.1 Test specimens
Fig. 3 shows details of the cross-sections of the two back-to-back gapped built-up cold-formed steel
channel columns considered in this paper: GBU75 and GBU90. As indicated by the name, GBU75 and GBU90
are built-up from C75 and C90 channel-sections, respectively. In this paper, the Link-channel through which the
gap is formed use the same channel-section as that of the built-up section i.e. C75 and C90 channel-sections are
used for the link-channel in GBU75 and GBU90, respectively.
The experimental test programme comprised 40 specimens, subdivided into four different column heights:
300 mm, 500 mm, 1000 mm, and 2000 mm. The columns were tested with pin-ended conditions, apart from the
300 mm columns which were tested as stub columns. In Table 1, the specimens have been sub-divided into stub,
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short, intermediate and slender columns. In the experimental test programme, the following longitudinal spacing
of link-channels (S) were considered:
•

Columns of 300 mm height; spacing of 50 mm and 200 mm

•

Columns of 500 mm height; spacing of 100 mm and 400 mm

•

Columns of 1000 mm height; spacing of 225 mm and 900 mm

•

Columns of 2000 mm height; spacing of 475 mm and 1900 mm

3.2 Material Properties
In order to determine the material properties of test sections, tensile coupon tests were conducted. The
tensile coupons were prepared from the centre of the web plate, in accordance with British Standard for Testing
and Materials [17]. Five of each coupons were obtained from longitudinal and transverse direction of the untested
specimens. MTS test machine was used to test the coupons. To determine the tensile strain, two strain gauges
and a calibrated extensometer of 50 mm gauge length were used. The average modulus of elasticity was 205GPa
and yield strength was 565 MPa.
3.3 Labelling
The back-to-back gapped built-up cold-formed steel channel-sections were labelled such that the type of
section, longitudinal link-channel spacing, nominal length of specimen and specimen number were expressed by
the label. Fig. 4 shows an example of the labelling used. The channel-sections are denoted by their web depth
i.e. 75 in the label. The intermediate fastener spacing is denoted as S for the spacing. The column length is stated
last in the label as L.

Figure 4: Specimen labelling
3.4 Test-rig and testing procedure
A photo of the test setup is shown in Fig. 5. The external load cell was placed at the top of the column.
Six LVDTs were used, the position of LVDTs are shown in Fig. 5. To measure the strain, two longitudinal strain
gauges along with three other strain gauges were used on the web of the columns. Strain gauge arrangements are
shown in Fig. 6. A Universal Testing Machine (UTM) GT-7001-LC60, of 600 kN capacity, was used to apply
axial load to the columns. The displacement control was used to apply the axial force to the columns, which can
include the post buckling behaviour of the columns. Displacement rate was kept as 0.03 mm/s for all test
specimens. Strain values were recorded from longitudinal strain gauges near the top end plate and middle of the
columns to verify that the load was applied through the centroid of the sections. In order to ensure, there is no
gap between the two pin-ends and end plates of the specimen, all columns were loaded initially up to 25% of
their expected failure load and then released. LVDT and strain gauge readings were recorded with each increment
of loading.

Figure 5: Photograph of the test set-up for intermediate columns.
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Figure 6: Position of the strain gauges
3.5 Measurement of initial geometric imperfections
Initial geometric imperfections were measured as shown in Fig. 7(a). A LVDT with an accuracy of 0.01
mm, was used to record the readings at every 20 mm along the length of the sections. The imperfections were
measured at the centre of the web, flanges, and edge of the lips for all sections. LVDT positions are shown in
Fig. 7(b). In Fig. 7(c), a typical length-imperfection plot is shown for GBU75-S100-L500-1. The maximum
imperfections of the test specimens were 1.8 mm, 1.7 mm, 1.6 mm and 1.9 mm for the 300 mm, 500 mm, 1000
mm and 2000 mm column lengths, respectively.

(a) Imperfection measurement setup (b) LVDT positions (c) Typical imperfection profile (GBU75-S100-L500)
Figure 7: Details of imperfection measurements
3.6 Experimental results
Column dimensions and the experimental failure loads (P EXP ) are shown in Table 1. Also shown in Table
1, are the buckling modes. As can be seen, strength of the built-up sections were reduced significantly for all
columns beyond 1000 mm length for both GBU75 and GBU90 with two intermediate link-channels. On the other
hand, for GBU75 with no intermediate link-channel, significant reduction in axial strength was observed for
column length higher than 500 mm. This is because the intermediate link-channels holds the individual back-toback channels together.
Failure modes were different for stub, short, intermediate and slender columns. In total, 16 stub columns
were tested (see Table 1). GBU75-S50-L300 and GBU90-S50-L300 test specimens with three link-channels
spaced at 50 mm, failed through local buckling. Back-to-back channels remain integral at failure, showing some
plastic deformation near the bottom of the stub columns as shown in Fig. 8. The failure modes of GBU75-L300
series, were different from the BU75-L300 series (Ting et al. [5]) because the link-channels in GBU75-L300
provided sufficient restraint to prevent buckling at mid-height of the column. Unlike BU75-L300, for GBU90L300 series columns, localized deformation was observed near the top or bottom end of the columns.
Load-axial shortening behaviour for GBU75-S225-L1000-1 is plotted in Fig. 14. It is observed that the
relationship was almost linear up to a load of 53 kN, which is approximately 69% of the ultimate failure load for
GBU75-S225-L1000-1. After that, nonlinear behaviour is continued until the failure load is reached, which is
77.09 kN.
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GBU75-S100-L500 with three intermediate link-channels at 100 mm spacing buckled as Mode A, leading
to a hinge-like angular buckling shape at about one-third height, near to the top of the column. The buckling
shape is shown in Fig. 10. Both short (500 mm length) and intermediate (1000 mm length) columns showed
similar buckling shapes, although 1000 mm long columns showed clearer deformed shapes (see Fig. 10(b)).
Local and distortional buckling were not noticeable for slender columns. Overall buckling was observed
for slender columns of both GBU75 and GBU90 series. Localized deformation was noticeable on the
compression side of specimens near the mid-height of the column as shown in Fig. 10 (c). For Mode B, GBU75S475-L2000 uses four link-channels while GBU75-S1900-L2000 uses two link-channels.
Five strain gauges were used to determine axial strain at mid-length and end of all columns. Load -axial
strain relationships for GBU75-S50-L300-1 and GBU90-S50-L300-1 are plotted in Fig. 11(a) and 11(b)
respectively. S-E denotes the axial strain at the end of column, where S-M is the strain at the middle of the
column (see Fig.6). Maximum compressive micro-strain observed at failure load, as shown in Fig. 11 (a), is 812
and 987 in S-E and S-M points respectively for GBU75-S50-L300-1 column. Similarly, as shown in Fig.11(b),
for GBU90-S50-L300-1, axial strain values obtained at failure load is 1050 and 1207 respectively for S-E and
S-M points i.e. at the end and at middle height of columns.
The effect of increase in the vertical spacing of link-channels, are investigated and shown in Table 1. As
can be seen from Table 1(a), the average strength of stub column of GBU75 series is decreased by 5%, when the
vertical spacing between the link-channels is increased from 50 mm to 200 mm. For short columns, when the
link channel spacing is increased from 100 mm to 400 mm, the axial strength of the gapped built-up columns is
decreased by 5.8% on average. For intermediate columns, the average decrease in strength is by around 17%
when increasing the spacing from 225 mm to 900 mm for GBU75 columns. Reduction in strength for slender
columns is approximately by 16% for GBU75, when the screw spacing is increased from 475 mm to 1900 mm.
On the other hand, for GBU90 short columns, increasing the vertical spacing of link-channels from 100 mm to
400 mm, reduces the axial strength by 2.3%. For short GBU90 columns, the axial strength is reduced by 4.8%,
when the spacing is increased from 100 mm to 400 mm.

(a) GBU75-S50-L300 (b) GBU75-S200-L300 (c) GBU90-S50-L300 (b) GBU75-S200-L300
Figure 8: Photograph of stub columns at failure
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Figure 9: Load-axial shortening relationship for GBU75-S225-L1000-1
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(a) GBU75-S100-L500 (Mode-A) (b) GBU75-S225-L1000 (Mode-A) (c) GBU75-S475-L2000 (Mode-B)
Figure 10: Photograph of short, intermediate and slender columns at failure
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Table 1: Axial strength and failure modes of built-up back-to-back gapped channel-sections
a) GBU75
Web

Flange

Lip

Length

Spacing

Gap

Slenderness

Experimental

between

Failure mode

Results

columns

Specimen
A’

B’

C’

L

S

w’

P EXP

-

(mm)

(mm)

(mm)

(mm)

(mm)

(mm)

-

(kN)

-

GBU75-S50-L300-1

73.2

19.8

11.2

271

50.0

0.38

0.26

122.6

Local

GBU75-S50-L-300-2

73.6

19.9

11.1

270

73.6

0.39

0.27

120.5

Local

GBU75-S50-L300-3

73.6

19.8

11.1

50.2

73.6

0.38

0.26

121.9

Local

GBU75-S200-L300-1

73.6

19.7

268

201.0

73.6

0.42

0.29

114.7

Local

GBU75-S200-L300-2

73.6

11.2

271

200.0

73.6

0.42

0.29

114.3

Local

GBU75-S200-L300-3

18.5

10.5

263

199.0

72.3

0.41

0.28

117.9

Local

73.6

19.8

11.3

678

100.2

73.6

0.57

0.37

113.9

Mode A

GBU75-S100-L500-2

73.6

19.9

11.2

679

100.0

73.6

0.57

0.36

109.8

Mode A

GBU75-S100-L500-3

73.5

19.8

11.3

681

100.0

73.5

0.59

0.38

115.1

Mode A

GBU75-S400-L500-1

73.6

19.9

11.2

679

399.0

73.6

0.60

0.40

108.2

Local +Distortional

GBU75-S400-L500-2

73.5

19.8

11.1

680

400.0

73.5

0.41

101.8

Local +Distortional

GBU75-S400-L500-3

73.5

19.8

11.1

680

400.0

73.5

0.61

0.41

101.1

Local +Distortional

GBU75-S225-L1000-1

76.1

19.8

10.4

1131

225.0

76.1

0.89

0.75

77.1

Mode A

GBU75-S225-L1000-2

76.2

20.3

10.4

1132

225.0

76.2

0.88

0.74

76.2

Mode A

GBU75-S225-L1000-3

75.8

19.8

10.4

1183

224.8

75.8

0.92

0.77

73.2

Mode A

GBU75-S900-L1000-1

75.9

19.8

10.4

1133

900.0

75.9

0.98

0.83

65.3

Mode A

GBU75-S900-L1000-2

76.0

19.9

10.3

1132

897.5

76.0

0.99

0.85

61.5

Mode A

GBU75-S900-L1000-3

76.0

19.8

10.3

1182

900.0

76.0

1.00

0.86

61.2

Mode A

GBU75-S475-L2000-1

73.6

20.3

10.6

2183

474.3

73.6

1.36

1.23

25.6

Mode B

GBU75-S475-L2000-2

73.9

20.3

10.6

2183

474.5

73.9

1.36

1.23

25.2

Mode B

GBU75-S475-L2000-3

73.9

20.4

10.8

2184

474.8

73.9

1.36

1.23

25.7

Mode B

GBU75-S1900-L2000-1

73.8

20.3

10.8

2183

1901

73.8

1.41

1.26

21.3

Mode B

GBU75-S1900-L2000-2

73.9

20.4

10.7

2183

1907

73.9

1.42

1.27

20.9

Mode B

GBU75-S1900-L2000-3

73.9

20.4

10.8

2184

1902

73.9

1.42

1.26

21.6

Mode B

𝜆𝜆 c

𝜆𝜆 C,GAP

73.2

50.1

268

11.1

19.7

72.3

GBU75-S100-L500-1

Stub

R

-

R

Short

0.61

Intermediate

Slender
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(b) GBU90
Web

Flange

Lip

Length

Spacing

Gap

Slenderness

Experimental

Between

Failure mode

Results

Columns

Specimen
A’

B’

C’

L

S

w’

P EXP

-

(mm)

(mm)

(mm)

(mm)

(mm)

(mm)

-

(kN)

-

GBU90-S50-L300-1

92.2

49.5

14.5

265

50.0

0.23

0.13

147.7

Local

GBU90-S50-L300-2

90.7

49.6

14.6

270

90.7

0.23

0.13

146.8

Local

GBU90-S200-L300-1

90.7

49.6

14.6

200.0

90.7

0.23

0.13

140.6

Local

GBU90-S200-L300-2

90.7

49.5

270

200.0

90.7

0.24

0.14

138.5

Local

GBU90-S200-L300-3

90.7

14.6

262

199.0

90.7

0.23

0.13

139.4

Local

GBU90-S100-L500-1

49.4

14.6

680

100.5

90.5

0.41

0.23

132.5

Mode A

90.6

49.4

14.6

680

100.5

90.6

0.41

0.23

133.7

Mode A

GBU90-S100-L500-3

88.9

49.4

15.5

680

100.3

88.9

0.41

0.24

133.2

Mode A

GBU90-S400-L500-1

90.5

49.5

13.4

680

400.0

90.5

0.42

0.26

129.7

Local +Distortional

GBU90-S400-L500-2

90.5

49.5

14.6

680

400.0

90.5

0.45

0.27

130.4

Local +Distortional

GBU90-S400-L500-3

90.3

49.5

14.7

680

400.0

90.3

0.45

0.28

129.5

Local +Distortional

GBU90-S400L-500-4

90.6

49.4

14.6

680

401.0

90.6

0.45

0.27

130.6

Local +Distortional

GBU90-S225-L1000-1

90.5

49.7

14.4

1133

225.3

90.5

0.85

0.64

86.5

Mode A

GBU90-S225-L1000-2

89.8

48.5

13.7

1183

224.8

89.8

0.86

0.65

87.5

Mode A

GBU90-S900-L1000-1

90.6

49.6

14.4

1132

892.0

90.6

0.86

0.66

82.9

Mode A

GBU90-S900-L1000-2

90.6

49.7

14.4

1183

900.0

90.6

0.87

0.67

83.3

Mode A

𝜆𝜆 c

𝜆𝜆 C,GAP

92.2

50.3

258

14.6

49.5

90.5

GBU90-S100-L500-2

Stub

R

-

R

Short

Intermediate

4. Comparison with design standards
Table 2 compares the experimental strengths with the design strengths calculated in accordance with AISI
and AS/NZS, DSM and M-DSM. Fig. 12(a) shows the experimental and finite element strengths of the GBU75
columns plotted against length. For ease of reference, the experimental strengths of the back-to-back built-up
channel-sections after Ting et al. [5] are also shown. As can be seen, the presence of the gap has increased the
strength of the column by around 29%, when the column length is approximately 700 mm. As can be expected,
for the stockier and slenderer sections, the increase in strength is less.
Also shown in Fig. 12(a) are the design strengths calculated in accordance with AISI and AS/NZS. Two
curves are shown. The lower curve is the strength of the built-up back to back channel-section calculated using
λ c . As can be seen, this curve is very conservative to both the experimental and finite element strengths by as
much as 53%. This can be expected since the beneficial effect of the gap is ignored i.e. the design axial
compressive strength is simply twice that of a single channel-section.
A theoretical equation for the elastic critical bucking load (P), that takes into account the gap, is as follows [18]:

Where,

kl sin kl + �
k2 =

P

2EI1

I

I0

− 2� (1 − cos kl) = 0

(7)
(8)

Solving the above equations numerically for P, leads to a value for the non-dimensional slenderness,

λc,GAP . In Fig. 12(a), the upper curve is calculated using the value of λ c,GAP . As can be seen, use of λ c,GAP, results
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in the AISI and AS/NZS being close to the experimental test results, being within 5% conservative to the design
standards. For ease of reference, the DSM and M-DSM curves are also shown, again with use of the value of
λ c,GAP . As can be seen, both DSM and M-DSM are close to the AISI and AS/NZS curves, albeit slightly lower.
The same trends can be seen in Fig. 12(b) for the GBU90 columns.
Fig. 13(a) and (b) shows the same strength of the GBU75 and GBU90 columns, respectively, but for
varying values of non-dimensional slenderness, λ c . As mentioned previously, Rondal and Niazi [1], tested three
gapped built-up columns having values of λ c ranging from 1.08 to 1.16. The range λ c covered in this paper is
from 0.2 to 1.42, thus providing additional points to Rondal and Niazi [1].
Table 2: Comparison of expeirmental and design strengths
(a) GBU75

Specimen

AISI

AISI
&AS/NZS
using eq-8

DSM
using
eq-8
P DSM

MDSM
using
eq-8
P M-DSM

P AISI

P AISI-eq-8

(kN)
112.89

Comparison
P EXP /P AISI

P EXP /P AISI-eq-8

P EXP /P DSM

P EXP /P M-DSM

(kN)

(kN)

(kN)

-

-

-

-

120.50

116.51

117.94

1.09

1.02

1.05

1.04

Stub
GBU75-S50-L300-1
GBU75-S50-L300-2

112.34

119.85

115.37

117.34

1.07

1.01

1.05

1.03

GBU75-S50-L300-3

111.70

119.31

115.70

118.69

1.09

1.02

1.05

1.03

GBU75-S200-L300-1

105.43

114.74

112.10

111.31

1.09

1.00

1.02

1.03

GBU75-S200-L300-2

104.88

114.45

110.30

111.98

1.09

1.00

1.04

1.02

GBU75-S200-L300-3

105.72

116.14

110.93

112.64

1.05

1.12

1.02

1.06

Mean

1.09

1.01

1.05

1.03

COV
Short

0.012

0.011

0.014

0.013

1.69

1.01

1.12

1.02

GBU75-S100-L500-1

67.30

113.30

101.26

112.00

GBU75-S100-L500-2

65.18

109.18

100.49

109.12

1.68

1.01

1.09

1.01

GBU75-S100-L500-3

69.72

114.31

101.61

112.23

1.65

1.01

1.13

1.03

GBU75-S400-L500-1

63.90

108.25

94.87

108.10

1.69

1.00

1.14

1.00

GBU75-S400-L500-2
GBU75-S400-L500-3

61.43
62.80

105.56
108.15

94.15
94.34

108.02
108.35

1.66
1.74

0.96
1.01

1.08
1.16

0.94
1.01

Mean

1.69

1.00

1.12

1.01

COV
Intermediate

0.031

0.017

0.029

0.030

GBU75-S225-L1000-1

42.62

76.62

60.58

66.74

1.81

1.01

1.27

1.16

GBU75-S225-L1000-2

42.38

76.31

60.03

66.51

1.80

1.00

1.27

1.15

GBU75-S225-L1000-3

45.79

76.12

59.75

66.10

1.60

0.96

1.22

1.11

GBU75-S900-L1000-1

31.98

64.72

50.13

58.33

2.04

1.01

1.30

1.12

GBU75-S900-L1000-2
GBU75-S900-L1000-3
Mean

31.39
30.80

60.87
60.38

49.73
49.42

57.34
57.17

1.96
1.99
1.87

1.01
1.01
1.01

1.24
1.24
1.26

1.07
1.07

0.164

0.020

0.029

1.11
0.036

COV
Slender
GBU75-S475-L2000-1

11.77

23.17

18.75

21.07

2.09

1.06

1.31

1.17

GBU75-S475-L2000-2

11.23

22.88

18.44

21.57

2.18

1.07

1.33

1.13

GBU75-S475-L2000-3

11.45

22.97

18.62

21.70

2.15

1.07

1.33

1.14

GBU75-S1900-L2000-1

10.42

19.68

16.38

18.28

2.01

1.07

1.28

1.15

GBU75-S1900-L2000-2

10.27

20.21

16.43

17.51

1.97

1.00

1.23

1.16

GBU75-S1900-L2000-3

10.87

19.81

16.32

18.47

1.91

1.05

1.27

1.12

2.05
0.106

1.05
0.026

1.29
0.036

1.14
0.016

Mean
COV
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(b) GBU90
AISI

AISI& AS/NZS

DSM

M-DSM

using eq-8

using eq-8

using eq-8

P AISI

P AISI-eq-8

P M-DSM

P M-DSM

P EXP / P AISI

P EXP / P AISI-eq-8

P EXP /P DSM

P EXP /P M-DSM

(kN)

(kN)

(kN)

(kN)

-

-

-

-

GBU90S50L300-1

138.31

145.20

140.34

142.12

1.07

1.02

1.05

1.04

GBU90S50L300-2

137.88

144.33

139.79

141.18

1.06

1.02

1.05

1.04

GBU90S200L300-1

129.01

137.24

132.68

135.50

1.09

1.02

1.06

1.04

GBU90S200L300-2

129.89

137.93

131.98

134.94

1.07

1.00

1.05

1.03

GBU90S200L300-3

130.71

138.02

132.21

135.06

1.07

1.01

1.05

1.03

Specimen

Comparison

Stub

Mean

1.07

1.01

1.05

1.03

COV

0.011

0.008

0.004

0.006

Short
GBU90S100L500-1

107.34

130.62

123.07

125.97

1.23

1.01

1.08

1.05

GBU90S100L500-2

107.90

130.84

122.22

126.16

1.24

1.02

1.09

1.06

GBU90S100L500-3

107.87

130.10

122.51

128.54

1.24

1.02

1.09

1.04

GBU90S400L500-1

105.44

127.96

118.82

126.00

1.23

1.01

1.09

1.03

GBU90S400L500-2

105.96

128.08

120.63

126.50

1.23

1.02

1.08

1.03

GBU90S400L500-3

104.77

127.20

120.18

125.70

1.24

1.02

1.08

1.03

GBU90S400L500-4

105.12

127.77

120.43

127.20

1.24

1.02

1.08

1.03

Mean

1.24

1.02

1.08

1.04

COV

0.004

0.004

0.007

0.013

Intermediate
GBU90S225L1000-1

59.21

81.40

67.85

74.62

1.46

1.06

1.28

1.16

GBU90S225L1000-2

60.33

82.97

68.01

75.98

1.45

1.05

1.29

1.15

GBU90S900L1000-1

57.10

78.92

63.87

70.45

1.45

1.05

1.30

1.18

GBU90S900L1000-2

58.54

79.80

64.89

71.88

1.42

1.04

1.28

1.16

Mean

1.45

1.05

1.29

1.16

COV

0.016

0.008

0.005

0.011
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Figure 12: Varition of axial strength against length
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Figure 13: Varition of axial strength against λ c
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5 Conclusions
A detailed experimental investigation on the axial strength of back-to-back gapped built-up CFS channelsections is presented in this paper. A total of 40 tests are reported. The failure modes, load-axial shortening, loadaxial strain and deformed shapes at failure is discussed. Effect of the gap on axial strength of columns are
investigated. Also investigated the effect of link-channel spacing on the axial strength of back-to-back gapped
built-up columns. Different buckling modes at failure are discussed as well. The results are compared against the
current AISI and AS/NZS standard.
The column strengths are compared against the design strengths calculated using the AISI & AS/NZS,
Direct Strength Method and Modified Direct Strength Method. Test results were as much as 53% higher than the
design strengths when non-dimensional slenderness (λ c ) was used to calculate design capacity of such columns.
From the experimental results, it can be concluded that the axial strength calculated in accordance with the
current design guidelines for back-to-back gapped built-up CFS columns, can be conservative by as much as
53% when λ c was used to calculate the design capacity. However, the design standards were conservative by
only 5% on average to the experimental results, when λ c,GAP was used. Hence it is recommended to use λ c,GAP
while calculating the axial strength of back-to-back gapped built-up CFS columns. Further details can be found
in Roy et al. [6], where a non-linear finite element model is developed and verified against the experimental
results for back-to-back built-up gapped CFS channel sections.
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Cyclic Performance and Behavior Characterization of Steel
Deck Sidelap and Framing Connections
S. Torabian1, D. Fratamico2, K. Shannahan3 and B.W. Schafer4
Abstract
A wide variety of steel deck sidelaps and framing connections have been
experimentally studied to characterize the cyclic performance required in
seismic evaluation of steel deck diaphragms. This study intends to provide
cyclic test results of common steel deck connections including screw nestable
and top arc seam sidelaps; and powder actuated fasteners, arc spot weld, and arc
seam weld framing connections. A total of 24 sidelap and 36 framing connection
tests have been performed in the Thin-Walled Structures Laboratory at Johns
Hopkins University by NBM Technologies. The connection test results have
been used to parameterize a nonlinear hysteretic spring element (i.e. utilizing the
Pinching04 material model) applicable to modeling of the connections in high
fidelity steel deck diaphragms to evaluate the seismic behavior of the steel deck
diaphragm in rigid wall flexible diaphragm buildings, where inelasticity and
ductility of the building system are intended to be derived largely from the
diaphragm and the connections. Finally, the test results have been compared to
AISI 310 and DDM04 connection strength and stiffness predictions. This
experimental program is a task within a larger effort, i.e. “Advancing Seismic
Provisions for Steel Diaphragm in Rigid Wall - Flexible Diaphragm Buildings”
by NBM Technologies. The object of the larger effort is to investigate
alternative seismic design provisions for conventionally designed steel
diaphragms in Rigid Wall -Flexible Diaphragm Buildings.
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Introduction
The objective of this paper is to provide cyclic connection test results essential
to 3D building models required for performing P695 evaluation studies for Rigid
Wall - Flexible Diaphragm (RWFD) Buildings. This experimental program is a
task within a larger effort, i.e. “Advancing Seismic Provisions for Steel
Diaphragm in Rigid Wall-Flexible Diaphragm Buildings”. The object of the
larger effort is to investigate alternative seismic design provisions for
conventionally designed steel diaphragms in RWFD buildings.
Recently FEMA P-1026 (2015) developed an alternative design procedure that
employed modifications to traditional equivalent lateral force procedures.
Specifically, the proposed method employed the period of the flexible
diaphragm, a new seismic force modification coefficient (R-factor) specific to
the diaphragm, and introduced protected zones on the diaphragm perimeter that
are designed for increased demands. The method was validated for wood
structural panel diaphragms, but not for steel deck diaphragm systems.
FEMA P-1026 cited reasons for its exclusion of steel deck diaphragm systems
and inadequacy and deficiencies in available cyclic diaphragm or connection test
results featured prominently. This study intends to provide cyclic test results of
common non-proprietary steel deck connections including screw nestable and
top arc seam sidelaps; and powder actuated fasteners, arc spot weld, and arc
seam weld framing connections.
To enable nonlinear high fidelity modeling of the RWFD buildings and perform
P695 evaluation studies, the connection test results have been used to
parameterize a nonlinear hysteretic spring element (i.e. utilizing the Pinching04
material model initially employed in OpenSees) applicable to modeling of the
connections in high fidelity steel deck diaphragms.
A total of 24 sidelap and 36 frame (structural) connection tests have been
performed in the Thin-Walled Structures Laboratory at Johns Hopkins
University by NBM Technologies.
Test Matrix of the Connection Testing Program
The sidelap conditions considered in the testing program are summarized in
Table 1 and shown in Fig. 1. As shown, three specimens have been tested
cyclically and one monotonically for each condition.

301

Specimen*
S22#10
S20#12
S18#12
S22AS
S20AS
S18AS

Table 1: Sidelap connection test matrix
Thickness
Connector
detail
(gauge)
Screw**
22
#10-16 ¾"
Screw***
Minimum 1.5d
20
#12-24 ¾"
edge distance
Screw
18
#12-24 ¾"
Top Arc
22
Seam Weld
Top Arc
Lw=1.5 in.
20
Seam Weld
Top Arc
18
Seam Weld

Loading
3 Cyclic
-C1~3
1 Mono.
-M1
3 Cyclic
-C1~3
1 Mono.
-M1

* All decks are 1.5 in WR
** Self-drilling screw S-MD 10-16 X 3/4 HWH3
***Self-drilling screw S-MD 12-24 X 7/8 HWH4

(a)

(b)

Fig. 1. Non-proprietary steel deck framing welded connections. (a) Arc Spot Weld in
nestable decks (b) Arc Seam Weld in interlocking decks

1.5 in. WR nestable sidelaps with screw fasteners are intended to represent
common East Coast (United States) steel deck practice. The screw fastener size
is selected and associated with the deck thickness. The Top Arc Seam Weld
interlocking sidelaps are intended to represent non-proprietary West Coast
(United States) deck performance. Per AISI S310-16 the length of the weld (Lw)
is between 1 in. and 2.5 in. and a Lw of 1.5 in. has been selected herein. The
steel deck specimens are all 3 ft long and connected at the sidelap by fasteners
or welds. Deck material property is Class 1: 50 ksi (Fy) / 65 ksi (Fu).
The framing conditions considered in the testing program are summarized in
Table 2 and shown in Fig. 2. Similar to sidelap connections, three specimens
have been tested cyclically and one monotonically for each condition.
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Table 2: Framing connection test matrix
Framing
Connector
detail
thickness

Specimen

Ply1
(ga.)

F22SP

22

3/16 in.

Arc spot

F20SP

20

3/16 in.

Arc spot

F18SP

18

3/16 in.

Arc spot

F22SP

22

3/16 in.

Arc seam

F20SP

20

3/16 in.

Arc seam

F18SP

18

3/16 in.

Arc seam

F22PF

22

3/16 in.

PAF-Hilti

F20PF

20

3/16 in.

PAF-Hilti

F18PF

18

3/16 in.

PAF-Hilti

Visible
diameter=5/8”
Visible
length=1”,
Visible width of
the weld=3/8”
HILTI X-HSN 24
PAF

Loading
3 Cyclic
-C1~3
1 Mono.
-M1
3 Cyclic
-C1~3
1 Mono.
-M1
3 Cyclic
-C1~3
1 Mono.
-M1

(a)
(b)
Fig. 2. Non-proprietary steel deck framing welded connections. (a) Arc Spot Weld in
nestable decks (b) Arc Seam Weld in interlocking decks; PAF: (c) HILTI X-HSN 24

1.5 in. WR nestable and Arc spot welds are intended to represent East Coast
steel deck practice for nestable decks. The Arc seam weld is a non-proprietary
detail assumed most consistent with West Coast practice. Hilti PAFs are today
the most common mechanical connection in the West Coast. Frame element
(substrate) thickness is based on common joists used in the West Coast. The
steel deck specimens are all 3 ft long and connected to the substrate by fasteners
or welds. Deck material property is Class 1: 50 ksi (Fy) / 65 ksi (Fu). The frame
element is a flat plate with a width of 4 in., length of 36 in., and thickness of
3/16 in..
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Test Setup and Instrumentation
The test setup is motivated from the lap-joint shear setup in AISI S905-13 and
recent commercial testing. The test setup provides cyclic loading (displacement
control). The testing rig is adjustable for both sidelap and framing connections
with a 22 kip load capacity. The test rig is shown in Fig. 3.

(a)
(b)
Fig. 3. (a) Sidelap testing rig and (b) Frame testing rig at the Thin-Walled Structures
Laboratory - Johns Hopkins University

The main test results are the applied force versus applied displacement on the
specimen in shear. A load cell installed between the actuator and the moving
part of the rig records the force response of the specimens and the rig
displacements have been recorded through position transducers (PTs). The
internal LVDT of the actuator provides the overall actuator displacements. Six
other PTs are installed to measure relative displacement at different points on
the testing rig, as shown in Fig. 4.
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Fig. 4. Position Transducers (PTs)

Loading protocol
The FEMA 461 cyclic loading protocol has been adopted here. Notably, recent
and extensive CFS-based cyclic fastener tests (Tao et al. 2016) also employed
the FEMA 461 protocol.
The loading rate in the testing program is assumed to be 0.01 in./sec throughout
all cycles. However, the loading rate has been decreased to 0.0033 in./sec in the
initial cycles (first 3 steps in the loading) to increase the displacement resolution
for the small displacement amplitudes at the beginning of the testing.
Test Observations
Test observations throughout the tests are summarized here for all sidelap and
frame connections.
The failure mode of all screw sidelaps is screw tilting and bearing as shown in
Fig. 5(a). It should be noted that in large cyclic displacements, the screw started
to back out of the hole to accommodate the large tilting angle and the back out
was irreversible and ultimately ended up in a complete removal of the screw.
The typical failure mode of the Top Arc Seam sidelaps is shown in Fig. 5(b). In
almost all cases, the failure was not visible from the top side of the specimen
because the connection failure occurred at the edge of the “male” steel deck,
which is welded to the “female” steel deck in the interlocking sidelap.
Accordingly, the “male” ply tore and buckled underneath the top “female” plate
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and resulted in relatively sharp strength drop after the peak load. No failure was
observed in the top arc seam welds.

(a)
(b)
Fig. 5. (a) Screw nestable sidelap, Failure mode: screw tilting and bearing. (b)
Interlocking sidelap, Failure mode: shear tearing at the edge of the “male” deck

Based on the test observations (see Fig. 6(a)), fracture of the steel deck all
around the spot-weld in the Heat Affected Zone (HAZ) of the connected steel
deck was the typical failure mode of the Arc-Spot Weld framing connections.
The out-of-plane deformation of the thin deck due to buckling on the side of the
weld in compression accelerated the fracture of the plate in the reverse cycle.
Most of the connections failed within two subsequent cycles, where both sides
of the weld experienced tension after the plate buckling.
The first degradation in the arc-seam weld connection strength happened after
localized deformations of the steel deck around the weld and warping of the
standing lip as shown in Fig. 6(b). The out-of-plane deformation of the thin deck
where the ends of the welds were in compression accelerated the facture of the
plate in the reverse cycle where the deformations were reversed and the load
direction switched to tension. The longitudinal fracture of the weld happened
along one side of the weld close to the web of the deck, but the other side of the
weld connected to the standing lip did not fail until the end of the tests. In most
of the tests, tension cracks were formed in the standing lip at the ends of the
seam weld.
Typical failure mode for all PAF framing connections was shear tearing or
bearing failure of the deck at the fastener location as shown in Fig. 6(c).
Fastener failure was not observed in any PAF experiments.
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(a)

(b)

(c)

Fig. 6. (a) Arc-Spot Weld framing connection, failure mode: fracture of the deck all
around the weld in HAZ. (b) Arc-Seam Weld framing connection, failure mode: fracture
of the deck all around the weld in HAZ and the standing lip. (c) PAF framing connection,
failure mode: shear tearing/bearing of the deck against the fastener.

Cyclic Test results and Behavior Characterization
Cyclic test results along with the fitted hysteretic cyclic model, i.e. Pinching04
(P4) model, have been provided in Figs. 7-11. The Pinching04 hysteretic model
is a pinching material model developed by Altoontash (2004) and Lowes et al.
(2004) originally for simulating the earthquake response of reinforced concrete
beam-column joints and later implemented in OpenSees (Mazzoni et al. 2006) as
a hysteric material model. This hysteretic model has also be also been
previously used to model steel-to-steel and sheathing-to-steel fastener response
(Peterman et al. 2014; Tao et al. 2017).
For brevity, only one of the 20 gauge specimens of each type of connections is
provided here. See Torabian and Schafer (2017) for the complete report of
results.
In Figs. 7-11, the normalized per-cycle energy balance of the Pinching04 fit and
the cyclic test, and the cumulative energy balance are provided. The total
amount of energy dissipated by the Pinching04 model and the cyclic test are
equilibrated at the end of the test. However, the dissipated energy of each cycle
throughout the cyclic deformation is not necessarily the same in the P4 and
testing results, but they are reasonably close. Since, cumulative cyclic energy of
the P4 model is typically smaller than the test, the P4 fit can be assumed to be
conservative. See Torabian and Schafer (2017) for all test results and
Pinching04 parameters.

307

Fig. 7. Nestable Screw Sidelap, 20 gauge deck and #12 screw

Fig. 8. Top Arc Seam Interlocking Sidelap, 20 gauge deck
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Fig. 9. Arc Spot Weld Framing Connection, 20 gauge deck

Fig. 10. Arc Seam Weld Framing Connection, 20 gauge deck
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Fig. 11. PAF Framing Connection, 20 gauge deck

Comparison to DDM04 and AISI S310
The strength and stiffness of the tested connections are compared to AISI S31016 (and DDM04) equations in Table 3 for the average of cyclic results. Since the
tested specimens are intended to represent construction practice, the nominal
capacities were calculated using the nominal fastener dimension and nominal
weld and material properties (especially important for the welded connections).
In general, mechanical fasteners such as screw in the sidelaps and PAFs in the
framing connections are in relatively good agreement with the nominal design
strength and stiffness. The screw test results are affected by the cyclic loading,
but the change in capacity of the PAFs is not significant.
Compared with these results, AISI S310 (and DDM04) appears to over predict
the sidelap cyclic strength, but is in good agreement with the monotonic test
results. Tested strength has relatively high variation and sensitivity to screw
installation location so drawing definitive conclusions on the accuracy of AISI
S310 (and DDM04) is not possible with this data alone. Compared with these
results, AISI S310 (and DDM04) under predicts the strength of the Arc Spot
weld and Arc Seam weld framing connections. To account for expected
variability it may be that some degree of over strength is embedded in the design
equation for the welded framing connections. Cyclic loading resulted in about
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Framing

Sidelap

5%-20% reduction in the strength of the Arc-Spot and Arc-Seam welds vs. the
monotonic tests.
Table 3: Comparison of the cyclic test results to DDM04 and AISI S310
Test Results (Cyclic) DDM04/AISI-S310
Gauge Substrate Connector
Strength Stiffness Strength Stiffness
(lb)
(kips/in)
(lb)
(kips/in)
22
#10
785
77
603
57
20
#12
691
104
859
63
18
#12
1320
124
1309
73
Top Arc
22
2496
43
2895
153
Seam
Top Arc
20
2994
58
3745
169
Seam
Top Arc
18
3902
107
5439
194
Seam
22
3/16"
PAF
1792
124
1489
137
20
3/16"
PAF
2043
178
1795
152
18
3/16"
PAF
2083
162
2347
175
22
3/16"
Arc Spot
4005
180
2512
149
20
3/16"
Arc Spot
4659
148
3016
165
18
3/16"
Arc Spot
7369
205
3915
189
22
3/16"
Arc Seam
4835
165
2788
149
20
3/16"
Arc Seam
5374
186
3349
165
18
3/16"
Arc Seam
9180
234
4348
189

Summary and Conclusions
The performance of the deck-to-deck (sidelap) and deck-to-structure (framing)
connections is a key contributor to the complex nonlinear seismic response of
steel deck diaphragms. This paper provided the testing and characterization of a
series of 24 sidelap and 36 framing connections, tested in shear to the AISI S905
standard, and extended to cyclic response following the FEMA 461 protocol.
The tests cover 18, 20, and 22 gauge WR nestable deck with sidelap connections
consisting of fasteners, spot welds, and top arc seam welds; and framing
connections to 3/16 in. plate consisting of PAFs, arc spot, and arc seam welds. A
procedure is developed for idealizing the test results with a 1D
phenomenological model (the Pinching04 model) that includes a symmetric
multi-segment linear backbone as well as pinching, un- and re-loading
parameters.
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Screw and Pin Fastener Tests for Cold-Formed Steel
Brian S. Wilson1, Fredrick R. Rutz2, and James R. Harris3

Abstract
Because of limited available information on strength and ease of installation of
specific fasteners for a particular application to a steel deck diaphragm, a
preliminary testing program comparing the shear strength of commercially
available screws and gas-actuated shot pins was conducted by J. R. Harris and
Company at the University of Colorado Denver in 2018. A test was designed to
explore the behavior and capacity of various fasteners, securing two and three
pieces of sheet steel of various thicknesses together. Specimens were fabricated
and load tested, with the sheet steel pieces in tension, so the fasteners were
subject to shear. Four fasteners, in two rows of two, were used for all tests, with
different end distances also being studied. Most of the tests were monotonic
tension, and those results were used to develop a cyclic testing protocol for the
best performing screw and shot pin.
Most limit states encountered were limited by tilting of the screw against the
sheet steel in bearing, leading to a ductile failure. Fastener shear was
encountered in a small percentage of cases. Results are compared to each other
and to AISI calculated values.
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Introduction
A future study to evaluate the performance of a new cold-formed steel (CFS)
diaphragm for seismic applications required the selection of an appropriate
fastener to secure the deck to the structural members. The testing program
described below was developed to evaluate three (3) gas actuated shot pins and
five (5) sheet metal screws to determine the optimum fasteners for attaching
CFS deck panel to CFS structural members. This paper is intended to add to the
body of knowledge on this topic as reported in part by (AISI 2006) and (Hong
and Moen 2015).
Fastener shear capacity was tested by placing specimens under both a monotonic
tension load and a cyclic loading protocol. All the fasteners studied were
physically suitable for the intended application, and all are readily available
commercially. Figure 1 is a photograph of the three pins tested; the grid shown
is 0.25“ (6.4mm). Table 1 provides the specifications for each pin.

Figure 1. Photograph of the three pins tested.
Table 1. Pin Specification
Name
Length
Pin A
1-1/2“
(37mm)
Pin B
13/16“
(20 mm)
Pin C
11/16“
(18 mm)

Diameter
0.108“
(2.74mm)
0.120“
(3.05mm)
0.120“
(3.05mm)

Surface
Rough spiral
knurling
Ligh cross
hatch knurling
Smooth

Figure 2, is a photograph of the five screws tested; the grid shown is 0.25“
(6.4mm). Table 2 provides the specifications for each screw.
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Figure 2. Photograph of the five screws tested.
Table 2. Self-Drilling Screw Specifications
Name
Length
Diameter
Screw A

1-5/8” (41mm)

Screw B

1” (25mm)

Screw C

7/8” (22mm)

Screw D

3/4" (19mm)

Screw E

3/4" (19mm)

#12 – 0.21”
(5.3mm)
#12 – 0.21”
(5.3mm)
#12 – 0.21”
(5.3mm)
#10-0.19”
(4.8mm)
#12 – 0.21”
(5.3mm)

Thread
pitch
(thread/in)
24

Drill tip size

14

#5
(modified)
#2

24

#4

16

#3

14

#3

For simplicity, in the remainder of the paper a particular fastener will be referred
to by its designation in the previous tables.
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Testing Procedure
The testing procedure was adapted from AISI S905, “Test Methods for
Mechanically fastened Cold-Formed Steel Connections” (AISI S905, 2012). It
used nested 6” (152mm) nominal CFS studs instead of CFS sheets. Figure 3
shows the test setup with a specimen.
Monotonic loading tests were conducted by increasing the displacement in
tension at 0.006 in/s (.15 mm/s) and recording both displacement and the
induced force data. Cyclic tests followed a modified displacement protocol in
accordance with FEMA 461 (FEMA 2007). Displacement settings increased in
steps from zero to one inch in both tension and compression with 6 cycles at the
first displacement step in the linear-elastic region for the specimen.
All subsequent steps had two cycles. Table 3 shows the positive and negative
displacements for each step of the cyclic loading protocol.
Table 3. Displacements Steps for Cyclic Protocol.
Step
1
2
3
4
5

±D
in
(mm)
0.015
(0.38)
0.021
(0.53)
0.029
(0.74)
0.041
(1.04)
0.058
(1.47)

Step
6
7
8
9
10

±D
in
(mm)
0.081
(2.06)
0.113
(2.87)
0.158
(4.01)
0.221
(5.61)
0.300
(7.62)

Step
11
12
13
14
15

±D
in
(mm)
0.375
(9.53)
0.450
(11.43)
0.525
(13.34)
0.600
(15.24)
0.675
(17.15)

Step
16
17
18
19
20

±D
in
(mm)
0.750
(19.05)
0.825
(20.96)
0.900
(22.86)
0.975
(24.77)
1.000
(25.40)
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Figure 3. Photograph of a specimen loaded into the testing machine, a 220 kip
(980 kN) MTS Model 810, capable of monotonic and cyclic testing in tension
and compression.
The specimens were fabricated by nesting a section of commercially produced
18 GA reduced C-stud 6” (152 mm) inside a straight C-stud. The two sections
were fastened together using four (4) fasteners in a rectangular pattern. Two
different end distances for the fasteners were used: 2” (50.8mm) and 3/8”
(9.5mm). One specimen of each fastener type was tested with an additional 14
GA sheet to simulate conditions found in the diaphragm application where three
layers of CFS must be penetrated. The primary purpose of testing with the 14
GA sheet was to determine the capability of the fastener in penetrating the three
layers of CFS. Figure 4 illustrates the reduced (nested) stud in straight stud
cross section, both with and without the 14 GA plate. Figures 5 and 6 show the
fastener patterns used. The same pattern was used for both pin and screw
connections.
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Three monotonic tests were conducted on specimens with 2” (50.8mm) end
distances for each of the eight types of fasteners (plus an additional one for
screw E). For screws A, B, and C three monotonic and two cyclic tests were
conducted on specimens with 3/8” (9.5mm) end distance. Pin B had three
monotonic tests with 3/8” (9.5mm) end distance and Pin C had two cyclic tests
with 3/8” end distance.

Figure 4. Cross-section of test specimen showing reduced stud in straight stud
(left) and also with 14 GA plate (right).

Figure 5. Fastener test patterns showing 2” (50.8mm) and 3/8” (9.5mm) end
distances. All the specimens with the additional 14 GA sheet were prepared
with the 2” (50.8mm) end distance.
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Figure 6. Photograph showing specimen with 14 GA plate, 2” end distance, and
3/8” end distance.
Calculated Predictions
Calculations in accordance with AISI S100-16 (AISI 2016) were made for the
screws based on tilting and bearing failure described by equations J4.3.1-1 and
J4.3.1-2 for screws. The results are based on the use of four (4) fastners. The
analytical value for the specimens with #12 screws is 5.6 kip (24.9 kN). There
were no calculated values for the pins because the AISI S100-16 equations for
pins are intended for use where the sheet metal is attached to thicker steel
members instead of sheet metal to sheet metal, the subject of these tests.
Test Results
The test results are summarized in Table 4 for the pin fasteners and Table 5 for
the screw fasteners. In the tables below, the peak forces were averaged where
multiple tests were conducted. The primary failure mode is also recorded.
The primary failure observed was a tension failure of the fastener through tilting
and subsequent pull-out from the base material. In all cases bearing failure in
the base metal was observed but secondary to the tilting of the fastener. In two
specimens (screw B and screw D) with the 14 GA plate, shear of all four
fasteners was observed.
Screw B, which had the smallest drill point had the best results for 18 GA/18
GA connections but failed in shear when the 14 GA sheet was added. The small
drill point necessitated considerable extra effort to install through the three
layers of 14 GA/18 GA/18 GA. Screw D, the smallest diameter tested, failed in
shear under cyclic loading but failed by tilting and subsequent pull-out under
monotonic loading.
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Table 4. Summary of pin test results. All results are for tests with four (4) pins
arranged as shown in Figure 6.
Max avg
Primary failure
Fastener
Test type
load
mode
kip (kN)
Pin A
18GA/18GA 2.6 (11.6) Tilting & Bearing
Pin B

Pin C

w/ 14GA PL

2.7 (12.0)

Tilting & Bearing

18GA/18GA

2.4 (10.7

Tilting & Bearing

w/ 14GA PL

3.2 (14.2)

Tilting & Bearing

18GA/18GA

2.6 (11.6)

Tilting & Bearing

cyclic

2.4 (10.7)

Tilting & Bearing

Table 5. Summary of screw test results. All results are for tests with four (4)
screws arranged as shown in Figure 6.
Max avg
Primary failure
Fastener
Test type
load
mode
kip (kN)
w/ 14GA PL 7.7 (34.2) Tilting & Bearing
Screw A
18GA/18GA 5.2 (23.1) Tilting & Bearing
w/ 14GA PL 4.4 (19.6) Fastener Shear
Screw B
18GA/18GA 6.7 (29.8) Tilting & Bearing
w/ 14GA PL 7.9 (35.1) Tilting & Bearing
Screw C

Screw D

Screw E

18GA/18GA

5.4 (24.0)

Tilting & Bearing

cyclic

4.8 (21.4)

Tilting & Bearing

w/ 14GA PL

5.1 (22.7)

Fastener Shear

18GA/18GA

4.8 (21.4)

Tilting & Bearing

cyclic

4.1 (18.2)

Fastener Shear

18GA/18GA

4.8 (21.4)

Tilting & Bearing

cyclic

4.1 (18.2)

Tilting & Bearing

The test results with the analytical calculated capacities are shown on a graph in
Figure 7 below.
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Figure 7. Consolidated graph of test results for pins and screws for 18 GA on 18
GA specimens, specimens with an additional 14 GA plate, and cyclic tests.
Analysis
The capacity of the pins was about half that of the screws. Additionally there
was difficulty in getting a consistent installation where the pin head was seated
flush to the CFS. These issues eliminated them as a candidate to be used in
future diaphragm testing. The susequent analysis focuses on Screw C.
For the purpose of comparing the results from the cyclic test to those of the
monotonic tests, the peak values for each cycle in the tension region were used
to create a backbone curve, shown in Figure 8.
For 18 GA to 18 GA connections, screws were found to exhibit lowest
capacities under cyclic loading conditions. Capacities were found to be highest
of all when a 14 GA sheet was on top of the 18 GA to 18 GA connection (except
for screw B, where the failure was shear of the screws), even though the 14 GA
sheet was nominally not loaded in the test.
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Figure 8. Load-Displacement hysteresis for cyclic loading for Screw C
connection. The peak points on the tension cycles have been indicated as a
backbone curve. This backbone curve is presented in Figure 9.
The graph of the results for Screw C comparing the tests with the additional 14
GA sheet, 18 GA to 18 GA plus the tension backbone of the cyclic test to each
other, along with the analytical value, are given in Figure 9.
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Figure 9. Comparison of tests for Screw C connection. The graphs show results
for the backbone curve of a cyclic test from Figure 8, for the different end
distances, and the addition of a 14 GA plate.
From Figure 9, it can be seen that the response from a four (4) screw pattern
with 2” (50.8mm) end distance was virtually the same as that from a similar
pattern with 3/8” (9.5mm) end distance. Addition of a 14 GA plate significantly
improved the response. The peak response under cyclic loading showed a
relatively small reduction in strength and a relatively large reduction in postpeak strength and ductility.
The typical failure mode for monotonic loading for screws was very local
deformation of the 18 GA metal and tilting of the screws. The typical failure
mode for cyclic loading was very local deformation of the 18 GA metal and
tilting (both ways) of screws. The screws tended to “walk” out of their holes
with the appearance of “unscrewing” themselves.
The photographs in Figures 10 and 11 illustrate the typical failures observed.
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Figure 10. Photograph of typical failure with screws from the front side of
specimen. The photo is for the case of 3/8” (9.5mm) end distance, but is
representative of failure for both screw patterns. This is a monotonic test
specimen.

Figure 11. Photograph of typical failure with screws from the front side of
specimen. Screws have backed out and torn through base metal. This is a cyclic
test specimen.
Conclusions and Recomendations
•

Screws consistently outperformed pins in absolute value and closely
approached their calculated nominal capacities.
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•

A third ply of sheet metal between the fastener head and the sheet metal
to be connected added significant ductility and capacity to the
connection.

•

End distances as small as 0.375” (9.5mm) had almost identical results
as those with 2” (50.8mm) end distance.

•

A drill tip on sheet metal screws that is smaller in diameter achieved
higher capacities than those with a larger diameter drill tip.

•

Fine thread screws produced peak resistances at smaller displacements
than coarse thread screws and had a more gradual decline in capacity.
Coarse thread screws maintained a peak resistance for a longer
displacement but had steeper declines in resistance.

•

Cyclic loading decreased the ductility and capacity of the fasteners.

•

Pins proved to be unsuitable due to lower capacities, with little to no
bonding to the base material to prevent the fastener from walking out.
They were also unable to reliably penetrate the three layers of cold
formed steel used in this test.

References
AISI (2006). Strength of Screw Connections Subject to Shear Force, Research
Report RP04-2, American Iron and Steel Institute, Washington, D.C.
AISI S100 (2016). North American Specification for the Design of Cold-formed
Steel Structural Members, American Iron and Steel Institute and CSA Group
2016, Washington, D.C.
AISI S905 (2012). Test Methods for Mechanically Fastened Cold-formed Steel
Connections, American Iron and Steel Institute, Washington, D.C.
FEMA (2007). FEMA 461, Interim Testing Protocols for Determining the
Seismic Performance Characteristics of Structural and Non-Structural
Components, by Applied Technology Council, Redwood City, CA.

326

Hong, S.P. and Moen, C.D. (2015). Stiffness and Strength of Single Shear ColdFormed Steel Screw-Fastened Connections, Report No. CE/VPI-ST-15-07,
Virginia Polytech Institute and State University, Blacksburg, VA

Wei-Wen Yu International Specialty Conference on Cold-Formed Steel Structures
St. Louis, Missouri, U.S.A., November 7 & 8, 2018
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Abstract
Slot welds can be used for connections in cold-formed steel (CFS) structures.
However, structural engineers will find AISI S100, “North American
Specification for the Design of Cold-Formed Steel Structural Members” (AISI
2016) - which can be used for guidance in calculating structural capacity of
many welds types - silent on this specific application.
Research at the University of Colorado Denver has been directed toward
determination of the strength of slot welds in sheet steel. A comprehensive
series of tests were performed to determine structural capacity and ductility of
various slot weld widths using a metal inert gas (MIG) welding process. A slot
weld connection between two pieces of sheet steel was designed, one with
punched slots of various widths, and the other a blank piece to receive the weld.
Weldability problems associated with slot welds of various widths on galvanized
sheet steel were encountered. The testing program to investigate slot widths to
address these concerns is reported upon.
A program of monotonic tension tests was conducted. This testing program
built on 1979 research by Pekoz and McGuire at Cornell University for fillet
welds on lap joint specimens. While AISI is silent on slot weld design criteria,
the authors found certain slot widths were more advantageous than others.
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Introduction
Slot welds can be used for connections in cold-formed steel structures. Slots can
be punched in a piece of sheet steel, referred to as a “gusset plate”, which can
overlap studs or tracks. AISI S100, “North American Specification for the
Design of Cold-Formed Steel Structural Members,” (AISI 2016) which is used
by structural engineers internationally, can be used for guidance in calculating
structural capacity of many welds types but it is silent on the specific application
of slot welds. The aim of this research is to determine the optimum width of slot
for such slot welds.
In an August 2017 article from Structure magazine, Dr. Roger LaBoube
discussed how “in cold-formed steel construction, welding is a viable
connection method” (LaBoube, 2017). In cold-formed steel construction,
prefabrication of trusses and wall panels is very common. When shop
manufacturing is used, welding is a desirable connection joining method
because it is faster and more economical than using mechanical fasteners. The
governing design standards for welded connections in cold-formed steel (CFS)
are AISI S100-16 (AISI 2016) and the Structural Welding Code – Sheet Steel
AWS D1.3 (AWS 2008). These standards provide provisions for groove welds,
arc spot welds, arc seam welds, fillet welds, flare groove welds, and plug welds.
There are many different welding processes used today, but for the scope of this
research Gas Metal Arc Welding (GMAW), also known as metal inert gas
(MIG), was the sole process used in this study. The MIG process uses a fed
wire at an adjustable speed and an argon-based shielding gas that protects the
weld puddle against elements in the atmosphere, including oxygen, hydrogen,
and nitrogen. The MIG welds for this testing program were made both manually
and robotically.
It is the purpose of this paper to provide test data and design guidance for slot
welded connections in CFS with the goal of the determination of an optimum
width for slot welds in cold formed sheet steel. Through executing a
comprehensive variable width slot weld study an optimum slot width was
determined.
Description
Tests of welded connections were conducted by J.R. Harris & Company in
2017. A connection using 14 gage metal, welded at punched slots to 16 gage
metal, was designed. The test configuration was designed to be on a simple
rectangular sheet.
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All weld tests were conducted at the University of Colorado Denver (UCD)
Structures Laboratory in Denver, CO using a 20-kip MTS testing machine. A
total of 40 weld specimens were tested. All tests were run in monotonic tension
under displacement control at a rate of 0.006”/sec (0.152mm/sec).
Recognizing that narrow slots present weldability concerns related to welder tip
access into the slot and wide slots present weldability concerns related to burnthrough of the lower sheet, a study of multiple slot widths was conducted. The
purpose of this research was to determine an optimum slot width in an attempt to
balance weldability, fusion, and strength, all with the goal of achieving an
optimum width.
Both the 14 and 16 gage plates were 4” (102mm) wide by 10” (254mm) long, as
shown in Figure 1. Each connection consisted of one slot of variable width by
2” long (51mm). The testing program included the following four variable slot
widths: 1/8” (3.18mm), 3/16” (4.76mm), 1/4" (6.35mm), and 3/8” (9.53mm).
The design of the test is shown in Figure 1 and a photo of a typical slot width
test specimen is shown in Figure 2. Variable manual welding parameters for the
widths under consideration are summarized in Table 1.

Figure 1. Variable slot width test specimen arrangement design.
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Figure 2. Typical slot weld test specimen, consisting of a 14 gage sheet
slot welded to a 16 gage sheet, mounted in the bracing jig and installed in
a 20 kip (89 kN) MTS testing machine.
Table 1. Welding parameters used for the variable slot weld widths (manual).
Slot width x length in.
(mm)
1/8 x 2
(3.175 x 50.8)
3/16 x 2
(4.76 x 50.8)
1/4 x 2
(6.35 x 50.8)
3/8 x 2
(9.525 x 50.8)
3/8 x 2
(9.525 x 50.8)

Voltage V
18.3
18.0
17.6
17.0
16.5

Wire feed speed in. / min
(mm/min)
320
(8128)
305
(7747)
300
(7620)
290
(7366)
290
(7366)

Weld pattern
Straight push
Small loops
Weave
Weave
3 Fillet Weld
Passes

Results
A typical graph of the displacement vs. time is shown in Figure 3. A typical
load developed vs. time graph and typical load developed vs. displacement
graph are shown in Figure 4 and Figure 5. Graphs summarizing the data shown
in Figure 6, Figure 7, Figure 8, and Figure 9, followed by a brief discussion of
the results. The average maximum strength achieved for each monotonic test
group is shown in Table 2.
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Figure 3. Graph of displacement vs. time. The testing protocol was
monotonic tension using displacement control at the rate of 0.006 inches
(0.152mm) per second.

Figure 4. Typical graph of load developed vs. time
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Figure 5. Typical graph of load developed vs. displacement

Figure 6. Tension load results for variable slot widths. The specimens are
grouped by like slot widths. The bars represent the maximum tension load
achieved. Welds that failed in direct shear are indicated by an asterisk
(*).
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As the test results in Table 2 show, as the width of slot increased, the average of
the ultimate tension load for that group increased slightly. Table 2 shows that a
slot width of 3/16-inch (4.76mm) had the lowest coefficient of variation and the
1/8-inch (3.18mm) and 1/4-inch (6.35mm) had the highest; the 1/8-inch
(3.18mm) slot width tends to have less predictable strengths. 78% of the 1/8inch (3.18mm) slot width group had the specimen’s failure mode as direct shear
through the body of the weld. No other groups experienced a weld failure
through the body of the weld.
Table 2. Summary of results.
Variable Slot Width Testing Summary
1/8in
3/16in
1/4in
(3.18mm)
(4.76mm)
(6.35mm)
Mean, kips
11.3
12.4
12.7
(kN)
(50.3)
(55.2)
(56.5)
COV
0.073
0.041
0.076

3/8in
(9.53mm)
13.6
(60.5)
0.044

Figure 7. Tension load per unit length for variable slot widths
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Figure 8 shows the ultimate tension load per perimeter inch of slot for each slot
width. The graph shows that the strength of a slot weld is slightly less than 3
kips per inch (0.525 kN/mm) of slot perimeter regardless of the slot width. This
suggests the slot weld strength more closely relates to perimeter length of slot
than simply the overall length of slot.

Figure 8. Tension load per unit perimeter length for variable slot widths
Strain energy is derived from the area under the force vs. displacement plots
(linearly extrapolated to zero force when plot does not end at zero force). Strain
energy is stored within a material when work has been done on the material. For
the applied load, the work done is the straining or yielding the material. A high
strain energy per unit length means more energy is being absorbed through
permanent deformation in the specimen prior to failure. In other words, the
connection deformed and slowly tore the sheet steel material prior to complete
loss of capacity. A low strain energy per unit length indicates that there was
little inelastic deformation occurring prior to failure; those specimens exhibited
brittle behavior. Figure 9 shows strain energy for the various slot widths.
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Figure 9. Strain energy per unit length for variable slot widths
Figure 10 and Figure 11 show a force versus displacement plot for a 3/16-inch
(4.76mm) slot weld. The force rises until its ultimate load is reached then
decreases as the specimen continues to deform until failure occurs. Inelastic
deformation of the test specimen was seen as stretching (also seen for elastic)
and tearing in the 16 gage plate surrounding the slot weld. Figure 12 shows a
force versus displacement plot for a 1/8” (3.18mm) slot weld that failed in shear
through the body of the weld. The force rose until its ultimate load is reached
and then suddenly failed with virtually no further deformation. The test
specimen during loading showed little signs of yielding prior to a quick and
sudden failure.
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Figure 10. Example of a ductile failure in a 3/16” (4.76mm) wide manual
weld sample result with ultimate fracture in the 16 gage sheet metal

Figure 11. Example of a ductile failure in a 3/16” (4.76mm) wide robotic
weld sample result
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Figure 12. Example of weld shear failure upon completion of test. The
area under this curve is significantly less at 1/8” wide slot than the area
under the curves shown in Figure 10 and Figure 11, indicating
significantly less strain energy in a the 1/8” (3.18mm) slot width
compared to a 3/16” (4.76mm) wide slot width. Further, the sudden
drop-off in strength is indicative of a sudden, brittle failure.
Discussion
The goal of the variable slot width test was to determine an optimal slot width
that yields consistent results, ductile failures, good weldability, and good
strength.
The 1/8-inch (3.18mm) by 2-inch (50.8mm) slot is a standard slot weld size for a
current building system. Nine slot welds of this width were tested, three manual
and six robotic. The welders (manual) were comfortable and familiar with
welding this slot. The results are as follows:
• Mean strength = 11.3 kip (50.1 kN)
• High variability (COV=0.073)
• 7 of 9 (78%) direct shear failure through body of weld
A direct shear failure through body of weld is a sudden failure where ultimate
strength drops to zero virtually instantaneously (see Figure 12). The controlling
failure was observed to occur as a shear through the body of the weld metal, a
shear failure parallel to the plane of the sheet metal pieces. This failure is
sudden (i.e. brittle). The brittle failure mode in direct shear is distinctly different
from the ductile failure mode of tearing in the 16 gage metal around the
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perimeter of the slot. Comparison of Figure 12 with Figure 10 and Figure 11
illustrate why direct shear failure through the body of the weld is an undesirable
failure. This type of failure is brittle and loses all strength once it’s ultimate load
is reached.
Ductility is the extent to which the weld connection can undergo increased
deformation without failure, a property particularly important during seismic
events. A ductile failure in terms of this study refers to the tearing of the sheet
metal adjacent to the slot weld, a failure that happens slowly and allows for
large deformations. This is indicative of the weld’s high energy dissipation
capability prior to failure during a seismic event. The direct shear failure
through the body of the weld is an undesired, brittle failure. Little deformation
occurs before sudden failure. Seven of nine of the 1/8-inch (3.18mm) slot welds
underperformed because of brittle behavior.

Figure 13. Photograph of 16 gage sheet with failed weld subject to
“direct shear through the body of weld.” The failure occurred on a shear
plane parallel to and between the two sheets of metal, instead of tearing
the 16 gage metal around the perimeter of the weld. The dashed outline
encloses the direct shear failure plane.

Eleven 3/16-inch (4.76mm) by 2-inch (50.8mm) slot welds were tested to
ultimate tension failure, five manual and six robotic. Some of the welders
(manual) reported that the extra width compared to the 1/8” (3.18mm) width
made it easier to see the wire position in the slot. The results are as follows:
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•
•
•

Mean strength = 12.4 kip (55.3kN)
Lowest variability (COV = 0.041)
No direct shear failure through body of weld

Ten 1/4-inch (6.35mm) by 2-inch (50.8mm) slot welds were tested to ultimate
tension failure, five manual and five robotic. (The increase in size led to burnthrough weldability issues. Travel speed was increased in attempt to mitigate
burn-through.) The results are as follows:
• Mean strength = 12.7 kip (56.4 kN)
• High variability (COV = 0.076)
• No direct shear failure through body of weld
Ten 3/8-inch (9.53mm) by 2-inch (50.8mm) slot welds were tested to ultimate
tension failure, five manual and five robotic. Burn-through often occurred, and
many specimens had to be remade. One of the five manual welds was made
with a slightly different technique in that the welder made two fillet welds, one
on each side of the slot and a third pass to close the gap between those two fillet
welds. The results are as follows:
• Mean strength = 13.6 kip (60.5kN)
• COV = 0.044
• Welders had difficulty with burn-through
• One of five manual welds was made with (2) fillet welds instead of slot
weld. This technique was more constructible than other slot welds
made using weaves for the 3/8” width (9.53mm).
In Figure 14, the average tension load for each variable slot width is shown.
There is not a significant increase in strength from the 3/16” wide slot to the ¼”
or 3/8” wide slots. This further supports the 3/16” wide slot as the
recommended optimum slot width.
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Figure 14. The average tension load for each variable slot width
Conclusions and Recomendations
The goal of the variable slot width test was to determine an optimal slot width
that yielded consistent results, ductile failures, good weldability, and good
strength. From the results discussed, the 3/16-inch (4.76mm) slot width best fits
these criteria. There were no brittle shear failures through body of weld in this
test group. Failure modes were ductile and strength was good. The welders
(manual) preferred the 3/16” (4.76mm) width. The 3/16-inch (4.76mm) slot
width yielded consistent results, ductile failures, and good strength. Therefore,
the authors recommend utilizing 3/16” (4.76mm) widths for slots in 14 gage
metal welded to 16 gage metal.
Limitations
The limitations of this study include the following: test specimens were
comprised of 14 gage plates welded to 16 gage plates. All welds were made
with a metal inert gas (MIG) process. This paper does not address a comparison
between manually and robotically welded specimens.
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Behavior of Beam to Column Cold Formed Section
Connections Subjected to Bending Moments

Abstract

Maged T. Hanna1, Mohamed M. El-Saadawy 1,
Ghada M. El-Mahdy1, Ehab H. A. H. Aly 1

Cold formed sections are often used in the construction of mid-rise buildings
due to their high strength weight ratios, and fast erection. In these buildings, the
connections between joists and studs are mainly simple connections. However,
application of these sections can be extended to moderate span frames where
connections between members are subjected to bending moments. Strength and
stability of such frames depends to large extent on the behaviour of the
connections between their members. Over the last twenty years, several
researchers undertake tests on cold formed section connections subjected to
bending moments. Major of them classify the connections as semi-rigid, but
some suggested that as we reach the maximum capacity of the connected
sections so we can consider it rigid.
Professor of Steel Structures, Housing and Building National Research center,
Egypt
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In this paper, experimental investigations are carried out to study the structural
response of two cold formed section connections subjected to bending moments.
In the first type, the beam is connected to the column via bracket plate attached
to the web of the beam and column sections, whereas, in the second type,
flanges of the connected beams and columns are joined together by additional
plate at the tension and compression side. Lipped channel sections with
dimensions of 200 mm for the web, 60 mm for the flanges, and 20 mm for the
lip are studied. Moreover, the experimental set-up is simulated numerically
using a non-linear finite element model. The cold-formed sections are modeled
using shell elements while the connecting fasteners are modeled using beam
elements.
Introduction
Steel cold-formed sections (CFS) have traditionally been used as purlins and
side girts for industrial buildings. However, recently the use of steel CFS has
been extended to primary members in the construction of low to medium rise
houses and portal frames with moderate spans. The use of steel CFS for
columns and rafters of short and moderate span portal frames could be an
economic alternative to conventional hot rolled or built up sections. The design
of such frames will depend largely on the nature (rigid/semi-rigid) of the
connection between the rafter and the column. Previous research [Chung and
Lau (1999), Lim and Nethercot (2004), Elkersh (2010), and Öztürk and Pul
(2015)] has shown that the main problem with using CFS in portal frames is the
semi-rigidity of the connections due to bolt hole elongation. This reduces the
moment carrying capacity of the connection [Wong and Chung (2002), Lim and
Nethercot (2003), Dundu and Kemp (2006), and Jackson et al. (2012)]. The
behaviour of eave and ridge joints of CFS portal frames was also studied by
Dubina et al. (2004) and the study was extended to the experimental testing of
full scale portal frames [Dubina et al. (2009)].
The motivation behind this study is to investigate the carrying capacities of
single lipped channel cold formed section screw fastened connections subjected
to major axis bending moments. For this purpose, cantilever beam is connected
to a vertical column as depicted in Fig. 1. The beam is subjected to vertical
concentrated load at its free end. The cross section dimensions of the beam and
column sections are similar, and equal to 200mm, 60mm, 20mm for the web
height, flange width, and lip depth; respectively. The main parameters of the
study are the thickness of the channel section, t1, and the thickness of the gusset
plates, t2.
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Fig. 1: Case of Study

Experimental Work

Specimen Dimensions and Material properties

TG4, TG5

S = 1000

100

Plate, t 2

400
50 100 100 100 50

50
50
50
50
410
10
50
50
50
50

St. Pl. 10mm

Fillet weld
40 x 40 x 4

Column

Gusset Plate, ( t 2 )

6 M20 (8.8)

100

50

Self Drilling Screw, d = 5mm

Beam

50 50 50 50

H = 1000

100

420

Specimens

420

400

100x100x10

50

100

2

Fig. 2: Specimens connected with tapered gusset plate,
TG1, TG1m, TG2, TG3,TG4,TG5.

50 50

346

This study involves tests of ten specimens. Geometry of the tested specimens are
shown in Figs. 2 & 3, and listed in table 1. In the first specimen, TG1, the beams
are joined to the column by a tapered gusset plate connected to the web of each
member. In the next specimens, TG1m, TG2 & TG3, an equal angle with
dimensions 40x40x4 mm is welded to the inclined part of the tapered connecting
plate to prevent local buckling in this part. In specimens, TG4 & TG5 an
additional bent plate is used to connect the tension flanges of the beam and the
column together. However, beams and columns in specimens RG1 & RG2 are
connected by rectangle gusset plate with width equal to the height of the column
web. Also, additional bent plates are used to connect tension and compression
flanges in specimens RG3 & RG4. Hex washer head screw with diameter of
5mm is used in the connection. There is thick base plate connected to the
specimen columns by vertical angles that are welded to the base plate.

50 50 5050 5050 50

50 50
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50
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100
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100x100x10
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2

Fig.3: Specimens connected with rectangle gusset plate
The mechanical properties of the CFS used in the specimens were determined
according to the ASTM-A370 specifications. Three specimens were tested, and

347

results revel that the steel is high strength steel with yield stresses and Young’s
modulus equal to 450MPa, and 210000 MPa; respectively. Moreover, To
determine the shear strength of the screw, three single shear specimens were
tested as shown in Fig.4. The connection was done using a single hex-washer
head, 5 mm diameter screw. In this specimen, the connecting plate thickness
were 4mm. All the three specimens were failed by shear in the screw at stresses
equal to 720 MPa. Figure 4 illustrate the screw single shear test and the failure
shape

Specimen in the Test Machine

Specimen after test

pure Shear failure

Fig.4: Single shear test of the hex washer head screw
Table 1: Test specimens measured dimensions and results
Spec.
Measured
gusset
Experimental
Finite Element
Dimensions
plate
Analysis
thickness
H
S
, t2,
(mm)
(mm)
Pu
Mu/M
Pu
Mu/Ms
(mm)
(KN)
(KN)
s
TG1
998
993
2.8
8.9
0.382
8.4
0.37
TG1m
995
993
2.8
15.4
0.688
14.1
0.62
TG2
992
995
2.95
17.1
0.76
16.1
0.72
TG3
1003
992
2.95
16.7
0.74
16.2
0.72
TG4
998
996
3.8
16.9
0.75
17.1
0.76
TG5
995
1003
3.8
17.4
0.77
17.1
0.76
RG1
993
998
2.9
9.3
0.48
8.3
0.43
RG2
1003
1001
2.9
11.3
0.59
11.1
0.59
RG3
995
996
3.95
12.1
0.63
12.8
0.67
RG4
1002
998
3.95
14.5
0.76
14.8
0.77
Note: measured thickness of the cold formed section, t1 = 2.3mm
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Test Setup
The specimens were fixed in a reaction frame through thick base plate by four
bolts with diameter 20mm and grade 8.8. Slot holes were done in the plate to
adjust the specimens so that the vertical loads applied through the shear center
of the cross section. Monotonic load applied vertically by 50 ton hydraulic jack.
Two vertical stiffeners with thickness of 10mm each welded to the specimen in
the section where the load was applied to prevent crippling in this zone. To
prevent the out of plane deformation of the specimens, lateral restraints attached
to the specimens at the tip of the horizontal beam below the load application,
and at the mid span of the cantilever beam. This was done by passing the
specimen through wooden boxes that are laterally connected to steel road which
move inside vertical slot. The used box has length of 150mm, and inside
dimensions similar to the beam cross section. Hence, this configuration allows
the vertical in plane displacement of the specimen beam, and prevent the out of
plane deformations. Test setup is illustrated in Fig. 5.

Reaction Frame
Hydraulic Jack
Load Cell

S2
Beam
S1

LVDT 1

LVDT 2

B

Plate 600 x 300 x 20

A
Base Plate

50

slot hole, d = 22mm

50

200
300

A

S3

Column

S4
LVDT 3

B

St. Pl. 10mm

100

400
600

100

Sec A - A

Fig.5: Schematic Diagram For the Test Setup
The in plane deformations of the specimens were measured through linear
variable displacement transducers (LVDT) with accuracy of 0.01 mm. The
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measured points were the vertical displacements of the beam end section
below the load application (LVDT 1), as well as the beam mid-length
section (LVDT 2). In addition, the horizontal displacement of the mid-height
section of the column was recorded (LVDT 3).
The LVDT readings were collected using a data acquisition system. In addition
four strain gages were attached to the specimens to measure the tension as
well as the compression flange strains at sections just before the connection
in the specimen beam column. An arbitrary increment of load equal to 5kN
was applied, and then the load was held constant until stable readings were
recorded. This procedure was repeated for each additional load increment
until excessive deflections were observed without any increase in the
applied load. Thus, the ultimate load was achieved.
Wooden Plates
Wooden Box
steel rod

steel rod
Beam

Vertical Slot

Specimen

Vertical Slot

View B-B in Fig. 5
Photo showing the test setup
Fig.6: Schematic Diagram For the Test Setup
Numerical Simulation
A non-linear finite element model is made using the general purpose finite
element software package ANSYS Launcher 11. Four nodes isoparametric shell
element, SHELL181, is used in this model. It is a 4-node element with six
degrees of freedom at each node. Further, this element allows for for both
geometric and material nonlinearties. The mesh density is chosen to make the
element aspect ratio on average equal to 1. In addition, the BEAM4 element was
used to model the screws that connect beam and column cross sections to the
gusset plate.
The material properties were taken from the tensile coupon test results. The
nominal yield stress, Fy, of steel was taken as 4.5 t/cm2 (450 MPa) and the
ultimate strength, Fu, was taken as 5.4 t/cm2 (540 MPa). Young's modulus of
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elasticity, E, and shear modulus, G, are 2100 t/cm2 (210 GPa), 810 t/cm2 (81
GPa); respectively. ANSYS classical metal plasticity model was used to include
the material non-linearity effects. This model implements the von-Mises yield
surface to define isotropic yielding and associated plastic flow theory. A perfect
plasticity model based on a simplified bilinear stress-strain curve without strain
hardening was assumed. Figure 7 shows the finite element model, loads, and
boundary conditions.

Specimens with tapered gusset
Specimens with rectangle gusset
Fig.7: Finite Element Model
The base conditions for the column elastic line were treated as fixed condition.
Therefore, all joints at the column base were prevented from translation along X,
Y, and Z axis. Due to the presence of lateral restraints at the beam mid length
section as well as beam free end section, joints of the flange web and flange lip
juncture of these sections are prevented from translation along Z-axis (out of
plane direction). In addition joints of the web at the beam end section where
loads are applied are prevented from translation along Z axis to represent the
presence of the vertical stiffener at this section. To prevent the crippling of the
web, Loads are distributed along the web joints at the beam free end. Loads
were incrementally increased through successive load steps. Newton-Raphson
iterations were used in solving the nonlinear system of equations.
Results
To assess the behavior of the studied connections, the applied moment, Mu, has
been normalized with respect to the flexural capacity of the beam section, Ms.
Hence, the ratios Mu/Ms are plotted versus the generalized displacements and
strains. The applied moments are calculated as the result of the multplication of
the applied load, P, and distance between the load and the center of the screws
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0.8

Mu/Ms

that connect the gusset with the web of the beam section. The section flexural
capacity, Ms, is calculated using DSM, in which the flexural strength will be the
minimum of the local, distortional, and the overall buckling strength. This
method requires the calculation of the elastic critical local and distortional
buckling stresses, these values have been determined using CUFSM computer
program.
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Fig. 8: Mu/Ms versus displacements for specimen TG2

Mu/Ms

-5

0

30

LVDT 1 (EXP.)
LVDT 2 (Exp.)
LVDT 3 (Exp.)
LVDT1 (FEM.)

0.4
0.2

-5

0

Displacements (mm)
0
5
10
15
20
25
Fig.9: Mu/Ms versus displacements for specimen RG1

30

352

The ratios Mu/Ms are drawn with respect to the displacements of the three
measured points of specimens TG2 and RG1 in Fig 8 and Fig. 9; respectively. It
is obvious that the relations are almost linear at the early stages of loading, then
near failure the structural response become nonlinear and the stiffness decreases
continuously. In addition, the numerical finite element results are plotted in the
same figure for point 1. It is clear that there is good correlation between
numerical and experimental results.
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The load strain relationships are also examined. Therefore, the ratios Mu/Ms are
plotted with respect to the longitudinal strains of the tension as well as
compression flanges of the beam and column sections in Fig. 10 for specimen
TG2. However, results of specimen RG1are shown in Fig. 11. It is clear that the
strains are linear until failure. To add on the tensile and compressive strains in
the beam section are almost similar. However, in column sections the tensile
strains are smaller than the compressive strain due to the presence of the axial
compressive force. This means that the longitudinal strains are transformed from
the beam section to the columns section through the tapered as well as the
rectangular gusset plates.
The ratios Mu/Ms are drawn with respect to the vertical displacements of point 1
for all specimens with tapered gusset plate in Fig. 12, and for specimens with
rectangle gusset plate in Fig. 13. The results are also listed in Table 1. It is
obvious that specimens with tapered gusset plate reaches about 80 % of the
section flexural capacity, except specimen TG1 where failure happened when
Mu/Ms reaches about 38%. This is because, this specimen fail when the gusset
buckle at small level of loads. On the other hand, specimens with rectangle
gusset plate reache about 60 % of the flexural capacity of the beam sections. For
the two types of connections changing thickness of the gusset plate does not
significantly change the ultimate capacity, but it reduces the displacements at the
ultimate loads. Also, using plates connecting tension and compression flanges
improve the performance of the connections with rectangular web.
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Fig. 12: Mu/Ms versus vertical displacements of point 1
(specimens TG1, TG1M, TG2, TG3, TG4,TG5)
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Small rotation in the beam
Tilting in the screw and bearing in the plate
Fig. 14: Failure Shape of Specimen TG2
In plane bending associated with small amount of rotation about the beam
longitudinal axis is noticed at failure. The beam exhibit some rotation at failure
because the applied loads were not exactly at the section shear center in addition
to the gap between the beam cross section and the wooden boxes used to make
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the lateral restraints. Moreover, tilting in the screw and bearing in the beam web
was observed. Failure shape of specimens TG2 are depicted in Fig. 14. Also Fig.
15 shows the failure mode obtained in the numerical finite element model.

Specimen TG2
Specimen RG1
Fig.15: Numerical failure shape
Conclusions
In this study experimental and numerical investigation are carried out for the
behavior of beam to column single lipped channel cold formed section screw
fastened connections subjected to major axis bending moments. Group of
connections were done using tapered gusset plates, while in the other group the
tapered gusset plate are replaced by rectangle one. Results revel that the
numerical and experimental ultimate loads as well as failure modes are
comparable. Moreover, specimens with tapered gusset plate reaches about 80 %
of the beam section flexural capacity. However, for specimens with rectangle
gusset plate this ratio become 60 %. Further, the longitudinal strains are
transformed from the beam section to the columns section through the tapered as
well as the rectangular gusset plates. For the two types of connections changing
thickness of the gusset plate does not significantly change the ultimate capacity,
but it reduces the displacements at the ultimate loads. Also, using plates
connecting tension and compression flanges improve the performance of the
connections with rectangular web.
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Investigation on shear capacity for screw connections of
cold-formed steel framed shear walls with steel sheathing
Feng Ruoqiang 1, Ma Ying, Zhu Baochen
ABSTRACT
Experimental and numerical investigations were carried out to learn the
shear capacities for screw connections of cold-formed steel framed shear walls
with steel sheets for the base layer combined with gypsum wallboards for the
face layer. The design methods of test specimens, the loading equipment and the
data processing method were introduced. According the phenomenon of tests for
multiple self-drilled screw connections, the loading-deformation curves, shear
capacity and failure modes were testified. The influence of end distance of screw,
edge distance of screw, diameter of screw, spacing of screw, thickness of steel
sheets, thickness of gypsum wallboards, thickness of studs on shear behavior for
connections were investigated. The finite element software ABAQUS was used
to simulate the shear behavior of screw connections. A comparison between the
numerical simulations and the test results showed a good agreement. This study
can be applied to numerical simulations of seismic behavior of steel sheathed
cold-formed steel framed shear walls.
Keywords: CFS framed shear wall, Screw connection, Steel sheathing,
Finite element analysis
1. Introduction
Cold-formed steel structures have been widely used in residential and small
commercial buildings in the USA, Japan, and Australia in past years because of
their lightweight, ease of installation, and environmental characteristics [1].
Cold-formed steel framed shear walls, attached with oriented-strand board,
gypsum board or cement board sheathing normally, is an important component
in CFS structure, which resist the horizontal loads such as earthquake loads and
wind loads. In recent years, steel sheathings on CFS shear walls have been used
1
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to achieve higher shear resistance in extreme loading incidents. However, It was
observed that the fire resistance time of the normal steel structure without any
protection ranged from 10 to 22 min, which was difficult to achieve a fire rating
of more than 120 min for load- bearing walls under service load in mid-rise
buildings [2]. Chen W and Ye et al [3] reported that the fire resistant
performance of CFS wall systems mainly depended on the protection of wall
panels and the performance of fire-resistant gypsum plasterboard was
considerably good. Consequently, the CFS shear wall sheathed with steel sheets
for the base layer combined with gypsum wallboards for the face layer have
been proposed and experimented.
Since the screw connections have the important influence on the shear
performance of CFS walls [4-5], and the screw connection between the CFS
studs and sheathings was obviously hinged. Therefore, to evaluate the shear
capacities of the steel sheathing screw connections in CFS walls, Mohebbi and
Mirghaderi [6] tested three sets of lap-joint specimens and obtained the shear
performance and failure modes of those connections such as tilting of screws.
However, the flanges of studs can limit the out-of-plane curling in tests of
connections, which would lead to more accurate results [7]. Fiorinoa and Della
[8] used a typical test setup to conduct tests on screw connections between
cold-formed steel stud and wood- or gypsum-based panels and found the effect
of sheathing orientation. Nithyadharan and Kalyanaraman [9], who found that
the screws in a wall panel under in-plane shear actually experienced shear
essentially parallel to the sheathing edge. And designed a new test setup in
which the load direction was parallel to the free edge of sheathing, to examine
the shear response of the connections with calcium silicate boards. In order to
predict the load–displacement curves and the failure modes of screws
connections without test, a few computational modeling of cold-formed steel
screwed connections were conducted by Wei Lu and L.Fan et al [10-12].
In this paper, the experimental and numerical study were conducted to
investigate the shear capacity of screw connections in CFS shear walls sheathed
with steel sheet for the base layer combined with gypsum wallboards for the
face layer. The failure mechanism and shear capacity of specimens with different
specifications under monotonic tension were obtained. The finite element
software ABAQUS was used to simulate the shear behavior of screw
connections. The numerical simulations showed an agreement with the test
results.
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2. Experiment details
2.1 Test specimens

100-0.8 P 20 MT S8 G12-4.8-1

H

Identifier H(mm) B(mm) A (mm) T (mm)
C0.9
89
50
13
0.9
C1.2
140
50
13
1.2
C2.5
140
50
13
2.5
H is the width of webs; B is the width of
flanges; A is the width of lips; T is the thickness of
studs.

A

34 sets of specimens for screw connections of cold-formed steel framed
shear walls with steel sheets as the base layer combined with gypsum wallboards
as the face layer were conducted. To explore the effects of diameter of screw
(4.2 mm, 4.8 mm and 5.5 mm), thickness of steel sheets (0.8 mm and 1.2 mm),
thickness of gypsum wallboards (12 mm and 15 mm), and thickness of CFS
studs (0.9 mm, 1.2 mm and 2.5 mm) on shear behavior for connections, so the
sheathings, CFS studs and screws of different specifications were used in
specimens. Two different test setups having three screw spacing (100 mm, 150
mm and 200 mm) were tested under monotonic tension to investigate the
influence of the end distance of screw (15 mm, 20 mm and 25 mm) and edge
distance of screw (15 mm, 20 mm and 25 mm). The sectional types of CFS studs
are shown in Fig. 1 and Table 1. The different test specimens in the program
were summarized in Table 2 and the series labels for each specimen are defined
in Fig. 2.
B
Table 1
Specifications of CFS studs

T

Fig. 1 The sectional type
of studs

Specimen’s number in same series
Screw diameter (mm)
Gypsum wallboards thickness (mm)
Steel sheathing thickness (mm)
MT for monotonic tension
End distance or edge distance (mm)
Loading direction (P for parallel, V for perpendicular)
Studs thickness (mm)
Screw spacing (mm)
Fig. 2 Definition of the series labels
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Table 2
Test results of the screw connections
Specimens

δy

Fy

(N)

(mm)

δm

Fm
(N)

(mm)

δu

Fu

(mm)

(N)

μ

M

100-1.2P
25MTS8
G12-4.8

1

4.93

3509.58

7.50

4140.41

12.49

3519.35

2.53

A

2

4.38

3222.57

6.78

3787.89

10.22

3219.70

2.34

A

150-1.2P
25MTS8
G12-4.8

1

5.71

3823.26

8.36

4364.22

10.12

3709.58

1.77

A

2

4.81

3491.61

7.31

4080.69

9.11

3468.59

1.90

A

1

4.87

3364.05

7.36

4064.46

8.96

3454.79

1.84

A

2

4.73

3398.84

7.25

3973.43

8.92

3377.41

1.89

A

1

4.67

2991.81

7.03

3533.35

9.29

3003.35

1.99

A

2

4.94

3115.89

7.58

3548.43

10.90

3016.16

2.20

A

1

5.56

3024.28

7.71

3471.89

8.79

2951.11

1.58

A

2

6.83

3543.79

8.55

3941.54

10.10

3350.31

1.48

A

200-1.2V
25MTS8
G12-4.8

1

4.39

2868.89

7.03

3340.86

8.00

2839.73

1.82

A

2

6.02

3118.21

8.34

3671.35

12.22

3120.64

2.03

A

150-0.9P
25MTS8
G12-4.8

1

5.25

3724.69

6.98

4069.09

8.85

3458.73

1.69

E

2

7.03

3420.29

10.13

3984.44

12.62

3386.78

1.79

E

1

4.53

3746.14

6.76

4458.15

9.11

3789.42

1.75

B

2

3.71

3829.05

5.15

4384.51

7.56

3726.83

2.04

B

1

4.69

3394.78

7.18

3990.24

9.82

3391.70

2.10

A

2

4.54

3158.22

7.84

3813.98

9.26

3241.88

2.04

A

1

5.02

3677.72

8.11

4347.40

9.28

3695.29

1.85

A

2

5.16

3715.41

8.00

4380.74

9.87

3723.63

1.91

A

1

5.60

3342.02

7.42

3863.84

9.09

3284.27

1.62

A

2

5.09

3539.15

7.61

4203.61

9.55

3573.07

1.88

A

1

6.51

3148.36

8.95

3780.35

13.61

3213.30

2.09

A

2

5.46

2894.40

7.83

3398.84

8.51

2889.01

1.56

A

200-1.2P
25MTS8
G12-4.8
100-1.2V
25MTS8
G12-4.8
150-1.2V
25MTS8
G12-4.8

150-2.5P
25MTS8
G12-4.8
150-1.2P
15MTS8
G12-4.8
150-1.2P
20MTS8
G12-4.8
150-1.2V
15MTS8
G12-4.8
150-1.2V
20MTS8
G12-4.8

Favg
(N)

3964.15

4222.45

4018.94

3540.89

3706.71

3506.10

4026.77

4421.33

3902.11

4364.07

4033.73

3589.59
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150-1.2P
25MTS8
G12-4.2
150-1.2P
25MTS8
G12-5.5
150-1.2P
25MTS8
G15-4.8
150-1.2P
25MTS12
G12-4.8
150-2.5V
25MTS8
G12-4.8

1

4.81

3226.63

7.31

4080.69

9.11

3468.59

1.90

A

2

4.63

3543.21

6.86

4134.61

9.00

3514.42

1.94

A

1

5.61

3954.29

8.30

4543.96

12.45

3862.36

2.22

A

2

5.83

3826.16

8.65

4417.56

11.22

3754.93

1.93

A

1

4.89

3551.33

7.59

4110.26

9.11

3468.59

1.86

A

2

4.95

3827.31

7.00

4428.58

9.89

3764.29

2.00

A

1

5.63

4909.82

10.58

5768.51

11.11

4903.24

1.97

D

2

5.21

4750.95

9.72

5455.42

11.13

4637.10

2.14

D

1

4.94

3619.16

6.80

4093.45

7.98

3479.43

1.62

C

2

4.87

3772.23

6.27

4125.92

6.75

3507.03

1.38

C

4107.65

4480.76

4269.42

5611.96

4109.68

Fy and δy are the yield strength and its relative displacement, Fm is the peak load, δm is the relative
displacement corresponding to Fm, Fu equals 0.85Fm beyond the peak load, δu is the relative
displacement corresponding to Fu, μ is the ductility coefficient, M means the failure mode in Table 3
and Favg is the average value of the same set of specimens.

2.2 Test setup and procedure
Depending on whether the
influence of end distance or edge
distance of screws on shear
performance of screws connection
was investigated, two test setups
were used in the experimental
program. Fig. 3 shows the setup
was used to testing the influence of
edge distance of screws on shear
performance of screws connection,
which achieve the screw shearing
which the shearing direction parallel
to the nearest free edge of the
sheathing. Two pairs of CFS studs
were back to back bolted to each
other with the 6 mm steel plates
gripping by loading jaws, using 14 Fig. 3 Test setup of connections
mm bolts. Four 200 mm wide achieving shear in screws parallel to
sheathings composed of steel sheets edge
for the base layer combined with gypsum wallboards for the face layer were
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connected to the flanges of top studs by three screws and the bottom studs by
seven screws at desired edge distance from free edge of the board, to ensure
failure in the screws at the top connection.
Fig. 4 shows the setup was used to testing the influence of the end distance
of screws on shear performance of screws connection, which achieve the screw
shearing which the shearing direction perpendicular to the nearest free edge of
the sheathing. CFS studs were bolted to the 6 mm steel plates on the inner side
and the steel T-sections gripped by loading jaws on outer side. Sheathings were
connected to the flanges of top stud by three screws at desired edge distance
from the free edge of the board and were fixed to the bottom stud by seven
screws to avoid failure at this end.
A 100 kN servocontrolled testing machine system was used to apply axially
forces to the specimens using the displacement-controlled mode at a loading
velocity of 0.03 mm/s. The load and displacement of specimens were measured
and recorded by the servocontrolled testing machine system.

Fig. 4 Test setup of connections achieving shear in screws perpendicular to edge
3. Experimental results
3.1. Failure mechanisms
The following destruction phenomena shown in Fig. 5 were observed in the
test: tilting of screws (T), pullout of the screw (P), Screw shearing (S), bearing
of gypsum board (BG), bearing of steel sheathing (BS), bearing of studs (BT),
tearing of steel sheathing (TS) and cracking of gypsum board (C). According to
the combination of phenomena, several failure modes of connections are
summarized in Table 3.

365

In the tension tests of specimens which achieve screw shearing which the
shearing direction parallel to the nearest free edge of the sheathing, the bearing
in the gypsum wallboards increased gradually with the displacement applied.
When the load approached the peak value, cracks at the edge of gypsum
wallboards appeared and developed with increased of displacement. The failure
of specimens was resulted from pullout of screw with 0.8 mm steel sheathing
and screw shearing with 1.2 mm steel sheathing. Bearing of 1.2 mm steel
sheathing and tearing of 0.8 steel sheathing were observed after removing
gypsum wallboards. Screws were tilted in tests with 0.9 mm and 1.2 mm studs
and bearing of studs appeared only in tests with 0.9 mm studs. The general
failure characteristics of the specimens were nearly the same with different edge
distances and spacing of screws.

（a）screw titling

（b）screw shear

（c）gypsum board
bearing

（d）stud bearing

（e）gypsum board
cracking

（f）steel sheathing
bearing and tearing

Fig. 5 Destruction phenomena of screw connections
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Table 3
Failure modes of specimens
Failure modes
A
B
C
D
E

Destruction phenomena
T+BG+BS+TS+C+P
T+BS+TS+C+P
T+S+BG+BS+BT+P
T+BG+BS+BT+TS+C
T+BS+BT+TS+C+P

T is screw tilting, P is screw pull-out, S is screw shear, BG is gypsum board bearing, BS
is steel sheathing bearing, BT is stud bearing, TS is steel sheathing tearing and C is
gypsum board cracking.

Compared to tests which achieve shear in screws parallel to the nearest free
edge of the sheathing, phenomena of tests which achieve shear in screws
perpendicular to the nearest free edge of the sheathing was similar expect the
position and shape of cracks at the edge of gypsum wallboards since V-shaped
cracking along the sheathing thickness were observed. The open-end width of
the V-shaped cracking increased with the end distance of screws.
3.2. Load-deformation behavior
The load–deformation curves of specimens with different edge distance and
end distance of specimens by tension is shown in Fig. 6. The initial part of the
curve is approximately linear while the curve becomes non-linear at around 30%
of the ultimate load. A gradual reduction of the load appears after the loading
reaches the ultimate value, showing ductile failure. Only the
loading-displacement curve of specimens with 1.2 mm steel sheathing shows the
characteristics of shear failure since the load diminish rapidly after reaching the
maxima, as shown in Fig. 12(d) .
Six parameters were used to characterize the loading-displacement
behavior of screws, where Fm is the peak load, δm is the relative displacement
corresponding to Fm, Fy and δy are the yield strength and its relative
displacement, respectively, based on the equivalent elasto-plastic energy
absorption [13], Fu equals 0.85Fm beyond the peak load, δu is the relative
displacement corresponding to Fu; and the ductility coefficient μ is δu divided by
δy. Table 2 summarized these parameters and failure modes of all sets of
specimens.
3.3 Parameter analysis
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150-1.2P25MTS8G12-4.8-1
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150-1.2V20MTS8G12-4.8-1
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1000
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0

0

2

4

6

8

10

12

14

Displacement (mm)

(a) Edge distance
(b) End distance
Fig. 6 The load–deformation curves of specimens with different edge distance
and end distance
3.3.1 Effect of edge distance, end distance and spacing
The average peak strength of the screw connections for different edge
distance, end distance and spacing have been plotted in Fig. 7. It can be seen
from the Fig. 7(a-c), there was tiny fluctuations in the all curves, which
indicated that there is little effect of end distance over 15 mm, edge distance
over 15 mm and spacing over 100 mm on shear capacities of the connections. A
minor influence on shear capacity owing to the failure area of steel sheathings
center on screws was small compared with end distance, edge distance and
spacing.
3.3.2 Effect of sheathing thickness
According to Table 2, as steel sheathing thickness increased from 0.8 mm
to 1.2 mm, the average peak load improved by 32.9% since the failure modes of
connections changed from screw tilting to screw shear with increase of steel
sheathing thickness. The shear capacities of connections had little correlation
with thickness of gypsum wallboards, owing to the gypsum wallboards had
cracked already before the load reached the peak value.
3.3.3 Effect of stud thickness
As shown in Fig. 7(d), there was gradual rise of peak load and the upward
trend slowed down with increase of stud thickness. The reason for this behavior
is that the increase of stud thickness improved the restraint of screw tilting,
which was related to shear capacity of connections. When the stud thickness is
big enough that the screw would not tilt, the shear capacity would depend on
steel sheathings instead of stud thickness.
3.3.4 Effect of screw diameter
The increase in the screw diameter produced a gradual increase of the shear
capacities of the connections shown in Table 2, because compression area of the
sheathings surrounding screws became larger with the increase of screw
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(b) Edge Distance
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Verticality
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Peak Load (N)
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0
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Screw Edge Distance (mm)

Screw End Distance (mm)

3000

2000

1000

Screw spacing (mm)

(c)Screw spacing

0.9

1.2

2.5

Stud Thickness (mm)

(d)Stud thickness

Fig. 7 The average peak strength of the screw connections
4. Numerical modeling
4.1 Finite element modeling of screw connections
ABAQUS/Standard 15[14] was used to establish the finite element models
of screw connections with three-dimensional solid elements C3D8R.
Considering the symmetry of specimens and loads, a quarter of the test
specimen was modeled simplistically as shown in Fig. 8. Gypsum wallboards
were not considered in the model owing to the fact that gypsum wallboards had
little influence on the shear capacities of screw connections. Only two threads of
screw were created and the screw holes in steel sheathings and studs were
cylinders, as shown in Fig. 9. The frictionless hard contact with finite sliding
was used in the contact pairs between the steel sheathing and the stud, between
the steel sheathing and the screw shank, between the stud and the screw shank,
between the steel sheathing and the screw thread, and between the thicker plate
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and the screw threads.
Fixed end
Screw

Stud
RP-2

Load

RP-1

Steel sheathing
Fig. 8 Finite element model

Top thread
Steel sheathing

Bottom thread

Shank

Stud

Fig. 9 Details of screw connections
The mesh densities in the vicinity of screws were refined as a consequence
of the deformation mainly originating from this area, as shown in Fig. 9. The
trilinear stress–strain curves in Fig. 10, which were established from coupon
tests carried out by Ye Jihong and Feng Ruoqiang et al. [15], were adopted for
the steel and the screw. To improve computational efficiency, the material of
screw shank was assumed as perfect elastic in specimens without distortion of
shank.
To simulate the influence of initial imperfections such as initial screw
titling and clearance among the screw, the steel sheathing and studs. The varied
stiffness spring was used in the model, which was realized by a linkage unit
connected the loading point RP-2 with another point RP-1 coupled with the
flanges of studs as a rigid body. The end of steel sheathing was fixed as shown
in Fig. 8.
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336.9

640

Stress (Mpa)

800

Stress (Mpa)

447.3

0.00165147

0.3

Strain

0.00304762

0.3

Strain

(a) Steel
(b) Screw
Fig. 10 The trilinear stress–strain curves of materials
4.2 Failure mechanisms of models
Two failure modes were observed from models: the screws pulled out and
sheared off. Most of specimens with the failure mode of screw pullout exhibited
screw tilting, sheathing bearing and studs bearing, as shown in Fig. 11(a-c). The
von Mises stress distribution showed that yielding occurs in areas around the
screw hole in direct contact with the screw shank and the screw thread in contact
with the studs.
Specimen 150-1.2P25MTS12G12-4.8 exhibited screw shearing in
combination with screw tilting, sheathing bearing and studs bearing. Stress
concentration was located on the screw shank in contact with sheathing, as
shown in Fig. 11(d). Moreover, the stud occurred relative moving, which
resulted the diameter of the middle shank was smaller. The failure mechanisms
of models tallied with the tests.
4.3 Shear carrying capacity
The load–displacement curves of connections by modeling were the same
as the test results, as shown in Fig. 12. However, compared with the test, the
stiffness of slopes before the peak is larger and the relative displacements
corresponding to peak loads were smaller by simulation. This is because the
tearing of steel is not considered in the models, which is also the reason why
there is no drop in the curve of specimen 150-1.2P25MTS12G12-4.8.
Table 4 shows the contrast of peak loads between modeling and tests with
the relative error not exceeding 12.9%, which indicated the effectiveness of the
ﬁnite element models.
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（a）Screw tilting

（b）Stud bearing

（c）Steel sheathing bearing

（d）Screw shearing

Fig. 11 Failure mechanisms of modeling
5. Conclusion
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An experimental study of screw connections under monotonic loads in CFS
shear walls sheathed with steel sheet for the base layer combined with gypsum
wallboards for the face layer is described. Factors such as screw end distance,
screw edge distance, screw diameter space, sheathing thickness and stud
thickness are considered. A finite element modeling on screw connections is
carried out with geometric non-linearity and material non-linearity, which shows
a good agreement with test results.
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Fig. 12 Typical load–displacement curves of connections
Table 4
The contrast of peak loads between modeling and tests
Specimens
150-1.2P15MTS8G12-4.8
150-1.2P20MTS8G12-4.8
150-1.2P25MTS8G12-4.8
100-1.2P25MTS8G12-4.8
200-1.2P25MTS8G12-4.8
150-0.9P25MTS8G12-4.8
150-2.5P25MTS8G12-4.8
150-1.2P25MTS8G12-4.2
150-1.2P25MTS8G12-5.5
150-1.2P25MTS12G12-4.8
η=

Fm−Fe

tests.

Fe

Fm（N）
3945.2
3935.4
3927.3
3882.8
3891.1
3700.2
4991.1
3771.5
4322.2
5288.5

Fe（N）
3902.1
4364.0
4222.4
3964.1
4018.9
4026.7
4421.3
4107.6
4480.7
5611.9

η
1.1%
-9.8%
-6.9%
-2.1%
-3.1%
-8.1%
12.9%
-8.1%
-3.5%
-5.7%

× 100%;Fm is the peak load in modeling and Fe is the average peak load in

The conclusions of this study are summarized as follows:
(1) The failure of screw connections manifests a combination of several
destruction phenomena included screws tilting, screw shearing, sheathing
bearing, stud bearing and sheathing tearing. Specimens exhibit ductile
failure expect specimens with 1.2 mm steel sheathing, which presents brittle
failure due to screw shearing.
(2) Screw edge distance over 15 mm, screw end distance over 15 mm, screw
spacing over 100 mm and gypsum wallboards thickness have little effect on
shear capacities of screw connections. Increase of screw diameter, steel
sheathing thickness and stud thickness can improve the shear capacities of
screw connections.
(3) The finite element modeling have a good agreement in peak loads and
failure modes with tests, whereas the stiffness of slopes before the peak and
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the relative displacements corresponding to peak loads are inconsistent with
the tests results, without considering steel tearing in simulation.
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Bearing Strength of Untightened Double-Shear Bolted
Connections in Cold-Formed Steel Construction
Refat A. Bhuiyan 1, Lip H. Teh*2, Aziz Ahmed 3
Abstract
This paper presents the experimental investigation of cold-formed steel doubleshear bolted connections where both the bolt head and the nut are not in contact
with the outer sheets. The inner sheet of each specimen is not constrained from
out-of-plane distortion or bulging downstream of the bolt, and fails in bearing.
Based on a series of tests involving specimens having bolt diameters ranging
from 12 to 16 mm and sheet thicknesses ranging from 1.5 to 3.0 mm, it has been
found that the absence of out-of-plane constraint in untightened bolted
connections leads to much lower bearing capacities than predicted by the
specification’s bearing strength equation. The effect is more pronounced for
thinner sheets. An interesting finding is that the threaded bolt specimens had
higher bearing capacities than the corresponding ones with shank bolts. It
appears that the bolt threads provided some out-of-plane constraint to the
connected sheet.
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Introduction
The design equations for the bearing strengths of double-shear bolted
connections in the cold-formed steel design specifications (AISI 2016 and
SA/SNZ 2005) are based on test results where the critical ply (the inner sheet)
was constrained from out-of-plane distortion and bulging by the clamping force
of the bolt (Yu & Mosby 1981, Wallace et al. 2001a, b). The clamping force
normally results from snug-tightening the bolt, which ensures the bolt head and
nut to be in close contact with the outer sheets as illustrated in Figure 1. Such a
constraint can significantly increase the apparent bearing strength of the
connected ply. Yu & Mosby (1981) indicated that the installation torque can
influence the bearing capacity of bolted connections having a large ratio of bolt
diameter to sheet thickness. However, in certain applications the critical ply is
not constrained from out-of-plane distortion or bulging (Yu & Mark 2013),
including truss members and frame braces where the plies are not in (direct or
indirect) contact with either the bolt head or the nut, or both. In such cases, the
commentary to Section J3 of AISI S100-16 (AISI 2016) requires laboratory tests
be conducted to determine the performance of the connections.
The present work investigates the behavior and strength of untightened bolted
connections in cold-reduced steel sheets failing in bearing. It explores the
implications of applying the bearing strength provisions given in Section J3.3.1
of AISI S100-16 (AISI 2016) to untightened bolted connections. It includes
threaded and shank bolts in the experimental program.
The present data comprise the test results of 64 untightened double-shear bolted
connections where the critical ply failed in pure bearing. There are a total of 16
configurations involving threaded bolts and another 16 configurations involving
shank bolts. The varied parameters are sheet thickness, bolt diameter, material
ductility and loading direction. Bolt hole deformation is not considered, and the
bearing capacity corresponds to the ultimate test load.

Figure 1 Clamped double-shear bolted connection
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Current design equation
Section J3.3.1 of AISI S100-16 (AISI 2016) specifies that, when deformation
around the bolt hole is not a design consideration, the nominal bearing strength
Pnb of the connected sheet for each loaded bolt shall be determined as
(1)

Pnb = C m f d t Fu

where C is the bearing factor, which depends on the ratio of the diameter d to
the connected sheet thickness t, m f is the modification factor, which accounts
for the type of bearing connections, and Fu is the material tensile strength.
The bearing factor C is given in Table J3.3.1-1 of AISI S100-16 (AISI 2016),
reproduced as Table 1 for connections with standard holes. The table is based on
the recommendations of Wallace et al. (2001b).
Table 1: Bearing factor C for bolted connections with standard holes (AISI
2016)
d/t
C
d/t < 10
3.0
10 < d/t < 22

4 - 0.1 (d/t)

d/t > 22

1.8

The values of mf vary from 0.55 for certain single-shear connections or outside
sheets of double-shear connections without washers to 1.33 for the inside sheet
of a double-shear connection using standard holes, which is the case in the
present work.
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Test materials
The G2 and G450 cold-reduced steel sheets used in present experimental tests
have the trade names GALVABOND® and GALVASPAN® respectively. These
materials were manufactured and supplied by BlueScope Steel Port Kembla
Steelworks, Australia. The average yield stresses Fy, tensile strengths Fu and
elongations at fracture over different gauge length are provided in Tables 2 and
3. The variables ε15, ε25, ε50 are elongations at fracture over 15mm, 25mm,
50mm, respectively, and εuo is the uniform elongations outside the fracture. The
suffix “R” denotes the loading to be in the rolling direction, and the suffix “T”
denotes loading in the direction perpendicular to the rolling direction.
Table 2: Average material properties for G2 sheet steels (Teh & Uz 2014)
Designation

Fy
(MPa)

Fu
(MPa)

Fu /
Fy

ε15
(%)

ε25
(%)

ε50
(%)

εuo
(%)

1.5 mm T

390

430

1.10

58.1

47.8

32.2

17.3

1.5 mm R

320

400

1.25

55.2

45.9

37.7

24.5

2.4 mm T

345

395

1.14

68.5

53.8

40.4

24.1

2.4 mm R

310

390

1.26

62.4

51.5

40.1

26.8

Table 3: Average material properties for G450 sheet steels (Teh & Uz 2014)
Designation

Fy
(MPa)

Fu
(MPa)

Fu /
Fy

ε15
(%)

ε25
(%)

ε50
(%)

εuo
(%)

1.5 mm T

610

630

1.03

15.5

10.5

8.1

4.5

1.5 mm R

555

590

1.06

21.5

16.3

12.0

6.9

3.0 mm T

570

610

1.07

27.5

18.0

10.9

6.3

3.0 mm R

520

555

1.07

30.5

21.4

14.8

8.2

As can be seen from Tables 2 through 3, the G2 steel is much more ductile than
the G450 steel. G2 is classified as a formability grade, while G450 is a structural
grade (SA 2011).
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Specimen configurations and test set-up
All tested specimens were single bolted double-shear connections, where the
bolt head and nut were not in contact with the outer sheets, as shown in Figure 2.
The concentrically loaded inner sheet was the critical element since the two
outer sheets were 9 mm thick steel plates having a measured yield stress of 550
MPa. Each of the inner sheets was 100 mm wide, and the distance between each
bolt and the downstream end was 75 mm to ensure that bearing failure was the
governing mode. Since there were some gaps between the bolt head and nut and
the outer sheets, the inner sheet was not constrained from out-of-plane distortion
or bulging downstream of the bolt as it failed in bearing.

(a)

(b)
Figure 2 Present set-up: (a) Schematic; (b) As tested
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The varied parameters in the present experimental program are:
-

Grade and thickness of the inner sheet: 1.5 mm and 2.4 mm G2 sheets,
1.5 mm and 3.0 mm G450 sheets.
Bolt type: threaded and shank.
Bolt diameter: 12 mm (M12) and 16 mm (M16) diameter bolts are used
for each type of bolt.
Loading direction: Some specimens were loaded in the rolling direction
of the cold-reduced steel sheet, others in the direction perpendicular to
the rolling direction.

The bolt hole of each specimen was drilled 1 mm larger than the bolt diameter.
The specimens were loaded at a stroke rate of 2 mm per minute.
Test results and discussions
The ratios of the ultimate test load Ptest to the estimates Pnb obtained using
Equation (1), called the professional factors, of specimens with threaded bolts
and with shank bolts are provided in Tables 4 and 5, respectively. The ultimate
test loads are the average values of two specimens for each configuration.
Tables 4 and 5 also list the nominal thicknesses, the nominal bolt diameter to
thickness ratios, the loading directions and the (measured) material tensile
strengths. An empty cell in the tables represents the same value as the data in the
above cell.
The test results shown in Tables 4 and 5 indicate that the untightened bolt
condition has a significant effect on the bearing capacity of a bolted connection
in cold-reduced sheet steel. All the professional factors are well below the value
of unity. Figure 3 shows the differences in the exact failure mode between a
hand-tightened specimen and an untightened specimen, the latter tested in the
present experimental program. The hand-tightened specimen in Figure 3(a) was
tested in a separate program, and had an ultimate test load that was more than
double that of the untightened specimen in Figure 3(b). The hand-tightened
specimen was constrained by the outer sheets from distorting out-of-plane, while
the untightened one underwent notable out-of-plane distortion downstream of
the bolt.
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Table 4: Test results for thread bolted specimens
Config.

Grade

2R2A15

G2

t
(mm)
1.5

d/t

Direction

8.00

R

2R6A15

10.67

2T2A15

8.00

2T6A15

10.67

4R2A15

G450

8.00

4R6A15

10.67

4T2A15

8.00

4T6A15

10.67

2R2A24

G2

2.4

5.00

2R6A24

6.67

2T2A24

5.00

2T6A24
4R2A30
4R6A30
4T2A30
4T6A30

Fu
(MPa)
400

3.0

4.00
5.33
4.00
5.33

0.58
0.55

T

430

0.49
0.66

R

590

0.51
0.53

T

630

0.44
0.45

R

390

0.81
0.81

T

395

R

555

T

610

6.67
G450

Ptest/Pnb

0.82
0.68
0.85
0.79
0.70
0.70
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Table 5: Test results for shank bolted specimens
Config.

Grade

2R2S15

G2

t
(mm)
1.5

d/t

Direction

8.00

R

2R6S15

10.67

2T2S15

8.00

2T6S15

10.67

4R2S15

G450

8.00

4R6S15

10.67

4T2S15

8.00

4T6S15

10.67

2R2S24

G2

2.4

5.00

2R6S24

6.67

2T2S24

5.00

2T6S24

6.67

4R2S30

G450

3.0

4.00

4R6S30

5.33

4T2S30

4.00

4T6S30

5.33

Fu
(MPa)
400

Ptest/Pnb
0.55
0.46

T

430

0.53
0.61

R

590

0.49
0.46

T

630

0.44
0.38

R

390

0.86
0.69

T

395

0.73
0.65

R

555

0.72
0.66

T

610

0.67
0.62
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(a)

(b)
Figure 3 Effect of clamping on the exact failure mode: (a) hand-tightened
specimen; (b) untightened specimen

The adverse effect of out-of-plane distortion was less severe for thicker
specimens such as Specimen 4R6A30 shown in Figure 4(b), as evidenced from
the professional factors given in Tables 4 and 5. It can be seen from Figure 4
that the (unsymmetrical) out-of-plane distortion was more pronounced in the 1.5
mm specimen than in the 3.0 mm specimen.
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(a)

(b)
Figure 4 Effect of sheet thickness on out-of-plane distortion: (a) 1.5 mm
specimen; (b) 3.0 mm specimen
The effect of sheet thickness on the extent of out-of-plane distortion or bulging
has been more or less taken into account in the specification through the use of
Table 1, where the bearing factor C tends to decrease with increasing ratios of
the bolt diameter d to the sheet thickness t. However, it is clear from Tables 4
and 5 that the bearing coefficients in Table 1 do not sufficiently account for the
untightened bolt condition tested in the present work.
The effects of material ductility and rolling directions found in the present work
is consistent with those of Teh & Uz (2014) for hand-tightened connections. It
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can be seen from Tables 4 and 5 that, for the same nominal geometries, the
professional factors of the more ductile G2 sheet steel specimens are generally
higher than those of the G450 sheet steel specimens. Furthermore, in most cases
the specimens loaded in the rolling direction had relatively higher professional
factors than comparable ones loaded perpendicular to the rolling directions, even
though the material tensile strength is lower in the rolling direction.
It can also be seen from Tables 4 and 5 that, for the same nominal geometries,
the professional factors of the shank bolt specimens are generally lower than the
thread bolted specimens. This unintuitive outcome was probably due to the
beneficial out-of-plane constraining effect of bolt threads in cold-reduced steel
sheets where the bolts were untightened. Figure 5 shows the difference in
bearing deformations between the thread bolted and the shank bolted specimens,
each composed of 3.0-mm G450 sheet steel and having a 16-mm bolt.

(a)

(b)
Figure 5 Effect of bolt threads: (a) thread specimen; (b) shank specimen
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Conclusion
Experimental tests have been conducted on untightened double-shear bolted
connections composed of G2 and G450 sheet steels in order to investigate the
effects of not having any out-of-plane constraint against the bearing
deformations (out-of-plane distortion and/or bulging) downstream of the bolt. In
each of the tested specimens, the inside sheet failed in bearing. The investigation
included threaded and shank bolts. The varied parameters are sheet thickness,
bolt diameter, material ductility and loading direction.
The experimental results show that all the untightened bolted connections had
ultimate bearing capacities significantly lower than the estimates given by the
specification’s bearing strength equation. In some cases, the ultimate test load
was less than half of the specification’s estimate.
The absence of out-of-plane constraint had a more pronounced effect on the
thinner specimens, which experienced substantial out-of-plane distortion
downstream of the bolt.
It has been confirmed that the more ductile the steel material is, the higher the
professional factor for the bearing capacity. Also, the specimens loaded in the
rolling direction of the steel sheet had higher professional factors when
computed, based on the material tensile strength in the same direction.
An interesting finding is that, for untightened double-shear connections, the
threaded bolt specimens had higher bearing capacities than the corresponding
ones with shank bolts. It appears that the bolt threads provided some out-ofplane constraint to the connected sheet.
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Abstract
This paper presents investigation on cold-formed steel (CFS) beam-to-column
moment-resisting (MR) bolted connections with high energy dissipation capacity
suitable for seismic areas. Bolting friction-slip mechanism of the introduced CFS
MR connection is developed as its main seismic energy dissipation fuse aiming
to postpone or eliminate local buckling and yielding in the CFS MR connections.
Finite Element (FE) modelling techniques are employed to effectively simulate
the connections with an activated friction-slip mechanism. Hysteretic energy
dissipation response of the connections with circular bolting (CB) arrangement
designed to slip at 0.5Mp are presented. Based on the obtained FE results, fullscale physical tests on the CB connections have been performed under cyclic
loading. Both the FE and the test CB connections comprised double back-to-back
segmental-flange beams of 2, 4 and 6mm thicknesses. The results show that the
bolting friction-slip mechanism developed for the CB connections can effectively
delay local buckling and yielding in the CFS beams of as thin as 2 mm.
Key Words: Cold-formed steel, Bolting friction-slip mechanism, Seismic energy
dissipation, Moment-resisting connection.
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1.

Introduction

A cold formed steel member is characterized by its light weight, high-strength low-alloy steels. The majority of CFS
sections which are significantly thinner than hot-rolled counterparts, may experience different buckling modes
[Trebilcock, P. J., 1994]. CFS moment resisting (MR) frames are being developed as a primary structural system. The
seismic performance and the ultimate capacity of such structures rely on the stability of the individual CFS members such
as beams and the connection response. If a premature local buckling failure of the connected beams is dominant, then the
collapse of such structural system could be unavoidable, exhibiting a non-ductile response [Dubina et al, 2008]. Further,
basic configurations of the CFS MR connections are unable to develop full moment capacity of the connected sections
due to discontinuity of the load paths [Dao et al, 2013]. Therefore, to obtain an efficient CFS MR structural system the
development of the system MR connections is a key step. In light of this, research is currently ongoing to improve the
structural performance of the CFS MR connections [Sato et al, 2009&2010; Uang et al 2007&2010].
To increase local buckling resistance of CSF beams and to improve seismic performance of the CFS MR frames, a CFS
MR connection has been recently developed using curved-flange sections and web-bolted through-plate connections
[Bagheri Sabbagh et al, 2011]. Through extensive finite element analysis (FEA) and full-scale beam-to-column
connection tests it was found that the developed connection significantly improves seismic energy dissipation and ductility
capacity with CFS beam`s local buckling postponed after yielding initiated in the beam sections [Bagheri Sabbagh et al,
2012].
Amongst factors that can affect the CFS MR connections` response are the bolting configurations. In hot rolled steel
frames slotted bolting has been designed to dissipate seismic energy through a friction-slip mechanism [Egor P. Popov et
al,1994)]. To evaluate the effectiveness of the slotted bolting connection (SBC), an experimental study was performed by
Shu et al.2016. The strength, stiffness and ductility performance of the SBCs have been compared with those of the
regular bolted connections (RBC). The response of SBC characterized by friction, slip, bearing and shear actions of bolts
resulted in an increase in the load carrying capacity at a larger displacement level. They also showed that SBC may reduce
total seismic accelerations, increase ductility and provide better energy dissipation capacities Furthermore, large
displacement level was resisted by bearing of the bolts against the sides of the slotted holes result in an increased strength
hardening effect [Shu et al.2016].
The results presented in this paper are from an ongoing research project carried out at the University of Aberdeen to study
the effects of slotted friction-slip bolting arrangements incorporated into the CFS MR connections. Through extensive FE
simulations the proposed CFS MR connections have been developed investigating various types of CFS sections and
connection configurations. The FE results have been informed full-scale connection tests carried out on the developed
connections. Some selective results of the above research are presented herein as follows.

2.

Design considerations

Figure 1 (a) shows schematic drawings of a CFS MR web-bolted through-plate (TP) connection comprising segmentalflange double back-to-back beam sections (Figure 1 (b)) and beam-to-TP connection using slotted circular bolting (CB)
pattern (Figure 1 (c)). The segmental flange beam section has been chosen over the previously tested curved-flange
sections due to its less manufacturing constraints during the forming process. Since the focus of this research is mainly
on the beam-to-TP connection region the column has not been incorporated at this stage. The CFS beam sections have
been assumed to be connected back-to-back at a distance of 500 mm required to prevent lateral-torsional buckling of each
individual section along the length of the beam [AISC 341-10]. Nine bolts positioned at the center-to-center distance of
75 mm connect the beam webs to the TP passing inside the beam channels. The TP was designed to remain elastic
following the capacity-based design approach. The choice of CB connection has been employed due to its more uniform
bolt-group force distribution compared with the typical rectangular bolting patterns which is particularly important when
designed for friction-slip mechanisms. To postpone local buckling in CFS beams, friction-slip mechanism within the
beam-to-TP connection has been activated such that bolt slip triggers before local buckling initiates in the beams. FE
simulations have been employed to determine the critical local buckling load which can then be incorporated into the
friction-slip design of the bolts.
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Slotted-holes

Through plate
(b)
1

Web bolted connection

3
9

8

(a)
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4

CG
5

7
6

(c)
Figure 1. (a) CFS MR connection, (b) Segmental CFS beam cross sections and (c) CB bolting pattern.
3.

FE Modelling specifications and methodology

The proposed CFS MR connections have been modelled using the FE package ABAQUS 6.14. Figure 2 shows a typical
FE model of a 2.5 m length cantilever beam bolted to the TP representing a 4 m span MR frame subjected to lateral
loading with mid-span inflection points. Nonlinear post-buckling analysis was performed using the methods available in
ABAQUS which is suitable to predict instability and material and geometrical nonlinearity of a structure [ABAQUS
6.14]. As mentioned above columns have not been included in the FE models at this stage of study which focuses on the
beam-to-TP connection. The connection between the TP and the column has therefore been modelled using rigidly
supported nodes at the positions of the bolts as highlighted in Figure 2. To simulate the restraining effect of a concrete
floor, the top flanges of the beams were laterally restrained (in the X direction). Tie constraints were employed to connect
the beam sections through their webs distanced at 500 mm along the length of the beam. Vertical loading applied at the
tip of the beam was uniformly distributed throughout the depth of the webs (shown by arrows in Y-direction) avoiding
stress concentration effects. The S275 steel Grade has been used with yield strength (fy) of 275 MPa, ultimate strength
(fu) of 485 MPa, modulus of elasticity (E) of 210GPa and Poission`s ratio of 0.33. A bi-linear stress-strain material curve
has been adopted with the strain hardening ratio assumed to be 0.01. The friction-slip bolts have been modelled using
fastener connections available in the ABAQUS library [ABAQUS 6.14].
TP-to-column bolts

Laterally restrained top flanges

Fasteners

Loading points in Y-direction

Figure 2. CFS MR beam-to-TP connection FE model
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4.

FE results on the CFS MR connections

CB-4mm 0.8

0.6
0.4
0.2
ϴ(Rad)
0
-0.10 -0.06-0.2
-0.02 0.02 0.06 0.10
-0.4
-0.6
-0.8

CB-6mm 0.8

M/Mp

M/MP

0.8
0.6
0.4
0.2
ϴ(Rad)
0
-0.1 -0.06 -0.2
-0.02 0.02 0.06 0.1
-0.4
-0.6
-0.8

CB-2mm

M/Mp

To determine the seismic hysteretic response of the introduced CFS MR connections, cyclic loading protocol has been
adopted from the AISC seismic provisions [REF]. This protocol is used for qualifying MR joints as special and
intermediate moment frames. Through the above FE models (shown in Figure 2), the adopted loading cycles have been
applied to the CB connections (illustrated in Figures 1 (a) and 1(c)) having 300 mm high S-section beams each with 2, 4
and 6 mm thicknesses (see Figure 1 (b)). Figure 3 shows the obtained hysteretic normalised moment (M/Mp)-rotation (θ)
curves of the CB connections with bolt slip load activated at 0.5Mp. Where M is the bending moment calculated at the
centre of the beam-to-TP connection, Mp is the plastic bending moment of the beam sections for each of the thicknesses
and θ is the beam-end rotation in radians. From these curves, one can observe all the CB connections have generated a
highly stable hysteretic response which can dissipate seismic energy through bolting friction-slip mechanism without
degradation up to a very large connection rotation. Activation of bolt slip at 0.5Mp successfully postponed local
buckling/yielding far beyond the required rotation corresponding to the drift angle for the design earthquake-level [REF].
The reason being that the ductility demand is mainly provided through the bolting friction-slip mechanism and therefore,
the beam sections have been successfully protected against local buckling. This FE observation has been further
investigated through a programme of physical testing which are presented in the following section.

0.6
0.4
0.2
ϴ(Rad)
0
-0.10 -0.06-0.2
-0.02 0.02 0.06 0.10
-0.4
-0.6
-0.8

Figure 2.Hysteretic response of CB connections having 2, 4 and 6 mm thickness S-section beams, all with
0.5Mp bolt slip
5.

Experimental study on the CFS MR connections

A set of full-scale physical tests has been conducted under cyclic loading on the CB connections developed through the
FE modelling, as presented in the previous section, following the AISC Seismic Provisions [REF]. The testing CB
connections have the same dimensions and configurations as those of the FE models with the S-section beams of 2, 4 and
6 mm thicknesses and the bolting friction-slip mechanism activated at 0.5Mp.
5.1. Test set up
Figure 4 shows the test set-up comprising a vertically aligned 2.5 m S-beam connected to a strong double-channel hotrolled steel stub-column which was laid down and bolted on a strong concrete floor. The slotted holes were placed on the
TP (as shown in the zoom view in Figure 4) with the length of 10 mm obtained from the FE models as the maximum
travelling distance of the bolts inside the holes under cyclic loading with the aim to avoid bearing action of the bolts
against the connected plates. The test specimens were loaded through hydraulic actuators located at each side of the beam
end with the load cells placed between the actuators and the beam to record the applied loads. Skidmore-Wilhelm
equipment was used to tighten the bolts at the predicted slip level of 0.5Mp. Two scenarios were considered when pretensioning the bolts: (i) initially with bolt pre-tensioning at the predicted slip; and then (ii) pre-tensioning at the maximum
slip resistance. The former is to provide the connection ductility and energy dissipation capacity through the friction-slip
fusing mechanism; while the latter scenario is to shift the demands into the beam section with expected local buckling
and yielding failures.
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Vertically aligned beam

Test rig

Load actuators

TP slotted holes

Strong hot-rolled steel stub column

Figure 4. Test setup of the vertically aligned CB connection

5.2. Test Results
Presented in Table1 are the hysteretic curves and the corresponding CB connections at the maximum rotation obtained
through the tests with activated friction-slip mechanism at 0.5Mp and slip-resistant connections referring to the above bolt
pre-tensioning scenarios. As predicted by the FE results the hysteretic response of the CB connections are highly stable
with local buckling eliminated for higher thickness beams (4 and 6 mm S-sections). In the connection with the 2-mm
beam section, however, local buckling initiated at around 0.05 rad rotation which is still far beyond the corresponding
0.02 storey drift angles at the design-earthquake levels required by seismic codes [Eurocode 8]. Therefore, the bolting
friction-slip was the main fusing mechanism resulted in the beam sections to remain largely elastic. On the other hand,
the CB connections with slip-resistant bolting developed significant web buckling (shown by dashed ovals) led to strength
degradation towards the last cycles. The CB connection with the 2-mm beam was the most affected connection by a
premature local buckling which reveals the paramount importance of the bolting friction-slip mechanism for lower
thickness CFS beams. In the connections with higher thickness 4 and 6 mm beams the nine-bolt arrangement was not
sufficient to achieve a slip-resistant connection. Therefore, four additional bolts were added at the corners of the
connections, though still a degree of slip was activated during the loading cycles.
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Table 1- Hysteretic curves and CB connections at the maximum rotation

0.4

0.6

M/Mp

0.6

Slip-resistant

0.4

M/Mp

0.5Mp slip level

0.2
0.2
0
-0.1 -0.06 -0.02 0.02 0.06 0.1
-0.2

-0.06

θ(Rad)

0
-0.02
-0.2

0.02

0.06

θ(Rad)

-0.4

-0.4

-0.6

-0.6

CB connection with 2mm S-beam

1.1
0.9
0.7
0.5
0.3
0.1
-0.1
-0.06 -0.02 0.02
-0.3
-0.5
-0.7
-0.9
-1.1

M/Mp

M/MP

1
0.8
0.6
0.4
0.2
θ(Rad)
0
-0.1 -0.06 -0.2
-0.02 0.02 0.06 0.1

-0.1

-0.4
-0.6
-0.8
-1

θ(Rad.)
0.06

0.1

CB connection with 4mm S-beam

1.4
1.2
1
0.8
0.6
0.4
0.2
0
-0.06 -0.2
-0.02 0.02
-0.4
-0.6
-0.8
-1
-1.2
-1.4

M/MP

M/Mp

1
0.8
0.6
0.4
0.2
0
-0.1 -0.06 -0.2
-0.02 0.02 0.06 0.1
-0.4
-0.6
θ(Rad.)
-0.8
-1

-0.1

CB connection with 6mm S-beam

0.06

0.1

θ(Rad.)
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6.

Conclusions

By means of FE modelling and physical tests the effect of bolting friction-slip mechanism has been investigated on CFS
moment-resisting (MR) connections comprising segmental-section (S-section) beams and circular bolting (CB)
arrangement. A 2.5 m long beam having 300 mm high section and 2, 4 and 6 mm thicknesses were used both in FE models
and test specimens. The FE results show that activation of bolt slip at 0.5Mp prior to local buckling in CFS beams provide
a highly stable hysteretic response reaching a very large rotation without strength degradation. The test results on the
developed CB connections led to the similar conclusions as those of the FE results, with the exception of the connection
with 2-mm beam thickness that underwent local buckling at 5% rotation after the initial slip. Overall, both the FE and test
results revealed that bolting-friction fusing mechanism can effectively eliminate or postpone local buckling in CFS beams
far beyond the limit of 0.02 storey drift angle required at the design earthquake-level. By increasing the bolts` pretension
forces the ductility and energy dissipation demands were shifted into the beam sections with the consequence of local
buckling and strength degradation in the hysteretic curves of the CB connections.
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SDI Steel Deck on Cold-Formed Steel Framing Design
Manual
Thomas Sputo, Ph.D., P.E., S.E. 1
Introduction
The First Edition of the SDI Steel Deck on Cold-Formed Steel Framing Design
Manual is the first design manual that specifically addresses the design of steel
deck on cold-formed framing. The design of the steel deck is similar to deck on
heavier rolled beams or open web steel joists, but it requires attention to some
different detailing and fastening methods. This Manual concentrates on these
differences.
The Manual Section contains and introduction to the topic, and sections specific
to roof deck, floor deck, and fasteners. The roof and floor deck sections include
diaphragm applications. The Manual contains tables for fasteners and
diaphragms, and also includes 7 design examples specific to deck on coldformed framing.
The Manual makes use of an on-line design tool, the SDI Diaphragm Interaction
Calculator, which develops diaphragm tables for the situation where the
diaphragm capacity is reduced by wind uplift.
This Manual conforms to the ANSI/SDI RD-2017 Standard for Steel Roof Deck,
the ANSI/SDI NC-2017 Standard for Non-Composite Steel Floor Deck,
ANSI/SDI C-2017 Standard for Composite Steel Floor Deck-Slabs, the AISI
S100-16 North American Specification for the Design of Cold-Formed Steel
Structural Members and the AISI S310-13 and -16 editions of the North
American Standard for the Design of Profiled Steel Diaphragm Panels.

Technical Director, Steel Deck Institute; and Consulting Structural Engineer,
Sputo and Lammert Engineering, LLC (tsputo50@gmail.com).
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Manual Format and Coverage
The SDI Steel Deck on Cold-Formed Steel Framing Design Manual is divided
into a Forward and eight sections as follows:
Section 1
Section 2
Section 3
Section 4
Section 5
Section 6
Section 7
Section 8

Introduction
Roof Deck
Floor Deck
Fasteners
Examples
Fastener Tables
Diaphragm Tables
References

This new Manual provides information on how the use of steel floor and roof
deck on cold-formed steel framing differ from when supported on open web
steel joists or rolled beams,.
1.
The Manual complies with the analysis and design methods contained
within the AISI S100 and S310 Standards, taking into account the more flexible
behavior of strew fasteners in cold-formed supports.
2.
The Manual contains seven design examples illustrating the design and
analysis of steel deck on cold-formed steel framing, both roof and floor deck,
and diaphragms.
3.
Examples also show the calculation of diaphragm strength and stiffness
using the AISI S310 provisions when supported by cold-formed steel framing.
4.
Examples include expanded discussion of the interaction of wind uplift
with diaphragm strength.
5.
Fasteners included in the Manual include generic screws in accordance
with the strength and flexibility provisions of AISI S100 and S310
6.
Diaphragm load tables are calculated using the generic AISI S310 weld
and screw provisions, and calculated using the previous 3rd Edition DDM
fastener equations and proprietary fasteners. The same resistance and safety
factors apply to both methods.
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Section 1 - Introduction
Section 1 introduces the general differences when designing deck to be
supported on cold-formed framing. The Manual supposes that the user is
already conversant with designing deck on open web steel joists and rolled
beams.
First, the user is introduced to the thinner supporting material, as shown in Table
1. Not all base steel thicknesses are available from all suppliers, and 27 mil
material is rarely used for floor and roof joists, while 118 mil material is rarely
used in trusses.
Thickness
Designation
(mils)
27

Minimum
Thickness
(inches)
0.0269

Design
Thickness
(inches)
0.0283

Reference Gage (Not
Used for Specifying)

33

0.0329

0.0346

20

43

0.0428

0.0451

18

54

0.0538

0.0566

16

68

0.0677

0.0713

14

97

0.0966

0.1017

12

118

0.1180

0.1242

10

22

Table 1. Structural Cold-Formed Framing Base Steel Thickness
Floor and roof framing can be constructed either of trusses or of individual
members. The design of the framing is beyond the scope of this manual, and the
user is referred to any of several publications that are listed in the General
References section of this Manual. However, it is important that the designer be
cognizant of the limitations that the shape of the supporting framing imposes on
the design of the steel deck.
Individual members used as floor joists or roof rafters are usually lipped
channels, as shown in Figure 1. There are industry standard cross sections that
are available from many manufacturers.
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Figure 1. Lipped Channel
The flange width is important to consider when designing the bearing and
attachment of the steel deck to the flange. Typical standard flange widths for
structural cross sections are 1-5/8 inch (S162), 2 inch (S200) and 2-1/2 inch
(S250). Also available, but not as commonly used in this application are 3 inch
(S300) and 3-1/2 inch (S350).
Cold-formed steel trusses are commonly used for both floor and roof
applications. Trusses are usually designed by the manufacturer as a specialty
engineered item. Trusses can use lipped channels for top chords (referred to as
C-Section Trusses), however there are proprietary sections used by some truss
manufacturers, as shown in Figure 2.

Figure 2. Proprietary Truss Chords (Courtesy of Aegis and Alpine
Trussteel)
The Chapter closes out by reminding users that specific responsibilities for
design are laid out in two Code of Standard Practice publications; the AISI
Code of Standard Practice for Cold-Formed Steel Structural Framing (AISI
S202) and the SDI Code of Standard Practice (SDI-COSP).
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Section 2 - Roof Deck
Any of the roof deck profiles shown in the SDI Roof Deck Design Manual
(RDDM) can be used on cold-formed steel roof trusses or rafters, with 1-1/2
inch Wide Rib (WR) deck (Figure 2.1) being the most common for spans of up
to 8 feet. Engineering information, including section properties and span tables,
can be found in the RDDM and in manufacturers literature.
This section provides an extensive development of sloped roof diaphragms,
including monoslope, gable, and hipped roofs, as shown in Figures 3 and 4.

Figure 3. Monoslope Diaphragm, Laterally Loaded
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Figure 4. Monoslope Diaphragm Transverse Collectors
Roof diaphragms that are loaded by wind must resist both in plane shear and
uplift. There are two loading conditions that must be considered:
A.

The roof deck is designed as the sheathing for the roof. For this case,
the wind uplift on the deck and fasteners is calculated using component
and cladding (C&C) wind pressures.

B.

The roof deck is designed as a diaphragm. For this case, the wind
uplift and in plane diaphragm shear are both calculated using main
wind force resisting system (MWFRS) wind pressures.

The application of combined wind uplift and diaphragm shear is covered in the
manual, along with the accompanying "Diaphragm Interaction Calculator."
Section 3 - Floor Deck
Any of the floor deck profiles shown in the SDI Floor Deck Design Manual
(FDDM) can be used on cold-formed steel floor trusses or joists. Engineering
information, including section properties and span tables, can be found in the
RDDM and in manufacturers literature. For closely spaced trusses or joists (48
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inches or less on center), form deck of 9/16 inch to 1 inch in depth can also be
used. For longer spans, deeper form deck or composite deck can be used.
Form deck is most often galvanized, and if galvanized, it is permitted to be
considered to be a permanent form that supports the weight of the concrete slab,
with the concrete slab designed to support the weight of the superimposed loads.
Alternately, it is allowed to use bare or painted deck as permitted by the
applicable SDI Specification (SDI C or SDI NC).
There are some design considerations that are common to both composite and
non-composite (form) deck used for floors. Refer to Figure 5.
A.
Available flat bearing width of the framing top flange may not permit
the use of butted deck ends once the required deck bearing length (minimum of
3/4 inch per AISI S100) is taken into account. Also, minimum fastener end
distance in the deck (1.5 times the screw diameter per AISI S100) may not be
able to be met (for instance, minimum end distance for a #12 framing screw
would be 0.324 inches or more than 5/16 inch). Deck panel underlength within
SDI Standards tolerance of 1/2 inch per deck sheet and tolerance for framing
placement and straightness needs to also be factored into this consideration.
B.
Minimum fastener spacing (3 times the screw diameter per AISI S100)
may control the number of fasteners per deck rib. For instance, the minimum
center to center spacing for a #12 support screw is 0.648 or over 5/8 inches.
This, combined with end distance limits, will most likely limit the number of
screws to two per deck rib for the most common framing flange widths.

Figure 5 Butted and Lapped Deck Ends
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Section 4 - Fasteners
Fasteners for attachment of steel deck to cold-formed steel framing are limited
to screws, as shown in Figures 6 and 7. The application of screws in this use is
similar to when attaching to heavier supporting steel, except that the additional
limit states of tilting in shear, and pullout in tension, which do not normally
control in heavier supporting steel, may govern design.

Figure 6. Support, Side-lap, and Edge Screws

Figure 7 Nested and Interlocking Side-lap Screw Connections
Welded connections for either support attachment is NOT RECOMMENDED
due to the difficulty in making acceptable welds between two or more layers of
sheet steel. Burn-through damage to truss chords and rafter and joists flanges
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often results and repairs to the supporting framing may not be possible. Any
welding related damage to the support framing is not the responsibility of the
framing supplier, deck supplier, or deck installer.
Welded side-laps are possible, but limitations on welding imposed by roof slope,
burn through, and the cost effectiveness of screwed side-laps make welded sidelaps undesirable.
Power-actuated fasteners are commonly used for steel roof deck attachment to
support framing of 1/8 inch and thicker. At the time of publication of this
Manual, no power actuated fasteners were available for connecting steel deck to
cold-formed steel support framing. For additional information on these
fasteners, refer to the SDI Roof Deck Design Manual and the literature of the
product manufacturers.
As an alternative to screws, side-lap connections can be formed by crimping the
upstanding edge of the deck, where provided. Crimps can only be made with
deck that is designed with the upstanding edge to receive them and not all deck
has upstanding edges that will accept crimps. Crimping can be categorized as
either generic “button punching” or one of several proprietary mechanically
formed connection systems.
Generic button punches serve only to align the deck side-laps but provide little
resistance to shear at the panel edge. Proprietary mechanically formed
connection systems are tested connections formed using specific tools for a
specific deck. These proprietary systems have defined shear strength and
stiffness values that are contained within research and acceptance reports.
Information on these proprietary systems can be obtained from specific
manufacturers.
Strict consideration also needs to be paid to the number of screws that are used
at a single rib at a support. Minimum spacing per AISI S100 is 3 times the
screw diameter, or approximately 5/8" for a No. 12 screw. That practically
limits the number of screws per rib to 2 in most practical cases. At deck ends or
butt joints, the minimum end distance is 1.5 times the screw diameter, which
also limits the number of screws to 2 in a rib.
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Section 5 - Examples
Section 5 consists of seven design examples which illustrate the differences
between installing steel deck on cold-formed steel framing versus heavier steel
supporting framing.
Example 1
Example 2
Example 3
Example 4
Example 5
Example 6
Example 7

Available Diaphragm Shear Strength in the Absence
of Uplift Where the Support is Cold-Formed Steel
Framing
Stiffness of the Configuration in Example 1
Available Diaphragm Shear Strength With Wind
Uplift Where the Support is Cold-Formed Steel
Framing
Roof Deck (ASD)
Floor Deck (ASD)
Gable Roof with Open Ridge
Loads on Diaphragm - Gable Roof Loaded on
Endwall

Example 3 is a rigorous development of the interaction of shear and uplift in a
wind loaded roof. This example will prove useful to designers in understanding
the interaction that develops in fasteners.
Section 6 - Fastener and Framing Tables
Section 6 contains tables which will assist the user in designing fasteners
Table 1
Table 2
Table 3
Table 4
Table 5
Table 6
Table 7
Table 8
Table 9

Screw Dimensional and Tensile Strength
Screw Nominal Pull-out Strength
Screw Nominal Pull-over Strength
Sidelap Screw Nominal Shear Strength
Support Screw Nominal Shear Strength
Support Screw Flexibility
Sidelap Screw Flexibility
Roof Deck Fastener Patterns
Spanning Zee Framing
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Figure 8 - Roof and Form Deck Fastener Patterns

Section 7 - Diaphragm Tables
Section 7 includes tables for both filled and bare deck diaphragms.
For concrete filled floor diaphragms, a simplified table which considers only the
contribution of the fill above the top of the deck ribs is included, and is shown as
Figure 9.
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Nominal Diaphragm Shear Strength, Sn, PLF
ASD (Ω = 3.25) LRFD (Φ=0.50)

Normalweight
Concrete
(145 pcf)

Concrete
Thickness
Above
Deck (inches)

Lightweight
Concrete
(115 pcf)

3000 psi

4000 psi

3000 psi

4000 psi

1.5

2943

3398

2078

2400

2

3923

4530

2771

3200

2.5

4904

5663

3464

4000

3

5885

6796

4157

4800

3.5

6866

7928

4850

5600

Notes:
1.

This table considers only the contribution of the concrete to the
diaphragm resistance.

2.

Per SDI-NC, the minimum thickness of a structural concrete
slab is 1-1/2 inches above the top of the non-composite steel
deck.

3.

Per SDI-C, the minimum thickness of a composite concrete
slab is 2 inches above the top of the composite steel deck.
Figure 9 - Concrete Filled Diaphragm Table

For bare deck roof diaphragms, tables which are similar to those in DDM04 are
provided for deck on cold-formed supporting framing. Each different
combination of deck thickness , support framing thickness, and support framing
ultimate strength is included. The tilting behavior of the support fastener screws
in different thickness of support framing creates many more tables than are
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found in DDM04, where fastener tilting is not a design limit state. An example
of a typical table is shown in Figure 10.

Figure 10 - Typical Roof Deck Diaphragm Table
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Section 8 - References
Section 8 contains references used in the Manual, along with general
recommended design references for cold-formed steel framing.
Diaphragm Interaction Calculator
To reduce the design effort involved with calculating the reduced diaphragm
capacity when wind uplift must be considered in the design, the SDI has
provided an on-line tool to assist designers. This "Diaphragm Interaction
Calculator" will calculate the ASD and LRFD diaphragm capacity for an input
uplift pressure, given deck profile, material strengths, and fastener pattern and
type. This calculator will provide answers for deck on both cold-formed
framing, and open web steel joists and rolled steel beams.
Conclusion
The new SDI Steel Deck on Cold-Formed Steel Framing Design Manual
represents a step forward for designers of buildings that incorporate steel deck
on cold-formed steel framing.
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The 2017 AISI Cold-Formed Steel Design Manual
Joshua Buckholt, S.E., P.E. 1 and Helen Chen, Ph.D., P.E. 2
Abstract
The 2017 edition of AISI D100, the Cold-Formed Steel Design Manual
(Manual) has been published. Updates to the Manual include: alignment with
AISI S100-16, the North-American Specification for the Design of Cold-Formed
Steel Structural Members (NA Specification); several new and varied design
examples; additional discussions related to the design of cold-formed steel
structures and components; and expanded bibliographies of relevant resources.
The database of examples illustrating the Direct Strength Method (DSM) and
new provisions in the NA Specification has been expanded. Also published with
the Manual are the North-American Specification and its Commentary.
Introduction
The American Iron and Steel Institute (AISI) has published the 2017 edition of
its Cold-Formed Steel Design Manual (Manual). The Manual was produced for
AISI under the direction of the Education Committee of the AISI Standards
Council. The Manual includes worked example problems, tabulated and
graphical design aids, and supplemental information relevant to the design of
cold-formed steel. In addition, the 2016 edition of the North American
Specification for the Design of Cold-Formed Steel Structural Members (NA
Specification) and the Commentary to the NA Specification are published as part
of the Manual.
The 2017 edition of the Manual is based on the 2016 North American
Specification for the Design of Cold-Formed Steel Structural Members (AISI,
2016), a joint publication of the American Iron and Steel Institute (AISI), the
Canadian Standards Association (CSA), and Camara Nacional de la Industria
del Hierro y del Acero (CANACERO). The 2016 NA Specification covers Load
and Resistance Factor Design (LRFD) and Allowable Strength Design (ASD)
Associate, Computerized Structural Design, S.C., Milwaukee, WI
Manager, Construction Standards Development, American Iron and Steel Institute,
Washington, D.C.
1
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for use in the United States and Mexico, and Limit States Design (LSD) for use
in Canada, with equal emphasis. Provisions specific to Canada, Mexico, and the
United States are included as appendices for cases where joint provisions were
not possible. Provisions are provided in dimensionless terms where possible or
in U.S. customary units and metric units where that is not possible.
To keep the Manual to a reasonable size and to appeal to a majority of potential
users, all example problems and other calculated values are presented in U.S.
customary units using provisions specific to the United States. Manuals with
Canadian or Mexican country-specific provisions or metric units are not
available currently.
All previous tables and charts have been updated according to the provisions of
the 2016 NA Specification. In addition, all references have been updated to align
with the reorganization of the NA Specification that occurred in 2016. A total of
seventy-seven illustrative examples are included in this edition of the Manual.
All example problems from the 2013 edition of the Manual were reviewed and
updated to improve presentation of the material and to illustrate new and revised
NA Specification provisions. Fourteen new example problems were added to
illustrate new and revised NA Specification provisions and to expand upon the
collection of examples illustrating the Direct Strength Method (DSM). Most of
these new DSM examples were adapted from the AISI Direct Strength Method
(DSM) Design Guide (AISI, 2006) and incorporated into the Manual. All pages
containing examples illustrating the DSM are now identified at the edge of the
page.
Similar to the previous edition of the Manual, all AISI test standards are
removed from the Manual because they are available free to download from the
AISI website (www.steel.org).
Part I – Dimensions and Properties
The table of referenced ASTM steels has been updated to reflect recent changes
in steels approved for cold-forming. Information regarding steel deck products
has been updated to reflect the latest requirements published by the Steel Deck
Institute (SDI).
The cross-sections provided in Part I include: “representative cross-sections,”
such as purlins or girts, for illustration purposes; and stock cross-sections, that
are named joists, studs, or track. Standard joist, stud, and track sections are
identified using the product designator given in AISI S201 (AISI, 2012).
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Like the previous edition of the Manual, formulas for calculating gross-section
properties used for compression or flexure, and the properties for distortional
buckling analysis, have been provided for common C-, Z- and Hat-Sections.
Expanded discussions have been added describing how both the Effective Width
Method (EWM) and DSM can be used to account for local buckling and how
DSM can be used to account for distortional buckling in members that are fullybraced against global buckling. The effective section property examples have
been updated to reflect changes in Appendix 1 of the 2016 NA Specification.
Part I contains three new examples:
1.

Application of the DSM to a fully braced C-Section with lips (Example I8B)
This example is adapted from the Direct Strength Method Design Guide and
illustrates how the DSM can be applied to a C-Section with lips that is
fully-braced against global buckling to determine its flexural strength,
compression strength, and moment of inertia at service load levels. The
example considers both local and distortional buckling.

2.

Application of the DSM to a fully braced C-Section without lips (Example
I-9B)
This example is adapted from the Direct Strength Method Design Guide and
illustrates how the DSM can be applied to a C-Section without lips that is
fully-braced against global buckling to determine its flexural strength.

3.

Inelastic reserve capacity using both the Element-Based Method and the
DSM for a C-Section with lips (Example I-15)
This example illustrates two valid methods for calculating the inelastic
reserve capacity for a C-Section with lips subject to bending about its major
axis: The Element-Based Method and the DSM.

Part II – Beam Design
The introductory sections have been updated to reflect the reorganized NA
Specification and to include revised discussions on cold-formed flexural
member behavior and limit states, including yielding, global buckling, local
buckling, and distortional buckling, to assist in an overall understanding of coldformed steel beam design. In this Manual, the strength tables for joist/stud and
track sections include only the thicknesses readily available for each steel grade.
Table values based on Grade 50 or Grade 55 material are differentiated with
bold-faced type and shading.
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Six new example problems have been added:
1.

Application of the DSM to a C-Section with lips subject to yielding, global
buckling, local buckling, and distortional buckling (Example II-1B)
This example is adapted from the Direct Strength Method Design Guide and
illustrates how the DSM can be applied to a C-Section with lips that is
potentially subject to yielding, global buckling, local buckling, and
distortional buckling.

2.

Flexural purlin strength by direct modeling of cross-section and system
connectivity (Example II-1C)
This example applies the new provisions of NA Specification Section I6.1.2
to a four-span continuous purlin system with a through-fastened roof deck.
The example applies the DSM and considers the effects of span continuity
and deck stiffness on the elastic local, distortional, and global buckling of
the system. The example utilizes analytical approaches and research report
data to estimate the stiffness provided by the deck. The example further
illustrates the effect of torsion on the purlin through direct modeling and
performs an interaction check according to the provisions of the NA
Specification.

3.

Application of the DSM to a Z-Section with lips subject to yielding, global
buckling, local buckling, and distortional buckling (Example II-2B)
This example is adapted from the Direct Strength Method Design Guide and
illustrates how the DSM can be applied to a Z-Section with lips that is
potentially subject to yielding, global buckling, local buckling, and
distortional buckling.

4.

Application of the DSM to a C-Section without lips subject to yielding,
global buckling, and local buckling (Example II-4B)
This example is adapted from the Direct Strength Method Design Guide and
illustrates how the DSM can be applied to a C-Section without lips that is
potentially subject to yielding, global buckling, and local buckling.

5.

Application of the DSM to a hat section fully braced against global
buckling but subject to yielding and local buckling (Example II-7B)
This example is adapted from the Direct Strength Method Design Guide and
illustrates how the DSM can be applied to a fully-braced hat section that is
subject to yielding and local buckling.
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6.

Application of the DSM to a wall panel section that is fully braced against
global buckling but subject to yielding, local buckling, and distortional
buckling (Example II-16)
This example is adapted from the Direct Strength Method Design Guide and
illustrates how the DSM can be applied to a wall panel section that is fully
braced against global buckling but subject to yielding, local buckling, and
distortional buckling. The wall panel is evaluated for both positive and
negative moments and considers the effect of the panel edges tied to
adjacent panels.

Part III – Column Design
Discussions of cold-formed compression member behavior and limit states
located in the introductory sections have been updated. Methods for system
stability outlined in the 2016 edition of the NA Specification have also been
incorporated into each of the examples as applicable. In addition, five example
problems have been added or revised:
1.

Application of the Direct Strength Method to a C-Section with lips subject
to bending and compression that is subject to yielding, flexural buckling,
local buckling, and distortional buckling (Example III-1B)
This example is adapted from the Direct Strength Method Design Guide and
illustrates how the DSM can be applied to a C-Section that is subject to
yielding, flexural buckling, local buckling, and distortional buckling. The
section is subject to both compression and flexure and therefore the secondorder moment amplification is accounted for through an amplified firstorder analysis as required by the NA Specification.

2.

Application of the DSM to an unbraced equal leg angle with lips subject to
eccentric compression considering yielding, global buckling, and local
buckling (Example III-5B)
This example is adapted from the Direct Strength Method Design Guide and
illustrates how the DSM can be applied to an unbraced equal leg angle with
lips that is subject to yielding, global buckling, and local buckling. The
section is subject to compression, the minimum eccentricity outlined in the
NA Specification, and second-order moment magnification.

3.

Application of the DSM to a stiffened Z-Section with one flange throughfastened to deck or sheathing and subject to compression (Example III-7B)
This example is adapted from the Direct Strength Method Design Guide and
illustrates how the DSM can be applied to a stiffened Z-Section with one
flange through-fastened to deck or sheathing and subject to compression
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forces. Global buckling is considered utilizing NA Specification Section
I6.2.3 with local buckling accounted for using a finite strip analysis and the
DSM.
4.

Compressive purlin strength by direct modeling of cross-section and system
connectivity (Example III-7C)
This example applies the new provisions of NA Specification Section I6.1.1
to a stiffened Z-Section with one flange attached to through-fastened roof
deck and subject to compression. The example considers the effects of deck
stiffness on the elastic local, distortional, and global buckling of the system.
The example applies analytical approaches and research report data to
estimate the stiffness provided by the deck and its effect on the strength of
the purlin.

5.

Unbraced frame design methods (Example III-12)
The unbraced frame design example has been revamped to illustrate the
reorganized stability provisions in the 2016 edition of the NA Specification.
A leaning column has also been added to illustrate how the stability
provisions can be applied to structural components that do not contribute to
overall stability of the frame. The example illustrates both the Direct
Analysis Method and the Effective Length Method of frame stability and
illustrates how second-order effects can be considered using either a
rigorous second-order elastic analysis or an amplified first-order elastic
analysis. Application of notional loads, modifications to cross section
stiffness, and calculation of available strengths are also illustrated and
compared for each of the methods.

Part IV – Connection Design
The introductory discussions of design limit states were updated for welded,
bolted, screwed, and power-actuated fastened connections. The design examples
have been revised to reflect technical and editorial changes in the 2016 NA
Specification. Additionally, descriptions of two Cold-Formed Steel Engineers
Institute (CFSEI) technical notes relevant to the design of connections have been
added.
Part V – Supplemental Information
There is once again a cross reference table showing where each illustrated
provision of the NA Specification can be found in the example problems.
In addition, Section 4, “Suggested Cold-Formed Steel Structural Framing,
Engineering, Fabrication, and Erection Procedures for Quality Construction,”
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has been updated to reflect the 2015 edition of the AISI Code of Standard
Practice for Cold-Formed Steel Structural Framing (AISI, 2015).
A new section, “Design for Ponding,” contains general guidance on how the
ponding provisions of the NA Specification can be applied to cold-formed steel
purlins and other considerations that may be applicable. Ponding loads for a
sample, simple span purlin are derived and then illustrated in an example. The
example also illustrates an iterative solution that can be employed using
structural analysis software.
A second new section, “Design for System Stability,” outlines the methods
contained in the NA Specification with respect to evaluating system stability.
Each method is described and then summarized in tables to assist users of the
NA Specification.
A third new section contains a comprehensive bibliography of AISI Standards,
AISI Design Guides, and CFSEI Technical Notes to present in one concise
location many resources available to users of the NA Specification.
Part VI – Test Procedures
Similar to the previous edition of the Manual, AISI test standards are no longer
reprinted in the Manual; however, they are published by AISI online free to
download (www.aisistandards.org). The Bibliography of test procedures and
test-related example have been updated.
Part VII: 2016 Edition of the North American Specification for the Design of
Cold-Formed Steel Structural Members
In this edition of the Cold-Formed Steel Design Manual, the NA Specification is
included as an integral part of the Manual. The changes and additions in the
2016 edition of the NA Specification as compared to the 2012 edition are
provided in Appendix 1 of this paper. The Manual provides direct references to
the NA Specification section and equation numbers in the examples and
descriptions.
Part VIII: 2016 Edition of the Commentary on the North American
Specification for the Design of Cold-Formed Steel Structural Members
The Commentary on the NA Specification is also included in the Manual, which
provides background information and reasoning for the provisions provided in
the NA Specification.
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Availability
The 2017 edition of the Cold-Formed Steel Design Manual can be obtained
from the AISI e-store at: http://www.steel.org.
Conclusion
The 2017 AISI Cold-Formed Steel Design Manual represents a refinement and
updating of the previous edition. Significant additions to examples have been
made in this edition. The changes will make the Manual both more convenient
and useful to the range of users it serves.
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Appendix 1, Selected Major Technical Changes in AISI S100-16 Affecting
the Manual
Although the Manual was updated to align with all updated provisions of the NA
Specification, selected major technical changes made in the 2016 edition of the
NA Specification compared to the previous edition are summarized below.
Additional information is available in the preface to the 2016 edition of the NA
Specification.
Dimensional Limits and Considerations
• The dimensional limits of applicability for cold-formed steel cross sections
are now compiled into one table for both the Effective Width Method
(EWM) and the Direct Strength Method (DSM).
Design for System Stability
• General requirements for system stability are provided.
• Two methods (the Direct Analysis Method and the Effective Length
Method) deemed to satisfy the general system stability requirements and
their respective limits of applicability are provided.
• Two methods of accounting for second-order effects (a rigorous secondorder analysis and an amplified first-order analysis) and their respective
limits of applicability are outlined.
Combined Axial Load and Bending
• In previous versions of the NA Specification, a second-order multiplier was
directly incorporated into the combined axial load and bending interaction
equation.
• In this edition, the second-order multiplier is no longer present in the
interaction equation but instead is accounted for by following the provisions
of Section C1 “Design for System Stability” and determining the required
strength through a rigorous second-order analysis or an amplified first-order
analysis.
General Cross-Sections and System Connectivity
• Section I6.1 is added that provides another path to determine the strength of
metal roof and wall systems that include cold-formed steel structural
members.
• These provisions allow the effects of “lateral, rotational, and composite
stiffness provided by the deck or sheathing, bridging and bracing, and span
continuity” to be considered when determining the elastic buckling forces
for global, local, or distortional buckling.
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Bolted Connections
• Revisions to bolt strengths in Appendix A have been updated for
consistency with ANSI/AISC 360.
Cold-Work of Forming
• The 2016 edition of the NA Specification requires that in order for a strength
increase from cold work of forming to be considered that there be no
strength reduction from local or distortional buckling and that Pn = Pne, Pnd
= Py, Mn = My, and Mnd = My.
Effects of Holes on Distortional Buckling
• The 2016 edition of the NA Specification requires that the effect of holes be
considered when determining the elastic forces for distortional buckling.
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Cold-Formed Steel Design Standards
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Abstract
Growth in cold-formed steel structures has long been tied to developing and
advancing the engineering standards that govern their use in construction. The
American Iron and Steel Institute (AISI) has taken a leadership role in this
activity in North America since 1946. Conventional standards providing closedformed solutions to member capacity, such as the recently completed suite of
AISI Standards in 2015 and 2016. These standards have reached an impressive
level of maturity given the complexity of designing entire (building) structural
systems out of steel that is rarely greater than 2mm thick. However, the demands
on the structural engineer designing cold-formed steel have evolved. System
performance, resilience, and sustainability all present new challenges, while
changing processes in construction and the integration of simulation tools in
design alter engineering workflows and open up new opportunities. Cold-formed
steel standards need to evolve to meet these demands and leverage new
workflows. The Strategic Planning Committee of the AISI Standards Council
facilitated a process that defined areas of focus (vision statements) for the AISI
specification writing committees and then facilitated a process to generate
prioritized issues for the subcommittees to address. Taken together the lists
provide a snapshot of the needed work to evolve cold-formed steel standards,
and in turn enable next-generation cold-formed steel structural systems. This
paper provides a description of the strategic planning process and its significant
outcomes, which will guide the efforts of AISI standards development over the
next code development cycle and beyond.
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Introduction
The American Iron and Steel Institute (AISI) has long had a role in cold-formed
steel (CFS) standards development, beginning with the sponsorship of research
at Cornell University under Professor George Winter and the publication of the
first AISI Specification in 1946. The work was initiated because of difficulties
faced in the acceptance and the development of CFS construction. Due to its
unique thin-walled response there were no provisions for CFS in the U.S.
building codes prior to the 1946 AISI Specification (Yu et al., 1996).
Since those early beginnings, AISI has engaged a committed group of
professionals through the AISI Committee on Specifications (COS) to expand
the body of knowledge and enhance the CFS Specification. In 1999, AISI
became an ANSI-accredited standards developer which elevated the
Specification to be recognized as an American National Standard. In 2001, the
COS developed a unified North American Specification, working closely with
the steel institutes in Canada and Mexico which facilitated the Specification,
already referenced in the US model building codes, to be approved in Canada by
Canadian Standards Association and referenced in the National Building Code,
and endorsed in Mexico by CANACERO. In 2007, all the AISI standards were
given a numeric designation; e.g., the 2007 edition of the North American
Specification for the Design of Cold-Formed Steel Structural Members was
designated AISI S100-07. Today, AISI S100-16 (see Table 1) is the latest
incarnation of the CFS standard for structural members, and the research
underlying this standard is the basis for much of the standards used in Australia
and New Zealand and, increasingly, in Central and South America.
In 1997, the AISI Committee on Framing Standards (COFS) was established to
develop a family of design and installation standards to supplement the AISI
S100 Specification, eliminate regulatory barriers, and increase the reliability and
cost competitiveness of cold-formed steel framing in building construction. The
evolution of these standards has been summarized (Schafer et al. 2015). Today
the COFS suite of Standards, as summarized in Table 1, covers the design of
structural and non-structural CFS framing, including seismic design; the practice
of CFS framing; and supports one-and two-family dwelling CFS framing
applications with a prescriptive method. AISI has also expanded its scope in
recent years to more explicitly include profiled steel panels and supports a
related diaphragm design standard.
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Table 1. Latest Suite of AISI Standards: 2015/2016 Editions
Committee
Identifier
Title
North American Specification for the
COS
Design of Cold-Formed Steel Structural
AISI S100-16
Members
Code of Standard Practice for ColdCOFS
AISI S202-15
Formed Steel Structural Framing
North American Standard for ColdCOFS
AISI S220-15
Formed Steel Framing - Nonstructural
Members
Standard for Cold-Formed Steel Framing - COFS
AISI S230-15
Prescriptive Method for One- and TwoFamily Dwellings
North American Standard for ColdCOFS
AISI S240-15
Formed Steel Structural Framing
North American Standard for the Design
COS
AISI S310-16
of Profiled Diaphragm Panels
North American Standard for Seismic
COFS
AISI S400-15
Design of Cold-Formed Steel Structural
Systems
The stated mission of AISI Standards Development is to improve the
performance of cold-formed steel in structures through the development and use
of improved analysis methods and design specifications. Over the course of
developing standards consistent barriers hindering this mission have been
identified. There has been a lack of unified industry purpose due to the coldformed steel industry being characterized by distinct trade associations focused
on particular cold-formed steel products and each participating in the process for
their own specific reasons. This presents challenges with respect to coordination
when associations’ agendas are not aligned and to motivation when there are
gaps between associations’ scopes. There has also been a lack of research
funding, which thwarts the primary goal to facilitate competitive designs and
comprehensive design methodologies for cold-formed steel. In addition,
inadequate technology transfer hinders awareness, adoption and widespread use
of the state-of-the-art design provisions for cold-formed steel.
Along with these industry-specific barriers CFS standards also must keep pace
with the evolution in performance for competing solutions; new technology in
manufacturing, construction, and engineering design; and changing and
broadening of societal demands for structural performance.
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Strategic Planning Process
The Strategic Planning Committee of the AISI Standards Council facilitated a
process that defined vision statements for the COS and COFS committees and
then turned these vision statements into operational strategies for the
subcommittees responsible for creating the next editions of the AISI Standards.
The COS established as its focus for the 2017-2022 development cycle to
leverage analysis to advance cold-formed steel structural efficiency and in the
long-term, to enable performance-based design (PBD). The notion of leveraging
analysis and the phrase performance-based design are both complex and the
Strategic Planning Committee guided the process of their exploration by having
subcommittee Chairs answer a series of strategic questions to seed the
discussion:
•
•
•
•
•

What is a/are significant barrier(s) to the success of cold-formed steel
construction within the purview of your subcommittee?
How is (or what are the types of) simulation currently used within the
scope of your subcommittee?
What opportunities (if any) exist for leveraging simulation within the
scope of your subcommittee?
What does the phrase “performance-based design” imply to you?
Key questions about the strategic direction that our subcommittee needs
answered to make the best progress include:

Similarly, the COFS established as its focus for the 2017-2022 development
cycle to improve the ease of use of the AISI framing standards, support and
encourage full system design, and enable cold-formed steel framing growth in
midrise. A similar set of questions were addressed by its subcommittee chairs:
•
•
•
•
•

What is a/are significant barrier(s) to the success of cold-formed steel
framing within the purview of your subcommittee?
From your perspective what key item(s) might ease the use of the
framing standards within the purview of your subcommittee
How might issues outside the scope of the existing framing standards
such as acoustic, thermal/energy, as well as fire, blast etc. impact the
solutions provided in the areas related to your subcommittee?
Is simulation enabled as a solution to issues under the purview of your
subcommittee, if not, what are the barriers as you see them?
Key questions about the strategic direction that our subcommittee needs
answered to make the best progress include:

427

The subcommittee discussions related to these questions were detailed and
consumed an entire round of in-person meetings in the winter of 2017 for both
the COS and COFS. Detailed notes were taken and the result was an idea rich
series of observations and potential steps as well as barriers and identified needs
for greater knowledge.
Working over several months in the Spring of 2017 the Strategic Planning
Committee organized the discussions, eliminated redundancies, and provided a
realization for each observation coming from the subcommittees in the form of a
potential work item (Schafer et al., 2017). For many subcommittees 30-50
possible items were not uncommon. A strategy was developed for ranking the
possible items as summarized in Table 2, and as follows:
• Impact. Define as H, M or L (high, medium or low). The key
metric is impact on tonnage, which is influenced by such factors as
improvement in cost competitiveness, improvement in reliability,
elimination of regulatory barrier, fostering of innovation and new
product development and/or applications, increase in number of
users/specifiers, etc.
• Level of Effort. Define as 1, 2, 3 or 4 (low-to-high), as follows:
o 1 = easy / volunteer effort sufficient
o 2 = moderately easy / needs modest funds for
research/contractor
o 3 = moderately hard / needs significant stakeholder
engagement/funding
o 4 = hard / needs significant external involvement/funding
• Priority. Define as green, yellow, orange or red, as follows:
o Green (H1 and M1) = delegate to subcommittees
o Yellow (H2 to M3) = take to stakeholders (for buy-in and
resources) with subcommittees monitoring
o Orange (H4 and M4) = take to Cold-Formed Steel Research
Consortium (CFSRC) and/or others with Standards Council
monitoring
o Red (L1 to L4) = do nothing

Impact
H
M
L

Table 2
Scheme for Prioritizing Key Issues
Level of Effort
1
2
3
Green
Yellow
Yellow
Green
Yellow
Yellow
Red
Red
Red

4
Orange
Orange
Red
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At the summer 2017 COS and COFS meetings the subcommittees reviewed and
amended the compiled lists, and finalized the impact and level of effort priorities
to all the items. The following was noted:
• H1 or M1 items should have an action plan (task group, etc.).
• H2 or M2 items should have a champion(s) to draft a statement of
work.
• H3 or H4 items should have a champion (s), which could be the
chair or any member, to draft a statement of work and additional
background as needed.
• For all other items, the prioritization provided by the subcommittee
should be utilized to determine a resource allocation plan, with
work items potentially to follow.
Following the summer 2017 COS and COFS meetings, subcommittee chairs
identified the “top 5” items for their subcommittees to work on, and the
Strategic Planning Committee then met to organize the output of the process for
use at the winter 2018 meetings. These final lists are discussed in more detail
below. At the winter 2018 meetings, subcommittees established an action item
for each of their “top 5” items. These items will then be moved to the agenda for
the summer 2018 meetings with champions and task groups assigned, as needed.
With this process the Strategic Planning Committee hopes that the rather
ephemeral vision statements, drafted in response to a series of needs and longerterm objectives, can enable actionable steps forward to advance the standards.
Committee on Specifications and its Subcommittees
The COS established as its focus for 2017-2022 to leverage analysis to advance
cold-formed steel structural efficiency and in the long-term, to enable
performance-based design (PBD). An outcome of the efforts to update the
complete suite of AISI design standards in 2015 and 2016 was a realignment of
the documents and committee structure, which provides a robust foundation for
this effort (Schafer et al., 2015).
It was recognized that the key to leveraging analysis was defining system
performance; i.e., the combined performance of the entire structure (the whole
building) across all its desired functions (structural response under service and
extreme loads; non-structural response for acoustic, thermal, energy, and more).
Simulation was seen as a tool, often computational, that provides a means to
reliably predict performance for a desired attribute. Cold-formed steel framing is
a system, not just individual members (Figure 1). The final system is a building.
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The same can be said for metal building systems, and similar concepts can be
applied to other cold-formed steel systems; such as racks.

Figure 1: Cold-Formed Steel Framing
However, it was also recognized that the AISI standards provide limited system
benefits and in special cases only, such as box headers in cold-formed steel
framing where empirical formulas define the beneficial effects of the assembly
on nominal strengths within restricted ranges of parameters that were verified by
tests (Figure 2). Missing from the standards are methods to predict the full range
of strength and stiffness in order to truly define system behavior.

Figure 2: Box Header Assembly
The opportunity to be realized was illustrated in the recent CFS-NEES effort
(Schafer et al., 2014), which provided the necessary building blocks for
developing nonlinear time history models of buildings framed from cold-formed
steel. The experiments demonstrated the large difference between idealized
engineering models of the seismic lateral force resisting system and the superior
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performance of the full building system. The tested building was at least 18
times stiffer than what would have been predicted if only the shear walls were
considered (Figure 3). Significant work remains to bring the findings to design
practice, which is both ongoing and an area of future need.

Figure 3: CFS-NEES Building
The COS efforts start with structural system benefits because the focus and
expertise of the committee has traditionally been on structural and the potential
for improvements are large and clear. However, simulation efforts across other
performance aspects are expanding; i.e., financial, construction, energy,
acoustic, vibration, fire and more, which all create additional views of the
system. Optimization for multiple attributes is enabled by having all the
simulations and provides the potential to provide radically improved buildings.
The AISI Cold-Formed Steel Analysis Task Group has as its objectives to (1)
support development and maintenance of analysis-based provisions that enable
system reliability, enable performance-based design evaluation, and expand
engineering capabilities for optimizing and specifying CFS; and (2) enable CFS
use in current software. Serving both the COS and COFS, this task group
identified the following high priority items:
•
•
•

Enable second order elastic analysis
Parallel AISC 360 App. 1 provisions for design by advanced analysis
Establish industry “vocabulary” for analysis-based design

With responsibility for the provisions in Chapter J of AISI S100, the COS
Subcommittee on Connections and Joints (CF-3) first identified seven major
areas of interest (with typically 5-10 potential work items in each area):
• maintain and improve strength limit state predictions for connections,
• improve (strength) reliability application for connection/joint strength,
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encourage innovation in the application of fastening technology,
clear barriers to use of proprietary (i.e., non-standard) solutions,
improve and expand suite of AISI test standards and guidance,
encourage and expand use of simulation of CFS connections/joints, and
expand connection predictions to full range (pre, peak, and post-peak)
for evaluating performance of systems.
After ranking and discussion a small subset of work items were then selected:
• Improve reliability application for connection/joint strength (M1/H3)
• Encourage innovation in fastening technology (M2/H3)
• Improve/expand suite of connection test standards/guidance (L1/M2)
• Update, validate and confirm screw fastener predictions (M1/2)
• Develop SAE bolt design provisions (M3)
• Improve transverse fillet weld predictions (M2)
• Investigate block shear vs. tear-out and new provisions (M1)
• Transfer research findings of load bearing clip angle project into
applicable design provisions (M1)
•
•
•
•
•

With responsibility for the provisions in Chapter I of AISI S100, the COS
Subcommittee on Assemblies and Systems (CF-4) first identified nine major
areas of interest (with typically 5-10 potential work items in each area):
• improve strength design method for built-up/composite members,
• determine whether/how to achieve “convergence” on how various CFS
systems are handled,
• coordinate with CFS stakeholders and their standards; serve as liaison
and clearinghouse for the systems referenced in Chapter I,
• catalog and monitor CFS assemblies and systems under CF-4
consideration,
• organize and goal set for metal building wall and roof systems,
• develop CFS system provisions (guidance) that leverage/support
structural simulation of CFS systems or assemblies and reduce testing,
• encourage and develop supporting provisions for (non-structural)
simulation of CFS assemblies,
• develop and propagate a consistent methodology for incorporating
system reliability, and
• serve as performance-based design conduit.
After ranking and discussion a small subset of work items were then selected:
• Develop general strength method for all-steel built-up members (H2)
• Develop general strength method for composite concrete members (H4)
• Coordinate with CFS stakeholders and their standards; serve as liaison
and clearinghouse for the systems that it supports/references (H1)
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•
•
•

Monitor the structural impact of non-structural simulation - fire,
acoustic, thermal, etc. (M1)
Develop/propagate method for incorporating system reliability (H4)
Serve as incubator for performance-based design for CFS systems (M4)

With responsibility for the provisions in Chapter K of AISI S100, the COS
Subcommittee on Test Based Design (CF-6) first identified five major areas of
interest (with typically 5-10 potential work items in each area):
• evolve and improve AISI test standards,
• identify ways to ease and speed up product evaluation and approval,
• support simulation as alternative path for limit states design,
• support and develop assembly-based testing/simulation methods, and
• support test or simulation of non-structural performance objectives;
e.g., fire, acoustic, thermal
After ranking and discussion a small subset of work items were then selected:
• Develop “prototype” performance-based test standard (H1)
• Review limit states considered in design and catalog the corresponding
test-based paths (H1)
• Consider alternative methods for “packaging” test standards (H1)
• Identify ways to ease and speed up product evaluation/approval (H1)
• Review/adopt best test practices from other industries’ standards (H1)
With responsibility for the provisions in Chapters C and H of AISI S100, the
COS Subcommittee on Stability and Combined Actions (CF-22) first identified
three major areas of interest (with typically 5-10 potential work items in each
area):
• develop improved system stability (geometric nonlinear) analysis
methods,
• improve/expand bracing provisions, and
• improve/expand design of members under combined actions.
After ranking and discussion a small subset of work items were then selected:
• Implement brace force/stiffness accumulation provisions (H2)
• Partner with stakeholders for practical/effective bracing solutions (M2)
• Clarify torsional stability and torsional bracing (M3)
• Implement new DSM beam-column design provisions (H1)
• Improve efficiency for assessing combined actions (H2/3)
• Monitor and leverage system stability analysis methods of AISC (H1)
• Coordinate with rack standard advances (M1)
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With responsibility for provisions throughout AISI S100, the COS
Subcommittee on Member Design (CF-24) first identified four major areas of
interest (with typically 5-10 potential work items in each area):
• maintain and improve strength limit state predictions for members,
• improve (strength) reliability application for member strength,
• encourage innovation in the application of materials and manufacturing
technology, and
• develop CFS member provisions (guidance) that leverage/support
simulation of CFS systems.
After ranking and discussion a small subset of work items were then selected:
• Maintain/support elastic buckling analysis (H/M1)
• Provide clarity in member design objectives; define consequence of
existing strength limit states (H/M1)
• Foster deeper engagement w/current stakeholders’ innovation (H/M1)
• Explore use of higher strength grades and complex sections (H/M1)
• Update reliability standards based on available knowledge (H/M1)
• Define member response under elevated temperature gradients (H/M1)
• Establish bending provisions for non-symmetric sections (H/M2)
• Resolve EWM vs. DSM differences (deck) and long-term path (H/M2)
• Develop and validate a design method for torsion (H3/4)
With responsibility for provisions in Chapters A, B, L and M of AISI S100, the
COS Subcommittee on General Provisions (CF-31) first identified five major
areas of interest (with typically 5-10 potential work items in each area):
• maintain and improve existing provisions,
• support introduction of system analysis and system reliability,
• enable AISI S100 to provide multiple performance objectives,
• improve and expand provisions that support innovation in steel material
choice, and
• revisit 95% thickness rule.
After ranking and discussion a small subset of work items were then selected:
• Ponding provisions (M2)
• Advanced High-Strength Steel (AHSS) performance (H3)
• Provisions for the evaluation of existing structures (M1-M2)
• Fatigue provisions for newer steels (M1)
• Streamline safety and resistance factors (H2/3)
• Material variability and M-factors (M1/2)
• Re-evaluate grade 80 Fy knockdown methodology (M3)
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With responsibility for provisions in AISI S310, the COS Subcommittee on
Diaphragm Design (CF-33) first identified five major areas of interest (with
typically 5-10 potential work items in each area):
• maintain and improve the existing standard,
• insure/enable the use of S310 in all appropriate system standards,
• support and develop the use of S310 for seismic design,
• develop a long term path for S310 standard, and
• streamline adoption of proprietary fasteners for use in steel deck in
building designs.
After ranking and discussion a small subset of work items were then selected:
• Implement new provisions for deck with concrete (H2)
• Enable the use of AISI S310 in all applicable standards (H1)
• Develop a long term path for AISI S310 (H1/3)
• Review and improve definition of "diaphragm" (M1)
• Develop AISI S310 (or other standard) for seismic design (H4)
• Develop design requirements for diaphragms supported by wood (M1)
• Implement system reliability methods for deck diaphragms (H3)
• Rational analysis provisions (M1)
• Continue to revise and improve editorial choices (M1)
Committee on Framing Standards and its Subcommittees
The COFS established as its focus for 2017-2022 to improve the ease of use of
the AISI framing standards, support and encourage full system design, and
enable cold-formed steel framing growth in midrise.
Compared to other materials, cold-formed steel design has traditionally been
more complex because of its unique characteristics (e.g., slenderness of cross
sections, range of material grades and ductility, and the great variety of
combinations of cross sections and end-use applications); and the desire of
manufacturers of high volume products to maximize performance. This is
further exasperated by the general lack of education on cold-formed steel design
compared with more traditional materials.
While still establishing its goals and work plans for the 2016-2022 cycle, the
COFS Simplification Task Group is considering ways to best integrate the
provisions of AISI S100 into the various AISI framing standards, simplify the
required analytical methods, improve efficiencies and incorporate system effects
in the most concise, clear manner.
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Cold-formed steel framing has attributes that make it quite suitable for low- and
mid-rise and even a viable framing alternative in the construction of high-rise
buildings. The results of a 2016 engineering feasibility study from the Steel
Framing Industry Association (SFIA) suggests that the structural integrity of
cold-formed steel theoretically could enable architects and designers to create
CFS-framed buildings as high as 40 stories or more. The feasibility analysis was
conducted by Pat Ford, P.E., principal of the engineering firm Matsen Ford
Design, headquartered in Milwaukee, with guidance from the SFIA Technical
Committee. The results of the study have been presented to industry leadership,
including members of the COFS. The project has been named Matsen Tower
(Figure 4) in honor of Ford’s late business partner, John P. Matsen, P.E. who
also was a leader in the industry’s technical community and to whom the first
edition of AISI S240 is dedicated.

Figure 4: Matsen Tower
However, cold-formed steel framing growth in midrise is not fully enabled due
to limitations in design codes and standards. A study by Cold-Formed Steel
Research Consortium (CFSRC) assessed current cold-formed steel framing
standards for mid-rise applications through a unified archetype building frame
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work, which shed light on the potentials and limitations of the current practice
(Torabian et al., 2016). The study concluded that incorporating system effects in
the analysis and design of mid-rise buildings in addition to high capacity shear
walls that need high capacity chord studs, hold-downs, and anchors is needed to
bring the efficiency of complete cold-formed steel construction to mid-rise
construction.
Additionally, building codes are increasingly imposing requirements for nonstructural attributes, such as energy efficiency and acoustic performance.
Compliance of cold-formed steel systems with fire, sound and thermal
requirements is typically demonstrated through testing, but such testing is costly
and time consuming. Development of analysis-based methods for such
performance aspects is also desirable and achievable. It was determined that
AISI standards should include analysis-based methods for such nonstructural
performance aspects as energy efficiency and acoustic performance. For similar
reasons, AISI standards should include analysis-based methods for such
structural performance aspects as fire.
With responsibility for provisions in AISI S220 and AISI S240, the COFS
Framing Design Subcommittee first identified four major areas of interest (with
typically 5-10 potential work items in each area):
• complexity,
• structural framing design,
• connection details, and
• building system design.
After ranking and discussion a small subset of work items were then selected:
• Bracing / sheathing and resolution on accumulated forces (H2/3)
• Reliability for repetitive member systems (H2)
• Bearing on concrete (H3)
• Composite C-shape joists (H2)
• Thermal / fire / acoustical breaks vs. structural connections (H2/3)
• AISI S100-16 review for COFS use (H2)
• Trusses in mid-rise (e.g. transfer girders) (H1)
• Enabling ledger framing in mid-rise (H2)
• Greater than 24 in. framing spacing (H1)
• Realizing clip angle research (H1)
• Clarity in connection design objectives (H1)
• Floor serviceability (H1/2)
• Mixed construction (H1/2)
• Nonstructural system design issues (H/M1)
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With responsibility for provisions in AISI S240 and AISI S400, the COFS
Lateral Design Subcommittee first identified four major areas of interest (with
typically 5-10 potential work items in each area):
• Improving S400 implementation across standards (codes and standards
related efforts),
• more robust (higher strength and ductility) and cost effective LFRSs,
• building system lateral design, and
• education.
After ranking and discussion a small subset of work items were then selected:
• Supplement CFS NHERI with companion diaphragm project (H4)
• Continue development of mid-ply shear wall system (H3)
• Monitor AISC Direct Analysis Method and Seismic Design project
(H3)
• Expected strength factor WE for different SFRS systems (H2)
• Coupled shear walls (useful Type II approach) (M2)
• ASCE 41 and the seismic retrofit opportunity (H1/M3)
• Corrugated shear walls (e.g., mini-storage) (H1)
With responsibility for AISI S202, as well as provisions in AISI S220 and AISI
S240 for general requirements and quality, the COFS Standard Practices
Subcommittee first identified two major areas of interest (with typically 5-10
potential work items in each area):
• AISI S202 - Code of Standard Practice, and
• AISI framing standards.
After ranking and discussion a small subset of work items were then selected:
• Coordination of cladding and finish systems in AISI S202 (H1/3)
• Design responsibilities for 3D digital models in AISI S202 (M2)
• Recognize CFS manufacturer certification programs in AISI S202 (H1)
• Coordination with metal buildings in AISI S202 (L2/3)
• Integrate steel deck into CFS-framed structures in AISI S240 (M3)
• Imperfection and residual stresses to be used in advanced analysis (M3)
• Design responsibilities for modular construction in AISI S202 (H3)
• QC/QA for panelized and modular construction in AISI S240 (H2/3)
• Feedback on use of QC/QA provisions in AISI S240 Chapter D (M1)
• Eliminate 24” o.c. repetitive framing limit in AISI S240 (M3)
With responsibility for AISI S230, the COFS Prescriptive Methods
Subcommittee identified the following high priority items:
• Update AISI S230-15 to ASCE 7-16 (H2)
• Eliminate building size limits and expand wall bracing options (H1/2)
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•
•
•

Add PAF and expansion anchor tables and charts (H1)
Update AISI S230 Commentary (H2)
Add Flow charts (H2)

Education Committee
The Education Committee established as its focus for 2017-2022 to monitor
industry education efforts and ensure that adequate educational products are
available to support each AISI standard, and where needs are not met, advocate
for additional resources to support industry education efforts.
With responsibility for AISI design guides and manuals, the Education
Committee identified the following high priority items:
•
•
•
•
•

Determine education plan for each AISI standard (H1)
Develop new AISI design guides; i.e., one for each standard (H2/M3)
Consider new packaging options for AISI standards (M1)
Educate users on new numbering scheme for AISI standards (H1)
Address items from the technical committees/subcommittees (H1/M3)

The AISI Education Subcommittee and its steel industry partners work closely
with the Wei-Wen Yu Center for Cold-Formed Steel Structures (CCFSS).
Established in 1990 and named for its founder, the CCFSS strives to encourage
and promote the use of cold-formed steel construction through technical service,
engineering education, research, and professional activity. Its digital library
serves as an industry resource and its bi-annual Specialty Conference and 3-day
Short Course are highly regarded industry assets. Its director, Dr. Roger A.
LaBoube, assists in answering “hot line” questions on a daily basis and in
providing numerous educational seminars and webinars year round.
Additionally, the AISI Education Subcommittee and its steel industry partners
support and encourage the efforts of the Cold-Formed Steel Engineers
Association (CFSEI). The CFSEI is made up of hundreds of structural engineers
and other design professionals with the goal of finding a better way to produce
safe and efficient designs for commercial and residential structures with coldformed steel. The CFSEI series of Technical Notes continues to grow and covers
many of the design challenges encountered, helping to bridge the gap between
the building codes, the standards, and design. The bi-monthly CFSEI webinars
and annual CFSEI Expo are excellent educational events, with the Expo also
affording significant networking opportunities.
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Resourcing the Plan(s)
Research and development is the fuel of the codes and standards development
engine. Our goal is not merely to do research, but to do research that is driven by
market needs and our marketing objectives. We rely on industry from the steel
industry, but we continue to pursue funding from external sources.
The AISI facilitates the Steel Industry Code Forum to improve communication
and provide a forum for collaboration among key industry partner associations
on codes, standards and other technical issues. There are currently 19
associations active in the Forum (Figure 5). Relationships developed and
strengthened through the Forum allow the associations to work effectively
towards common objectives at code hearings and other critical venues, but also
provide a mechanism for collaboration towards resourcing projects of strategic
importance to the industry.

Figure 5: AISI Steel Industry Code Forum
However, the steel industry recognizes that the pursuit of high-risk,
transformative research initiatives that have the potential to significantly
advance the ability of steel structures to meet society’s evolving needs requires a
more advanced approach. Steel construction research and development must
maximally leverage outside opportunities to provide necessary resources. In
response, AISI aided in the formation of and now works closely with the ColdFormed Steel Research Consortium (CFSRC). A Charter for the CFSRC was
established at the Johns Hopkins University in May 2013 based on the principles
defined by its mission, vision, and core values. The CFSRC has a growing list of
the academic institutions engaged, which affords significant potential, which the
steel industry is just beginning to exercise; i.e., sharing facilities, staff and
students across institutions and pursuing in a more systematic way the kinds of
moneys needed for game changing research.
Conclusions
Cold-formed steel enjoys wide use in a variety of structures. The family of
engineering specifications produced by the American Iron and Steel Institute
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(AISI), through the hard work of its staff and volunteers, provide critical
guidance and information for the design of these unique thin-walled members.
The evolution of these standards from considering members to considering
systems, and the changing landscape in construction, analysis, and design place
unique demands on the members working to update and evolve cold-formed
steel engineering specifications. Detailed herein are the results of a
comprehensive strategic planning exercise to develop a vision and actionable
plan for the committees and subcommittees that produce AISI engineering
specifications. Around the themes of leveraging analysis, performance-based
design, system design, and ease of use each subcommittee developed a list of
major areas of interest. These interest areas, in the broadest sense, represent an
up to date summary of the research needs for cold-formed steel. In addition,
each committee prioritized an action plan – providing a window into the
activities that will directly lead to the next editions of the AISI specifications.
There is a popular adage often attributed to Benjamin Franklin, the father of
time management, "Failing to plan is planning to fail." The Strategic Planning
Committee of the AISI Standards Council has facilitated a process that will
guide the efforts of AISI standards development over the next cycle and beyond.
Coupled with the expertise and energy of the members and staff of the
committees, there is good reason to expect that AISI will continue to enable the
improved performance and design of cold-formed steel in structures through
2022 and beyond.
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The impact of bearing conditions on the behavior of coldformed steel stud assemblies
Abbas Joorabchian1, Zhanjie Li2, Kara D. Peterman3

Abstract
The objective of this study is to explore the structural response of cold-formed
steel stud assemblies (i.e., stud and track) with partial bearing conditions. It is
hypothesized that studs bearing under partial bearing conditions (i.e., not fully
bearing on a concrete slab) may result in reduced axial capacities. Currently, the
behavior of these systems on concrete slabs due to member instabilities is not
well-understood, and cold-formed steel design specifications provide no
guidance. This study provides an integral experimental and numerical
investigation of the stability response of the studs under partial bearing conditions
in order to quantify the reduction of their axial capacities. A variety of partial
bearing conditions are considered in this study by parametrically varying edge
(i.e., where the steel stud assembly is close to the concrete slab edge) and
overhang (i.e., steel stud assembly is outside the edge) distances. The non-uniform
bearing stress underneath the stud caused by concrete cracking, crushing, or a
combination thereof is measured to relate with the reduction of the axial capacity
of the stud. The results of this study will be used to develop design guidelines for
stud wall assembly under non-uniform bearing conditions.
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1. Introduction
Light framed construction is utilizing cold-formed steel (CFS) members widely
for both structural (load bearing) and nonstructural members. CFS studs which
generally form the walls of such buildings are commonly capped in horizontal
tracks at the top and bottom (Figure 1)[1,2]. The walls are typically placed on the
concrete slab floors, at some distance from the slab edge (or indeed overhanging
from the slab). This is especially true for exterior walls and result in a non-uniform
bearing condition for the studs leading to a non-uniform stress distribution on the
stud end. Studs bearing under these situations will have reduced axial capacity,
and current practice does not currently recognize a difference in axial capacity or
behavior due to partial end supports; AISI standards AISI S100-16 and S240-15
do not provide guidance on the calculation of this reduced axial capacity [3,4].

Track
Stud

Figure 1: Stud-track assemblies
A wealth of data exists on the performance of axially-compressed studs and stud
assemblies, but in previous work, the concrete slabs are assumed to provide rigid
uniform support resulting in a uniform stress distribution on the stud end [1,2],
[5–11]. These works further do not capture the spalling or crushing of the concrete
slab, which only intensifies the non-uniform condition at the stud end and may
ultimately reduce contact.
Bae, et at [12] investigated the axial strength of CFS walls on concrete slabs. The
research program was experimental in nature, and primarily examined the effect
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of wall stud configurations on the performance of the system. Single stud
columns, single stud walls, back-to-back stud columns, and back-to-back stud
walls were tested on an 89mm concrete slab intended to simulate typical
residential floor systems. Specimens were cut to 51 mm in height to force failure
into the slab, rather than buckling of the stud. FEM was conducted to determine
the stress distribution in the concrete slab, through the track section. The work
demonstrated that edge distance did impact system bearing strength, and results
were used to develop a method of determining the bearing area for the stud-track
assembly on concrete slabs, which accurately predicted experimental results. It
also demonstrated the inadequacy and inapplicability of the bearing provisions in
ACI 318-05 (Building Code Requirements for Reinforced Concrete) for CFS wall
systems. While this study expanded the state of knowledge for how stud
assemblies interact with concrete foundations, it was limited in scope to one stud
size and one stud height which in turn restricted failure modes to the slab and did
not permit local buckling of the stud. Research from the University of Manitoba
[13] also supports a reduction in stud axial capacity due to stud distance from slab
edge. The experimental program undertaken by the authors included stud
assemblies located 8” from the stud edge, and assemblies located at the stud edge.
The studs were sized such that they were permitted to buckle locally, unlike in the
Bae et al [12] work. Assemblies located at 8” from the slab edge developed their
local buckling capacity while those installed on the edge were hindered by
concrete spalling and cracking – their axial compressive strength decreased by 1525%, due to the reduction in bearing area, and loss of a uniform stress distribution.
The work examined one stud-track assembly and did not consider intermediate
edge distances. Neither of these studies explore a range of studs and track
assemblies.
The aim of this research project is to quantify the impact of the concrete slab as a
flexible or semi-rigid support and the edge distance on the axial capacity of studtrack assemblies. This paper starts with describing the statement of the work and
then an explanation about the computational finite element model. Results and a
brief description of experimental test follow.
3. Statement of work
This paper is a part of a comprehensive research project the aim of which is to
characterize experimentally and computationally the effect of stud bearing on
Concrete, examining overhang distance, edge distance, and various assembly
configurations. Table 1 demonstrates which specimen configuration are to be
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included in the experimental test matrix. All configurations will be modeled in
ABAQUS [14], to validate the experimental results. It should be noted that the
Phase 1 is not included in Table 1 and it is for the rigid bearing condition.
Table 1: Experimental and computational test matrix
Stud

Phase 2: Full Bearing Condition

600S162-33 Full bearing (edge distance>6 '')

600S162-54 Full bearing (edge distance>6 '')

600S162-97 Full bearing (edge distance>6 '')

Stud
600S300-33

600S300-97

Phase 3: Edge Condition
at slab edge
1'' from slab edge
0.5'' from slab edge
0.125'' from slab edge
at slab edge
1'' from slab edge
0.5'' from slab edge
0.125'' from slab edge
at slab edge
1'' from slab edge
0.5'' from slab edge
0.125'' from slab edge

Phase 4: Effect of Overhange
0.5'' overhang
1'' overhang

0.5'' overhang
1'' overhang

0.5'' overhang
1'' overhang

Phase 5: Effect of Flange Width
at slab edge
1'' from slab edge
0.5'' from slab edge
at slab edge
1'' from slab edge
0.5'' from slab edge

This paper focusses on the finite element model and the computational result of
stud 600S162-54 in rigid bearing, full bearing, 1 inch (25.4 mm) from slab edge,
and at slab edge.
4. Geometry and finite element model
The system consists of two 600S162-54 CFS members of 12 inches (30.48 mm)
which are spaced 12 inches (30.48 mm) and two 24 inches (60.96 mm) 600T12554 tracks. For the conditions including reinforced concrete slab, a slab of 34x22x6
inches (86.36x55.88x15.24 cm) is considered. In order to reinforce the concrete
slabs, two layers of 6x6 W4 welded mesh are utilized.
For this project, the finite element modeling is done in ABAQUS [14]. For the
stud-track assembly a total of 9166 S46 shell elements and for the reinforced
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concrete a total of 1380 C3D8R hexahedral solid and 2480 T3D2 truss elements
are used. The stud to track fasteners and track to concrete fasteners are simulated
by linear multi-point constraint. The interaction between stud and track flanges
are simulated as a surface to surface contact and penalty friction coefficient equal
to 0.2 is considered. For the steel to concrete interaction, the friction coefficient
is considered 0.5. The contact between track and stud webs are simulated by tie
constraint. The meshes are embedded into the concrete slab and they are
constrained to the slab by embedded region constraint.
For simulating the boundary conditions, for the model with rigid support (no
concrete slab), the web of the bottom track is constrained in three transitional
degrees of freedom. In addition, the web of the top track is constrained in two inplane transitional degree of freedom. For the models with slab, instead of the
bottom track, the bottom of the concrete slab is constrained. In Figure 2, the finite
element model for 1 inch (24 mm) edge condition is illustrated.
24 in.

12 in.

6 in.

22 in.

34 in.

Figure 2: Finite element model of stud-track assembly placed on top of a
concrete slab with 1 inch edge distance; the studs are 600S162-54 and the tracks
are 600T125-54
5. Computational analysis of one of the configurations and its results
This section includes nonlinear static analysis of perfect and imperfect models.
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5.1. Nonlinear static analysis of perfect models
In this section, nonlinear static analysis for the perfect model is performed in
ABAQUS to compare the strength and stiffness of stud-track assembly under
different conditions. A displace-control load is applied on the top track to simulate
the behavior of actuator in the experimental tests. The displacement rate is
considered 0.01 in/sec (0.254 mm/sec) and the maximum displacement is set 0.1
inch (2.54 mm). The deformed shapes of the model with rigid bearing support and
the model with one inch distance to the edge under the peak loads are shown in
the Figure 3. In Figure 4 load versus displacement curves of the perfect finite
element models are plotted.

(a)

(b)

Figure 3: 3D view of deformed stud-track assembly under the peak loads; (a)
rigid bearing condition, (b) 1 inch edge distance condition
As it can be seen in Figure 4, the model with rigid bearing support has the
maximum capacity and the reverse for the model located at the slab edge. Due to
the rigid support, the stress distribution is uniform at stud end while a non-uniform
support causes a non-uniform stress distribution which may decrease the capacity
of the system. In full bearing condition, because the stud-track assembly is
installed on the slab center, the slab can almost act as a rigid support and maintain
a uniform stress distribution. However, as shown in Figure 4 and Table 2,
decreasing edge distance can dramatically impact axial capacity and stiffness.
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At the slab edge
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5
0
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0.1

Figure 4: Load-displacement plots of perfect models

Table 2: Results summary of the perfect models
36.55

System

Peak load
(kips)

Rigid bearing

36.55

Difference in
Peak load
(%)
-

2632

Difference in
peak load
(%)
-

Full bearing

36.30

0.68

2306

0.68

1 in. to the edge

33.23

9.08

2278

9.08

At the edge

32.75

10.40

2204

10.40

Stiffness
(kips/in)

5.2. Nonlinear static analysis of imperfect models
CFS members are not perfect and they may have inherent imperfections from the
manufacturing, shipping, and construction process. The imperfection can affect
the behavior of a structure and this has been well-documented by other
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researchers. Therefore, the models sensitiveness to the imperfection is explored
in this section.
Eigenmodes of elastic buckling analysis are utilized to apply geometric
imperfections to the models and the imperfections are defined in mode shapes
forms for stud-track assembly. The amplitude of imperfection is considered onetenth of the stud thickness. Non-linear static analysis is performed for the
imperfect models and the force-displacement curves are plotted in Figure 5.
As Figure 5 and Table 3 demonstrate, the imperfection may affect the strength of
the stud-track assembly when there is a rigid bearing or full one. However, the
impact of imperfection on the systems located near the edge or at the edge is not
significant and they are not imperfection sensitive. Table 3 indicates when the
imperfection is defined, the peak loads of models are almost same though the
model with rigid bearing support still has the largest axial capacity. As the studtrack assembly get closer to the edge, the impact of imperfection is more
negligible. This change in behavior with the inclusion of imperfections may
reflect the progression of failure in the stud assembly-slab systems. In perfect
systems, load is distributed to the slab prior to instability, whereas in imperfect
systems, the studs buckle prior to this load distribution. While the rigid and full
bearing conditions have ~8% reduction in peak axial capacity with the
introduction of imperfections, the same reductions are less than 1% for the small
edge distance specimens. Thus, the impact of bearing at or near the slab edge is
lessened due to the progression of failure in imperfect models.
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Figure 5: Comparison between the behavior of perfect and imperfect models; (a)
rigid bearing condition, (b) full bearing condition, (c) 1 inch to the slab edge
condition, (d) at the slab edge condition

Table 3: Comparison between the peak load of perfect and imperfect assembly

System
Rigid bearing
Full bearing
1 in. to the edge
At the edge

Peak load in
perfect models
(kips)
36.55
36.30
33.23
32.75

Peak load in
imperfect models
(kips)
33.62
33.42
33.11
32.73

Difference
(%)
8.02
7.93
0.36
0.06
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6. Future work
The experimental testing provides numerous benefits in verification and
validation for the nonlinear finite element models and reliable strength predictions
for the developments of design provisions. A test rig and a 110 kips (490 KN)
actuator at University of Massachusetts, Amherst structural lab are utilized. The
load will be applied to short beam designed to distribute the load from the actuator
to the top track of stud assemblies. In order to provide a rigid support, a rigid Ibeam is designed to be placed underneath of stud-track assemblies. For non-rigid
bearing support conditions, the assemblies will bear directly on the 34x22x6
inches (86.36x55.88x15.24 cm) slabs. Powder-actuated fasteners will be utilized
to connect assemblies to slabs. Table 1 demonstrates which specimen
configurations are to be included in the experimental test matrix. A schematic
view of the experimental test is shown in Figure 6.

Designed beam for distributing the
load

Actuator

Test rig beams

Figure 6: The schematic view of experiment tests
This work is planned in the coming months and will validate results from
computational modeling. Furthermore, the modeling campaign will be expanded
to fully encapsulate the experimental test matrix. After the experimental results
are fully validated, parametric studies will be conducted with experimental
variables not able to be tested.
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Conclusion
The impact of non-uniform and partial bearing conditions are explored on axial
capacities of stud-bearing assemblies. According to the distance of the assembly
to the edge, non-uniform bearing support can play a more significant role. For the
perfect assembly consisting of two 600S162-54 capped in two horizontals
600T125-54, the full bearing condition almost does not affect the axial capacity;
however, when the assembly is located in 1 inch to the edge or at the concrete slab
edge, the axial capacity decreased 9.08% and 10.40% respectively. The
imperfection sensitiveness of assemblies is explored as well. The results
demonstrate that the imperfection does not affect the axial capacity of the
assemblies at the edge or 1 inch to the edge while it decreases the peak load of
models with rigid and non-uniform bearing support 8.02% and 7.93%
respectively. As a result, due to the impact of partial bearing conditions on the
capacity of stud-track assemblies, it is recommended their impact be considered
in CFS stud wall assemblies behavior.
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Transverse shear stiffness of bolted cold-formed steel storage rack upright frames
with channel bracing members
Nima Talebian1, Benoit P. Gilbert1, and Hassan Karampour1
Abstract:
Accurately evaluating the transverse shear stiffness of cold-formed steel storage rack upright frames is
crucial to calculate the frame elastic buckling load, perform earthquake design and serviceability checks.
This is especially essential for high-bay racks, which are subjected to large second-order effects, and
racks supporting the building enclosure, which are exposed to transverse wind loads. The shear behaviour
of these frames is poorly understood and experimental testing is usually required to measure their
stiffness. Previous studies have shown that Finite Element Analyses (FEA), solely using beam elements,
fail to reproduce experimental test results and may overestimate the transverse shear stiffness by a factor
up to 25. In this paper, a commercially used upright frame, with either bolted lip-to-lip or back-to-back
channel section bracing members, has been modelled using shell elements. The model is verified against
available experimental data and found to accurately predict the experimental shear stiffness with an
average error of 7%. Based on the verified FE model, the factors contributing to the frame shear
deformation are quantified. The different frame deformations imposed by the test set-ups in the European
(EN15512) and Australian (AS4084) standards are both considered. The effects of the bracing lay-out, the
bolt bending, local deformations of the uprights and bracing members at the connections on the
performance of the upright frames are quantified and discussed.
Keywords: Steel storage racks, Cold-formed steel, Upright frames, Shear stiffness, Finite Element
Analysis
Introduction
Steel storage rack systems, commonly assembled from cold-formed steel profiles, are extensively used in
industry to store goods. Goods are placed on pallets which are positioned on the racks using forklift
trucks. They act as freestanding structures and are designed as lightly as possible, while still capable of
carrying heavy loads (Gilbert et al., 2012). Their popularity lies in their ability to increase storage
capacity by both minimising the floor space and providing a number of different storage configurations
(Freitas et al., 2005). The most common type of rack is referred to as “selective” storage rack and
typically consists of uprights, pallet beams, bracing members and connectors, as illustrated in Fig. 1. In
the down-aisle direction, the stability of unbraced racks is solely ensured by the base plate-to-floor and
pallet beam-to-upright semi-rigid connections (Bajoria et al., 2010; Davies 1980; Godley and Beale,
2008; Gilbert and Rasmussen, 2011). In the cross-aisle direction, the stability is ensured by the upright
frames, each consisting of two uprights connected by bracing members, as shown in Fig. 1 and Fig. 2.
The bracing members are commonly cold-formed lipped channel-sections bolted to the upright flanges.
Welded connections are also encountered. Other forms of cold formed profiles, such as circular hollow
sections, are also used in practice.
Although, the configuration of steel storage rack structures is simple, as they are assembled from beams,
uprights and bracings, their analysis and design are complicated. Due to the nature of the cold-formed
steel elements, their performance is influenced, among others, by local deformations at the uprights and
bracing members at the connections (Sajja et al, 2008). The base plate-to-floor and beam-to-upright semirigid connections also influence the structural behaviour of the system (Baldassino and Bernuzzi 2000;
Prabha et al., 2010).
The transverse shear stiffness of the upright frames has a significant impact on the behaviour of the
overall structure in the cross-aisle direction. As rack structures are sensitive to second order effects,
1
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precisely determining the shear stiffness is of a great importance for serviceability checks, and to
calculate the elastic buckling loads and earthquake design forces. This is especially relevant for high-bay
racks that can reach heights greater than 20 metres and racks supporting the building enclosure which are
subjected to cross-aisle horizontal forces due to wind loading. The shear behaviour of the upright frames
is currently poorly understood and investigations are still needed to advance the knowledge.
Currently, different approaches are adopted by the three main international storage rack design
specifications AS408 (2012), EN15512 (2009) and RMI (2012) to determine the shear stiffness of coldformed steel storage rack upright frames. Timoshenko and Gere’s (1961) theory is used in the Rack
Manufacturers Institute specification (RMI 2012) in which the upright frame shear deformation is
assumed to purely arise from the axial deformation of the bracing members. In the European design
specification (EN15512 2009), experimental testing of the frame in the longitudinal direction is proposed
to determine the stiffness per unit length. The test set-up consists of an upright frame restrained from rigid
body rotation and with at least two bracing panels. One of the uprights is pinned at one end and a
longitudinal force F is applied at the opposite end of the other upright through its centroidal axis, as
depicted in Fig. 3. The longitudinal displacement of the upright, on which the force is applied, is recorded
and the slope kti of the linear part of the experimental load-displacement curve is calculated. The stiffness
kti is then used in conjunction with Timoshenko and Gere’s (1961) theory to estimate the upright frame
transverse shear stiffness Sti as,

Sti =

kti d 2
h

(1)

where d is the distance between the centroidal axes of the two uprights and h is the height of the frame.
The Australian Standard AS4084 (2012) proposes the use of the testing method suggested by the
European design specification EN15512 (2009) and an alternative approach in which the frame is loaded
in the transverse direction to evaluate the combined shear and bending stiffness, as shown in Fig. 4. In the
alternative approach, the frame is composed of a minimum number of two bracing panels. The bottom
ends of the uprights are pinned to a rigid frame and the top ends of the uprights are prevented from outof-plane displacements. A load F is applied to the frame at the elevation of the top horizontal bracing
member. Two displacement transducers are positioned at the elevations of the top (i.e. where the load F is
applied) and bottom horizontal bracing members. The combined bending and shear transverse stiffness
Scti is then calculated as,

Scti = kcti h

(2)

where kcti is the slope of the experimental load-displacement curve, with the displacement being
calculated as the difference between the two transducers, and h is height of the frame.

Fig. 1. Elements of a typical rack structure (Gilbert et al., 2012)
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Very limited studies have investigated the transverse shear stiffness of cold-formed steel storage rack
bolted upright frames. Rao et al. (2004), Sajja et al. (2008) and Sajja (2010) experimentally and
numerically investigated the shear stiffness of various upright frames. Developed models with beam
elements which included upright bending stiffness, the eccentricity of bracing members and the bending
of the bolt connecting the bracings to the upright, were not able to successfully reproduce the
experimental test results. The models overestimated the shear stiffness by a factor of 2 to 5. The
discrepancy was attributed to the “torsional distortion” of the uprights, not being considered in the model.
It was recommended that it is essential to consider the contact behaviour between various elements at the
connections to accurately determine the shear stiffness.
Gilbert et al. (2012) performed 36 tests of bolted upright frames following both the EN15512 (2009) and
alternative AS4084 (2012) test set-ups. The two methods were compared and the practical use of the
alternative method proposed by the AS4084 was demonstrated. The conclusions were based on three
upright section types and two different bracing cross-sections (CHS and channels), totalling six different
upright frame types. Finite Element models were also developed in Gilbert et al. (2012) using beam
elements. The analyses overestimated the upright frame shear stiffness by a factor of 9 to 25 for the test
set-up in the EN15512 (2009) and 3 to 16 for the alternative test set-up in the AS4084 (2012). This
difference was mainly attributed to the local deformation of the connections between bracing members
and uprights, not being considered in the model.

Fig. 2.Typical upright frame

Fig. 3. Upright frame shear stiffness test set-up EN15512 (2009)
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Far et al. (2017) numerically and experimentally investigated the shear behaviour of the upright frames.
Developed FE models of the upright frames using solid elements overestimated the shear stiffness by
30%. A simplified modelling approach was also proposed to account for the flexibility in bolted
connections. Roure et al. (2016) experimentally and analytically studied the behaviour of upright frames.
Tests were performed on the joints between uprights and braces as well as on the upright frames. A
simple practical design approach was proposed based on an adjusted cross-sectional area at both ends of
the bracing members to consider that the axial stiffness of the bracing members is affected by the local
distortions at the joints.
To understand all factors affecting the transverse shear behaviour of bolted cold-formed steel storage rack
upright frames, numerical models that are able to capture the deformations at the bolted connections are
required (Gilbert et al., 2012; Sajja et al., 2008; Sajja (2010). This paper develops and details an advanced
Finite Element (FE) model of a commercially used upright frame, with either bolted lip-to-lip or back-toback channel section bracing members to accurately predict the transverse shear stiffness of storage rack
upright frames. The accuracy of the model is verified against experimental tests performed on upright
frames in Gilbert et al. (2012) and tested following the two different set-ups. The various factors
influencing the shear stiffness of the rack upright frames with lip-to-lip and back-to-back channel bracing
members are then numerically identified, quantified and discussed. These results would provide rack
manufacturers the possibility to improve their design by targeting the factors influencing the most the
shear stiffness of the frames.

Fig. 4. Alternative test set up AS4084 (2012)
Experimental tests used to verify FE models
As mentioned in the Introduction, Gilbert et al. (2012) tested upright frames assembled from three upright
types (A, B and C) and with two bracing configurations: circular hollow sections in a X-pattern and lipto-lip Cannel sections in a Z-pattern to determine both the shear stiffness 𝑆𝑡𝑖 (Eq (1)) and the combined
transverse bending and shear stiffness, 𝑆𝑐𝑡𝑖 (Eq (2)). In total 17 tests were performed with channel bracing
members. The upright frames were tested following both the EN15512 (2009) and the alternative AS4084
(2012) test set-up procedures. Three repeat tests have been performed per upright frame configuration.
When Type A upright frame following the EN15512 (2009), only two tests were performed. In this paper,
only the configuration with the smallest upright type (Type A) with lip-to-lip channel-sections bracing
members in a Z-pattern as shown in Fig. 5, is used to validate the FE model. These upright frames were
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tested with bracing type C35x20x1.2. The main dimensions of the Type A upright is shown in Fig. 6 and
the cross-sectional properties of the upright and bracing member are presented in Table 1. End plates
were welded to the ends of the uprights to ensure easy connection and restrain warping. For the frames
tested following AS4084 (2012) displacements were recorded at each bracing elevation, from LVDT 4 at
the bottom bracing elevation to LVDT 1 at the top bracing elevation.
The test set-ups for the upright frame tested following the alternative method in the AS4084 (2012) is
shown in Fig. 7 (a). The frames were restrained from lateral out-of-plane displacements at six locations
along the height of the frame, as depicted in Fig. 7 (a). Fig. 7 (b) and (c) shows the vertical restraint and
their schematic view, respectively. Bottom Nylon pads sprayed with silicone were placed underneath the
uprights so as to allow the horizontal displacement of the frame. The top Nylon pads were pinned above
the centroid axis of the uprights. Specifically, the latter pads were loosely connected to steel square
hollow sections (SHS) using steel balls to both avoid out-of-plane movement and allow the uprights to
rotate. The supported steel SHS in Fig. 7 were bolted to the strong floor through threaded bars.

Fig. 5. Z-pattern bracing configuration with channel bracing members

Fig. 6. Main dimensions of the upright in mm
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Table 1 : Cross-sectional properties of the upright and bracing member
Gross
Imajor axis
Iminor axis
J
Iwarping
Member
area
(mm4)
(mm4)
(mm4)
(mm6)
2
(mm )
Upright
484.0
4.34 × 105 1.91 × 105
491.9
2.21 × 108
4
3
C35 × 20 × 1.2
100.0
1.83 × 10 4.60 × 10
47.5
1.79 × 106
Finite element modelling
A FE model built using the Finite Element software ABAQUS (2015) is detailed hereafter to capture both
the global and local deformations of the upright frame.
Due to the loose connection between the top Nylon pads and the uprights (Fig. 7), the influence of the top
pads on FE response can be physically ignored for the upright frames tested following the alternative
method in the AS4084 (2012) and the method in the EN15512 (2009). Only bottom Nylon pads were
consequently modelled in the FEA simulations and fixed to the ground. The interaction between the
uprights and bottom pads was modelled using a frictionless surface-to-surface contact. During tests,
upright frames rotate and displace towards the bottom Nylon pads and remain in contact with them.
Therefore, only modelling the bottom pads is enough to prevent out-of-plane displacements and this was
found to accurately represent the effect of vertical restraint on the frame response, as detailed in previous
section. Fig. 8 shows the details of the vertical restraints used in the FE models.
Reduced integration four node shell elements, S4R, were used to model the uprights, upright end plates
and bracing members at their wall center-line. Only largest perforations of the uprights were considered
in the FE model. Bolts and pinned supports were modelled using C3D10 solid elements. Based on
convergence studies performed on a single upright and bracing member, the size of the S4R elements was
found to be about 10 mm × 15 mm for the uprights and 10 mm × 10 mm for the bracing members to well
capture the frame deformation. In the vicinity of the bolted connections, 3 mm × 3 mm mesh size was
found to be fine enough to accurately capture the local deformations of the connections. The mesh size
was further refined locally around the bolt holes to account for the presence of stress concentrations (Kim
and Kuwamura, 2007). Five integration points through the thickness of the shell elements were
considered.
To replicate the actual behaviour at the bolted connections, the interaction between elements was
modelled using contacts elements. Especially, the contacts between (i) the bolts and the bolt holes, and
(ii) upright flange edges and bracing webs were modelled using the node-to-surface discretization
method, with small sliding and zero initial clearance. Consequently, the looseness in the connections was
ignored. The contacts between (i) the bracing members and upright flanges, and (ii) the bolt head/nut and
uprights were simulated using the surface-to-surface discretization method with finite sliding. Hard
contact with friction coefficient equal to 0.3 was considered as interaction behaviour for all contacts. The
bracing members were assumed to fit perfectly between the upright flanges, i.e. no gap was considered
between these elements.
The material non-linearity was modelled using the von Mises yield criteria and isotropic hardening. The
stress-strain curves were inputted into ABAQUS (2015) as multi-linear curves and derived from tensile
coupons cut from the uprights and bracing members. To account for the change of cross-sectional
dimensions of the coupons during testing, true engineering stress and strain were employed in the
numerical model.

Vertical restraint
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Vertical restraint

Vertical
restraint

Pinned Supports
(a)

(b)

(c)
Fig. 7. Test set-up performed for the upright frame following the alternative method in AS4084 (2012)
(a) overall view of the upright frame (b) vertical restraint during test (c) schematic view of the vertical
restraints
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Fig. 8. Vertical restraint used in FE model for the upright frames
Validation of the FE model and comparison with experimental results
To consider all deformations occurring in the frames, nonlinear geometry and material analyses were ran.
Yielding at the bolt holes were found to occur at an early stage of loading (particularly for the frames
tested following the alternative AS4084 test set-up) and this is captured by the FEA. As the paper focuses
on the initial shear stiffness of the frames, analyses were stopped when the applied load reached about
67% (AS4084 test set-up) and 60% (EN15512 test set-up) of the experimental failure load.
Tests following the AS4084 test set-up
Fig. 9 compares the load-deflection curves (deformation taken as the difference between the
displacements at the top and bottom bracing elevations - Fig. 4) between FEA and experimental test
results for the upright frame. Table 2 gives the stiffness kcti (Eq. (2)) calculated from both the FEA and
experimental results. The stiffness are calculated by performing a linear regression on the load-deflection
curves, i.e. between 1 kN and 3 kN. Fig. 9 and Table 2 show a reasonable agreement between the FEA
and experimental tests. The difference in stiffness is 6%. Fig. 10 compares the displacements recorded by
all LVDTs (i.e. at all bracing elevations) with FEA results for the 1st test performed on the upright frame.
The FEA is able to well predict the overall frame displacement.
Fig. 11 compares the FE deformation of the frame to available experimental photos of the tested upright
frame. The developed FE model predicts well the overall deformed shape. Note, to magnify the
deformation of the frame, Fig. 11 is shown at a FE displacement greater than the one shown in Fig. 9.
Tests following the EN15512 test set-up
Fig. 12 compares the load-deflection curves, at the load application point of the EN15512 test set-up,
between the FEA and experimental test results for the upright frame. Table 2 gives the stiffness kti (Eq.
(1)) calculated for both the FEA and experimental results. In Table 2, the stiffness were determined by
performing a linear regression on the load-deflection curves between 5 kN and 12 kN for the upright
frame. Fig. 12 and Table 2 show a good agreement between the FEA and experimental tests. The
predicted to experiment ratio is 1.07.
Fig. 13 presents the deformed shape of the FEA and experimentally tested upright frame and shows that
the developed FE model predicts well the overall deformed shape. Note, to magnify the deformation of
the frame, Fig. 13 was shown at a FE displacement greater than the one shown in Fig. 12.
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Fig. 9. FEA and experimental load-deflection curves for AS4084 (2012) test set-up

Fig. 10. FEA and experimental load-deflection curves for all LVDTs and AS4084 (2012) test set up
Contribution of factors affecting the transverse shear stiffness
The verified FE model is used herein to determine the contribution of factors affecting the shear stiffness
of the Type A upright frames. The following factors are investigated (a) bolt bending deformation, (b)
local deformation at the bracing member bolt holes, (c) local deformation at the upright bolt holes (d)
cross-sectional deformation of the end of the bracing members, (e) cross-sectional deformation of the
uprights in the vicinity of the bolted connection, (f) axial elongation of bracing members and (g) upright
overall bending and shear deformation.
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Table 2: Transverse shear stiffness for FEA and experimental tests
AS4084 (2012) kCti
EN215512 (2009) kti
FEA (kN/mm)

0.084

1.22

0.089

1.14

FEA/Exp

0.94

1.07

Difference (%)

6

7

Experiment (kN/mm)

(a)
(b)
Fig. 11. Deformed shapes following the AS4084 (2012) test set-up (a) FEA (with deformed scale factor
of 1.0 and at a displacement of 70 mm) and (b) experimental observations

Fig. 12. FEA and experimental load-deflection curves for EN15512 (2009) test set-up
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(a)
(b)
Fig. 13. Deformed shapes following the EN15512 (2009) test set-up (a) FEA (with deformed scale factor
of 1.0 and at a displacement of 14 mm) and (b) experimental observation
Specifically, the contribution of the previous factors were determined by performing the following
changes to the FE model:
(a) Bolt bending deformation: the bending stiffness of the bolts was increased by multiplying their
Young’s modulus E by 100 (Yu and Schafer, 2007), effectively creating rigid bodies.
(b) Local deformation at bolt hole of bracing members: a 2 mm wide circular strip around the upright
holes was modelled with a high Young’s modulus (multiplied by 100). This strip width was found to be
efficient in preventing ovalization of the holes.
(c) Local deformation at bolt hole of uprights: Similar to (b), a 2 mm wide circular strip around the holes
was modelled with a high Young’s modulus (multiplied by 100).
(d) Cross-sectional deformation of bracing members: to prevent the cross-sectional deformation of the
bracing members at the bolted connections (as in Figs 19 (d) and 24 (b)), the ends of the bracing members
were made rigid, by increasing their Young’s modulus by a factor of 100, on a length of 70 mm.
(e) Bracing axial deformation: the Young’s modulus of the entire bracing members was increased by 100
to prevent their axial shortening and elongation.
(f) Cross-sectional deformation of uprights: to prevent the cross-sectional deformation of the uprights at
the connections, the Young’s modulus of the uprights on a length of +/- 75 mm about the bolted
connection, was multiplied by 100.
(g) Upright shear and bending deformation: similar to (e) the Young’s modulus of the entire upright was
multiplied by 100, so the uprights act as rigid bodies.
The contribution of the deformations of bracing members and uprights to the overall shear stiffness of the
upright frames is treated separately in this paper. The combinations of factors analysed are presented in
Table 3. Note that while the influence of the upright and bracing member deformations are treated
separately, preventing the bracing members to deform would have an influence on the local deformation
of the uprights. The same applies to the local behaviour of the bracing members when preventing the
uprights to deform.
Similarly to the model presented earlier, nonlinear geometry and material analyses are performed with the
same material properties. The influence of each analysed factor on the overall shear stiffness is quantified
as:
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=

S modified
S initial

(3)

where Sinitial and Smodified are the initial numerical (reported in Table 2) and modified (i.e. with increased E
for selected parts of the frame) shear stiffness of the upright frames, respectively, calculated from Eqs (1)
and (2) for the EN15512 and AS4084 test set-ups, respectively.
The modelled upright frame tested in Gilbert et al. (2012) with lip-to-lip channel bracing members is used
as a case study in the paper. In addition, to further analyse the behaviour of the frames, the previous
analyses were re-run with back-to-back channel bracing members. The contribution of the
aforementioned factors is analysed for these frames for both the AS4084 and EN15512 test set-ups.
Contribution of factors affecting the transverse shear stiffness of lip-to-lip upright frames
Contribution of factors according to AS4084 test set-up
Table 3 shows the contribution of the analysed factors on the shear stiffness of Type A upright frame
following the AS4084 test set-up and lip-to-lip bracing configuration. The effect of the bolt bending on
the frame shear stiffness is about 2%. This results from the load mainly being transferred in shear in the
bolt from the web of the bracing members to the uprights (Sajja et al., 2008; Far et al., 2017).
From Table 3, the effect of the local deformation at the bracing holes contributes about 14% to the shear
stiffness. This is observed in the FEA by plastification occurring at the bracing holes earlier for the
upright frame. The cross-sectional deformation at the ends of the bracing members is found to
significantly contribute to the shear stiffness of the frame, with the stiffness being increased by more than
50%. This is attributed to the upright type being a compact cross-section, therefore not prone to crosssectional deformation. The axial stiffness of the bracing members was found to contribute more to the
overall stiffness of the upright frame (about 12%).
Regarding the deformation of the uprights, the local deformation at the holes and the cross-sectional
deformation at the connections contribute to the shear stiffness of the frame about 1% and 6%
respectively. Having rigid uprights increases the shear stiffness by 57% for the upright frame.
Table 3: Contribution of factors on shear stiffness for each structural component- lip-to-lip upright frame
Contribution (Ω)
Structural
component
Factors
AS4084 test set-up
EN15512 test set-up
Bolts
(a) Bolt bending
1.02
1.02
(b) Local deformation at the bolt
1.14
1.23
holes
(b) + (d) Local deformation at the
Bracing members
1.64 (+ 0.50)
1.75 (+ 0.52)
end of braces
(b) + (d) + (e) Axial deformation
1.76 (+ 0.12)
1.91 (+ 0.16)
of braces
(c) Local deformation at the bolt
1.01
1.02
Uprights
holes
(c) + (f) Local deformation at the
1.07 (+ 0.06)
1.31 (+ 0.29)
connections
(c) + (f) + (g) Upright bending
1.64 (+ 0.57)
1.85 (+ 0.54)
stiffness
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Contribution of factors according to EN15512 test set-up
In general, when tested using the EN15512 test set-up, the analysed factors contribute to the overall shear
stiffness of the frames following a similar trend than when tested following the AS4084 test set-up. For
the upright frame, the local deformation of the upright affects more the overall shear stiffness when tested
following the EN15512 test set-up (about 29%) than when tested following the AS4084 test set-ups
(about 6%). The differences are attributed to the different loading directions between the two test set-ups,
resulting in different deformations of the frames.
Contribution of factors affecting the transverse shear stiffness of back-to-back upright frames
Contribution of factors according to AS4084 test set-up
Back-to-back bracing configurations typically show higher shear stiffness than lip-to-lip bracing
configurations (Sajja et al., 2008; Rao et al., 2004; Far et al., 2017). Table 4 shows the contribution of the
analysed factors on the shear stiffness of the back-to-back upright frames following the AS4084 test setup. The effect of bolt bending on the shear stiffness is significant, about 14%, due to the back-to-back
bracing pattern, now, resulting in high bending moments in the bolts.
Similar to the lip-to-lip configurations, the effect of the local deformation at the bracing holes and crosssectional deformation at the ends of the bracing members contribute to the frame shear stiffness about
12% and 30% respectively. Unlike the lip-to-lip upright frames, the axial stiffness of the bracing members
is found to significantly contribute to the overall stiffness of the frame (141%), for the upright frame.
Regarding the deformation of the uprights and similar to lip-to-lip upright frames, effect of the local
deformation at the holes and cross-sectional deformation at the connections contribute to the shear
stiffness, about 1% and 14% respectively. Upright bending stiffness contributes the most to the shear
stiffness about 55%. Compared to lip-to-lip upright frame, back-to-back frame show less local
deformations of the uprights at the bolted connections.
Contribution of factors according to EN15512 test set-up
Similar to lip-to-lip upright frame, when tested using the EN15512 test set-up, the contribution of the
analysed factors to the overall shear stiffness of the frames presents a similar trend as when tested
following the AS4084 test set-up. When compared to the AS4084 test set-up, the local deformation at the
bolt holes of the bracing members is insignificant and about 3%. The axial deformation of bracing
members contributes more to the shear stiffness, about 227%, when tested following EN15512 set-up.
The differences above are attributed to different deformations of the frames due to different loading
directions between the two test set-ups.
Future work
The proposed FE model will be further verified against the remaining types of upright frames
investigated in Gilbert et al. (2012). The models will then be used to quantify the contribution of all
factors influencing the transverse shear stiffness of all tested cold-formed steel storage rack upright
frames with bolted connections. The FEA will be further used to quantify the factors affecting shear
stiffness of bolted upright frames with circular hollow section (CHS) bracing members.
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Table 4: Contribution of factors on shear stiffness for each structural component – back-to-back upright
frames
Contribution (Ω)
Structural
component
Factors
AS4084 test set-up
EN15512 test set-up
Bolts

Bracing members

Uprights

(a) Bolt bending
(b) Local deformation at the bolt
holes
(b) + ( d) Local deformation at the
end of braces
(b) + (d) + (e) Axial deformation
of braces
(c) Local deformation at the bolt
holes
(c) + (f) Local deformation at the
connections
(c) + (f) + (g) Upright bending
stiffness

1.14

1.19

1.12

1.03

1.42 (+0.30)

1.53 (+0.50)

2.81 (+1.41)

3.80 (+2.27)

1.01

1.02

1.15 (+0.14)

1.20 (+0.18)

1.70 (+0.55)

1.64 (+0.44)

Conclusion
In this paper, an advanced shell Finite Element model of bolted cold-formed steel storage rack upright
frames, with channel-bracing members, was developed for both lip-to-lip and back-to-back bracing
configurations. The nonlinear interaction (contact) behaviour between components at the bolted
connections was modelled to capture the local deformation at these locations. Results show that the FE
model is able to accurately capture the shear stiffness of the frames when compared to published
experimental tests, with an average 7% difference. The model was then used to quantify the contribution
of factors influencing the transverse shear stiffness of two configurations of upright frames, including the
deformation of the bolts, bracing members and uprights. Analyses were ran by deforming the frame
following the testing methods in the AS4084 and EN15512 specifications. Results showed that
plastification at the bolt holes starts at an early stage of loading and particularly for the frames tested
following the alternative AS4084 test set-up. For lip-to-lip upright frames, (i) effect of bolt bending on
the shear stiffness is insignificant and is less than 2%, (ii) effect of the local deformation at the end of the
bracing members is significant, about 51% on average for both the AS4084 and EN15512 test set-ups,
and (iii) the upright bending stiffness contributes the most to the overall shear stiffness of the frames,
about 56% on average for both the AS4084 and EN15512 test set-ups. For back-to-back upright frames,
(i) bolt bending significantly influences the shear stiffness, 17% on average for the two test set-ups, (ii)
unlike the lip-to-lip frames, axial deformation of bracings significantly influence the frame shear stiffness,
about 184% on average for both the AS4084 and EN15512 test set-ups, and (iii) effect of upright bending
stiffness on shear stiffness is significant, about 50% on average for both the AS4084 and EN15512 test
set-ups.
References
Abaqus. "Abaqus ver. 6.14, user manual." Providence, U.S.A.: ABAQUS, Inc; 2015.
AS4084. "Steel storage racking." Sydney, Australia: Standards Australia; 2012.
Bajoria, K. M., Sangle, K. K., and Talicotti, R. S. "Modal analysis of cold-formed pallet rack structures
with semi-rigid connections." Journal of Constructional Steel Research, 2010; 66(3): 428-441.

469

Davies, M. J. "Stability of unbraced pallet racks." 5th International Speciality Conference on ColdFormed Steel Structures, St. Louis, Missouri, U.S.A.; 1980. p. 409–28.
EN 15512. Steel static storage systems – adjustable pallet racking systems – principles for structural
design. Brussels, Belgium: European Committee for Standardization (CEN); 2009.
Far, H., Saleh A., Firouzianhaji A. "A simplified method to determine shear stiffness of thin walled cold
formed steel storage rack frames. " Journal of Constructional Steel Research, 2017; 138: 799-805.
Freitas, A. M. S., Freitas, M. S. d. R., and Souza, F. T. d. "Analysis of steel storage rack columns."
Journal of Constructional Steel Research, 2005; 61(8): 1135-1146.
Gilbert, B. P., Rasmussen, K. J. "Determination of the base plate stiffness and strength of steel storage
racks." Journal of Constructional Steel Research, 2011; 67(6), 1031-1041.
Gilbert, B. P., Rasmussen, K. J., Baldassino, N., Cudini, T., and Rovere, L. "Determining the transverse
shear stiffness of steel storage rack upright frames." Journal of Constructional Steel Research,
2012; 78, 107-116.
Godley, M., and Beale, R. "Investigation of the effects of looseness of bracing components in the crossaisle direction on the ultimate load-carrying capacity of pallet rack frames." Thin-Walled
Structures, 2008; 46(7): 848-854.
Kim, T. S., and Kuwamura, H. "Finite element modeling of bolted connections in thin-walled stainless
steel plates under static shear." Thin-Walled Structures, 2007; 45(4): 407-421.
Rao SS, Beale RG, Godley MHR. Shear stiffness of pallet rack upright frames. 7 th International Speciality
Conference on Cold-Formed Steel Structures, Orlando, Florida, U.S.A.; 2004. p. 295–311.
RMI. Specification for the design, testing and utilization of industrial steel storage racks. Charlotte,
U.S.A.: Rack Manufacturers Institute; 2012.
Roure, F., Peköz, T., Somalo, M. R., Bonada, J., Pastor, M. M., and Casafont, M.. "Design of industrial
cold-formed steel rack upright frames for loads in cross-aisle direction." International Speciality
Conference on Cold-Formed Steel Structures, Batimore, Maryand, U.S.A.; 2016. p. 493–507.
Sajja, S. "Cross-aisle shear stiffness of pallet rack upright frames." PhD thesis, Oxford Brooks Univesity;
2010.
Sajja, S., Beale, R., and Godley, M. "Shear stiffness of pallet rack upright frames." Journal of
Constructional Steel Research, 2008; 64(7): 867-874.
Timoshenko SP, Gere JM. Theory of elastic stability. 2nd edition. New York, U.S.A.: McGraw-Hill Book
Company, Inc; 1961.
Yu, C., and Schafer, B. W. "Simulation of cold-formed steel beams in local and distortional buckling with
applications to the direct strength method." Journal of Constructional Steel Research, 2007; 63(5):
581-590.

Wei-Wen Yu International Specialty Conference on Cold-Formed Steel Structures
St. Louis, Missouri, U.S.A., November 7 & 8, 2018

Biaxial bending of cold-formed steel storage rack uprights Part I: FEA and parametric studies
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Abstract
This paper first introduces an advanced finite element model to determine the
biaxial bending capacity of cold-formed steel storage rack upright sections. The
model is found to accurately predict published experimental results with an
average predicted to experimental capacity ratio of 1.02. Second, the validated
model is used to run parametric studies and analyse the biaxial response of
slender, semi-compact and compact unperforated storage rack upright crosssections. Analyses are run for local and distortional buckling failure modes only.
Ten and four different cross-sectional shapes are analysed for local and
distortional buckling, respectively, and nine biaxial bending configurations are
considered per cross-section and buckling mode. Results show that a nonlinear
interactive relationship typically governs the biaxial bending of the studied
uprights. This relationship is discussed in some details and analysed for the
different failure modes and cross-sectional slenderness.
Introduction
Rack-supported buildings, also referred to as “clad racks”, are gaining popularity.
In this type of buildings, stored goods and building enclosure are both supported
by the storage racks, resulting in more economical buildings but also complex
structural systems. The uprights, i.e. the vertical members of the storage racks
which are usually perforated monosymmetric open sections, undergo biaxial
bending due to combined actions of wind loading and the vertical loads of the
stored goods (Talebian et al. 2018). Current cold-formed steel structures design
specifications (North American Specification AISI-S100 (AISI 2016), the
Australian and New Zealand Standard AS/NZS 4600:2005 (AS/NZS 2005) and
the Eurocode 3 EN1993-1-3 (CEN 2006)) consider a linear interaction equation to
design members under biaxial bending. Nevertheless, previous studies have shown
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Coast, Australia
2
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that a nonlinear relationship governs the biaxial bending behaviour of coldformed steel members and the linear equation is conservative (Put et al. 1999;
Torabian et al. 2016, 2014a, 2015; Talebian et al. 2018).
An experimental investigation on the local and distortional biaxial bending
behaviour of cold-formed steel storage rack uprights (Talebian et al. 2018) has
recently been performed at Griffith University, Australia. The investigation
included tests on two different types of storage rack uprights. One of the upright
sections was tested with and without regular perforations while the other one was
perforated. Results showed that the linear interaction equation is conservative and
underestimates the biaxial bending capacity by up to 68%.
As part of an ongoing research project, this paper presents an advanced Finite
Element (FE) model to accurately capture the local and distortional biaxial
bending capacities of cold-formed steel storage rack upright sections. The
software package ABAQUS (2015) is used for this purpose and the experimental
results in Talebian et al. (2018) are compared to the numerical ones to verify the
accuracy of the FE model. The model is subsequently used to run parametric
studies and quantify the local and distortional biaxial bending capacities of
slender, semi-compact and compact unperforated storage rack upright crosssections. Ten and four different cross-sections are considered for local and
distortional buckling, respectively, and analyses are run for nine biaxial bending
configurations per cross-section type and buckling mode. Biaxial bending
responses of all studied uprights are discussed and presented in the paper.
Published experimental tests
Experimental set-up
In Talebian et al. (2018), two different types of storage rack upright crosssections, referred to as “Type A” and “Type B”, were tested. Type A upright had
a nominal wall thickness of 1.5 mm, a width-to-depth ratio of 0.71 and a semicompact cross-sectional shape. Type B upright had a nominal wall thickness of
2.0 mm, a width-to-depth ratio of 0.5 and was compact. To investigate the effect
of perforations on the member capacity and biaxial bending interaction, Type A
uprights were tested with and without regular perforations along their length,
whereas all tested Type B uprights were perforated. To ensure local and
distortional buckling failure modes, the length of the uprights varied and was
equal to 400 mm for local buckling, and 900 mm (Type B) and 1,100 mm (Type
A) for distortional buckling. 10 mm thick, 220 mm × 220 mm steel plates were
welded to both ends of the uprights to connect to the test rig and restrained
warping. The full test rig is detailed in Talebian et al. (2018).
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To obtain a sufficient number of points and apprehend the biaxial bending
interaction curve, seven different biaxial bending configurations per upright type
were tested in Talebian et al. (2018). These included bending about x-axis of
symmetry (Conf 1), Mx = 2My (Conf 2), My = 2Mx (Conf 3), bending about minor
y-axis when web is in compression (Conf 4), Mx = -2My (Conf 5), My = -2Mx (Conf
6) and bending about minor y-axis when flanges are in compression (Conf 7),
where Mx and My are the moments applied about x- and y-axes, respectively. Tests
were typically repeated twice for each configuration and upright type. In total, 78
tests were performed.
Geometric imperfection measurements
The structural performance of cold-formed members is highly sensitive to initial
geometric imperfections (Dubina, et al., 2000, Schafer and Peköz, 1998).
Accurately measuring these imperfections is essential to reproduce the observed
buckling behaviour in FEA (Dubina and Ungureanu, 2002). Therefore, geometric
imperfections of semi-compact Type A upright, with and without perforations,
were measured prior to testing for all local and distortional specimens. As Type
B upright had a compact cross-section, imperfections were not recorded.
An imperfection measurement set-up, similar to the one used by Schafer and
Pekoz (1998), was built to capture imperfections along the upright length using
Linear Variable Displacement Transducers (LVDT). Locations of LVDT were
chosen to account for local and distortional buckling modes. In total,
imperfections were measured along fifteen lines.
Finite element model
Element type, mesh size and boundary conditions
The uprights and end plates were modelled using S4R shell elements (ABAQUS,
2015). Convergence studies showed that an element size of approximately 3 mm
x 3 mm was adequate for all cases. Similar boundary conditions as in the
experimental tests were used: (i) warping was restrained by using end plates
rigidly connected to the ends of the uprights, (ii) the uprights were simply
supported by pinning the end plates at the location of the uprights centroidal axis.
A concentrated biaxial bending moment was then applied at the pinned joints to
replicate the test set-up. Figure 1 shows the FE model and boundary conditions
for a 1,100 mm Type A upright. Note that only the main perforations were
modelled for the perforated uprights.
Material modelling
Material non-linearity in the specimens was considered using with the von Mises
yield criteria and isotropic hardening. The average coupon test results reported in
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Talebian et al (2018) were used for the material properties of the flat parts of the
cross-sections. The stress-strain relationships (derived from the coupon tests)
were described by multi-linear curves, as showed in Figure 2 for all upright types.
As the coupon material tests also measured the effect of residual stresses in the
material, the membrane residual stresses were ignored in this model.
The enhanced yield ΔFy stress in the corner zones of the upright sections was
determined by the following equations (Karren,1967):
 B
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− 1.0 Fy
m
 ( r / t )
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 y
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m = 0.192  u
F
 y

2
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 − 0.068
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(2)
(3)

where Fu is the ultimate strength, Fy the yield stress, r the inside bending radius of
the corner and t the wall thickness. The corner zone consists of the curved areas
and two equivalent flat areas on both sides of each curved area of length equal to
1/2πr. The measured thickness of the uprights was used to calculate the enhanced
corner strength. The inside bending radius of the corners was 3 mm and 2 mm,
for Type A and B uprights, respectively. An elastic–perfectly plastic behaviour
was assumed for the corners with enhanced yield strength as per the stress-strain
curves in Karren (1967).

Figure 1. FE model and boundary conditions (shown for 1,100 mm perforated Type A
upright)
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Figure 2. Multi-linear stress–strain curve adopted in the numerical simulations

To account for the change of cross-sectional dimensions of the coupons during
testing, true engineering stress and strain were employed in the numerical model.
The nominal stress (σn) and strain (ɛn) were converted to true stress (σt) and strain
(ɛt) using the following equations (Chung and Ip, 2000):

 t =  n (1 +  t )
 t = ln(1 +  n )

(4)
(5)

Geometric imperfections
As mentioned earlier, imperfections were measured for semi-compact Type A
upright. The readings collected by the data logger were smoothed using a Fourier
Transform to filter the noise. The geometric imperfections at each measured line
were then added to the “perfect” model assuming an undeformed cross-section at
both ends of the uprights. Linear interpolations were assumed between each
measured lines in the “imperfect” model.
For Type B upright, geometric imperfections were introduced in the model using
axial compressive buckling modes. An initial linear buckling analysis (LBA) was
carried out on a “perfect” model to generate the deformed shape of the local or
distortional buckling modes. The geometric imperfections were then introduced
to the “perfect” mesh by means of linearly superimposing the first local (for the
400 mm long specimens) or the first distortional (for the 900 mm and 1,100 mm
long specimens) elastic buckling mode onto the mesh. The elastic buckling
deformed shapes were scaled using the recommendations in the Australian
standard AS4084 (2012). For the first local buckling mode, the following
amplitude Sol was used:
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F 
Sol = 0.3t  y 
 Fol 

(6)

and for the first distortional buckling mode, the amplitude Sod:
F 
Sod = 0.3t  y 
 Fod 

(7)

where t is the thickness of the upright, Fy is the yield stress, Fol the elastic local
buckling stress and Fod the elastic distortional buckling stress.
Analysis
The arc-length method (Riks) was selected to perform geometric and material
nonlinear analyses in ABAQUS.
Validation of FE model
Table 1 shows the ultimate test to predicted bending moment ratios (Mtest/MFEA)
for the local and distortional buckling investigations and for all tested
configurations. The table shows that the FE model is able to accurately predict the
ultimate experimental moment capacities with a maximum difference between the
predicted and experimental ultimate bending moment of 10%. The mean values
of the test-to-predicted bending strength ratios are 0.98 and 1.03 for all local and
distortional buckling tests, respectively, and the corresponding coefficient of
variation (COV) are 5% and 5.8%, respectively.
Figure 3 to Figure 5 show the FEA and experimental failure modes of the 400 mm
long uprights. Similarly, Figure 6 to Figure 8 show the FEA and experimental
failure modes of the 900 mm and 1,100 mm long uprights. The FEA model is also
able to well capture the different experimentally observed biaxial bending failure
modes of the uprights.

(a)
(b)
Figure 3. Deformed shapes of the 400 mm long upright tested in Conf 4 for nonperforated Type A upright a) FE failure mode and b) experimental failure mode
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Table 1. Comparison of test results with FEA results
Upright
type

Nonperforate
d Type A

Perforate
d Type A

Perforate
d Type B

Number of
tests
2

Local

Conf.

(Mtest/MFEA)

1

0.93
0.93
1.02
1.02
1.04
1.00
1.00
0.98
0.95
0.94
0.94
0.94
0.99
1.01
0.90
0.93
0.97
1.00
1.01
1.02
1.00
0.99
0.93
0.90
0.94
0.96
1.00
0.97
1.03
0.96
0.92
1.03
1.01
1.10
1.08

2

2

2

3

2

4

2

5

2

6

2

7

2

1

2

2

2

3

2

4

2

5

2

6

2

7

1
1
1
1
1
2
1

1
2
3
4
5
6
7

Average
COV (%)

0.98
5.00

Number of
tests
2

Distortional
Conf.

(Mtest/MFEA)

1

0.94
0.98
1.10
1.03
1.07
1.10
1.08
1.05
1.05
1.07
0.99
0.93
1.08
1.10
0.99
0.95
1.08
1.07
1.1
1.08
1.09
1.09
1.07
1.06
0.9
1.02
1.08
1.10
1.00
0.95
1.01
0.96
1.09
1.01
1.1
0.99
0.91
0.94
0.98
0.98
1.02
1.04
1.03
5.80

2

2

2

3

2

4

2

5

2

6

2

7

2

1

2

2

2

3

2

4

2

5

2

6

2

7

2

1

2

2

2

3

2

4

2

5

2

6

2

7
Average
COV (%)
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(a)
(b)
Figure 4. Deformed shapes of the 400 mm long upright tested in Conf 3 for perforated
Type A upright a) FE failure mode and b) experimental failure mode

(a)
(b)
Figure 5. Deformed shapes of the 400 mm long upright tested in Conf 2 for perforated
Type B upright a) FE failure mode and b) experimental failure mode

(a)

(b)
Figure 6. Deformed shapes of the 1,100 mm long upright tested in Conf 1 for nonperforated Type A upright a) FE failure mode and b) experimental failure mode

479

(a)
(b)
Figure 7. Deformed shapes of the 1,100 mm long upright tested in Conf 4 for perforated
Type A upright a) FE failure mode and b) experimental failure mode

(a)
(b)
Figure 8. Deformed shapes of the 9100 mm long upright tested in Conf 1 for perforated
Type B upright a) FE failure mode and b) experimental failure mode

Parametric studies
Parametric studies are performed in this paper over a wider range of section
slenderness values than the ones encountered in Talebian et al. (2018) to fully
capture the biaxial bending behaviour of cold-formed steel storage rack uprights.
Slender, semi-compact and compact unperforated upright cross-sections are
considered for both local and distortional buckling failure modes. Note that
unperforated uprights are considered for simplicity as experimental results in
Talebian et al. (2018) tend to show that the biaxial bending behaviour of the
uprights is not influenced by the regular perforations along their length.
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Tested configurations and upright lengths
Ten and four upright cross-sectional shapes were investigated for local and
distortional buckling failure modes, respectively. These upright cross-sectional
shapes are shown in Figure 9 and are either commercially available or taken from
the literature (Lau and Hancock, 1987; Bernuzzi and Simoncelli, 2015). In total,
twelve different cross-sectional shapes are considered with Types D and F used
for both local and distortional analyses. The thickness of Types J, K and L has
been intentionally reduced to increase their slenderness ratio. The main crosssectional dimensions and properties of all upright types are given in Table 2. Note
that depending on the value of the biaxial moments, it is possible to have different
range of slenderness ratio per upright type. In general, a section is considered to
be slender when its slenderness ratio is greater than 1.25 (Martins et al. 2016).

(a) Type C

(b) Type D

(c) Type E

(d) Type F

(e) Type G

(f) Type H

(g) Type I

(h) Type J

(i) Type K

(j) Type L

(k) Type M
Figure 9. Upright cross-sections considered

(l) Type N
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Table 2. Nominal cross-sectional dimensions and properties of investigated uprights

Type C
Type D
Type E
Type F
Type G
Type H
Type I
Type J
Type K
Type L
Type M
Type N

Thick.
(mm)

Depth
(mm)

Width
(mm)

2.0
1.2
1.2
1.5
1.5
1.5
1.5
0.6
0.8
0.8
1.8
1.5

140
90
90
125
100
100
100
140
90
90
80
80

100
72
72
100
110
90
80
100
72
72
60
90

Second moment
of area
IMajor / IMinor
2.53
1.58
2.06
1.79
0.94
1.41
2.13
2.53
1.57
2.03
2.17
1.17

Local buckling
upright length
(mm)
200
120
120
200
220
350
240
300
200
260
---

Dist. buckling
upright length
(mm)
-860
-1240
------800
600

Nine biaxial bending configurations, shown in Table 3, were considered per
buckling mode and upright type. The numerical analyses were run using similar
models to the ones presented in Section “Finite Element model”. Characteristics
specific to the parametric studies and used in the present models are given later in
Section “Modelling characteristics”.
The length of the tested uprights were determined based on elastic buckling
analyses performed in CUFSM (2006) with simply supported and free-to-warp
beams. For local buckling, the upright length for each upright type was taken as
four times the longest local buckling half-wave length of the nine biaxial bending
configurations. This criterion ensured that the uprights were short enough so
distortional buckling did not occurred. For distortional buckling, the upright
length for each upright type was taken equal to 1 to 2 times the longest distortional
buckling half-wave length of the nine investigated configurations, effectively
preventing global buckling. To avoid local-distortional buckling interaction to
occur, LBA were carried out in ABAQUS on the warping restrained beams for all
nine biaxial bending configurations. Any configuration for which the ratio of the
elastic local bending moment (Mol) to the elastic distortional bending moment
(Mod) was less than 1.3 (Martins et al., 2016) was excluded from the analyses. The
lengths of all uprights are given in Table 2.
Modelling characteristics
In the parametric studies, the stress-strain curve of the flat parts of the upright
sections used in all analyses is similar to the one for Type A presented in Figure
2, but with a Young’s modulus of 200 GPa and a yield stress of 450 MPa. An
elastic-perfectly plastic material is also used for the corner zones with the yield
stress calculated from Eqs. 3-5.
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Table 3. Tested biaxial bending configurations in parametric studies

Configuration 0
Mx > 0 and My = 0

Configuration 1
Mx > 0, My > 0 and
Mx = 2.5My

Configuration 2
Mx > 0, My > 0 and
Mx = My

Configuration 3
Mx > 0, My > 0 and
My = 2.5Mx

Configuration 4
Mx = 0 and My > 0

Configuration 5
Mx > 0, My < 0 and
Mx = -2.5My

Configuration 6
Mx > 0, My < 0 and
Mx = -My

Configuration 7
Mx > 0, My < 0 and
My = -2.5Mx

Configuration 8
Mx = 0 and My < 0

Mx > 0 generates compression in the bottom flange, My > 0 generates compression in the lip stiffeners
and My < 0 generates compression in the web

Geometric imperfections are introduced in the analyses following the
methodology described in Section “Geometric imperfections” for Type B upright.
In other words, the first local or distortional buckling mode deformed shape in
pure compression is used and scaled by the factors obtained from Eqs. 6-7.
Biaxial bending response of the uprights and interactive behaviour
Local buckling
Elastic and inelastic local buckling failure modes were observed for all specimens
investigated for local buckling. Denoting, the bending moment capacities about
the x- and y-axes, Mbx and Mby, respectively, the normalised biaxial ultimate
moment capacities (Mx/Mbx and My/Mby) for all upright types are summarised in
Table 4 with local slenderness ratio λl (determined from FE model running LBA)
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and the associated interactive biaxial moment capacity obtained from the linear
equation (AISI-S100, 2016; AS/NZS 4600:2005; EN 1993-1-3, 2006). Figure 10
illustrates differently the linear equation versus the normalised biaxial bending
results obtained from the nine different investigated configurations and local
buckling. Similar observations to the ones presented in Talebian et al. (2018), but
on a larger range of cross-sections can be established. Table 4 and Figure 10 show
that the governing interaction relationship is not linear and that the linear equation
is conservative for all investigated uprights. For Configurations 1 to 3 (My > 0, lip
stiffeners in compression), the linear equation gives interaction ratios ranging
from 1.12 (Type H and Configuration 1) to 1.35 (Type L and Configuration 1).
For Configurations 5 to 7 (My < 0, web in compression), the linear equation gives
ratios ranging from 1.03 (Type L and Configuration 7) to 1.39 (Type E and
Configurations 5 and 6). When the web is in compression, the biaxial bending
responses of the uprights tend to be closer to the linear interaction curve. This is
more highlighted for Type K and L uprights.

Figure 10. Biaxial bending interaction points for local buckling – All uprights

Distortional buckling
For distortional buckling analyses, Type D, E and M uprights tested with the web
in compression (Configurations 5 to 8) did not meet the Mol /Mod ratio less than
1.3 (Martins et al., 2016) and would have failed in local or local-distortional
buckling interaction. Therefore, these configurations were excluded from the
analyses. The normalised ultimate moment capacities (Mx/Mbx and My/Mby) for the
upright types considered for distortional buckling are summarised in Table 5 with
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distortional slenderness ratio λd (also determined from LBA in Abaqus) and the
interactive biaxial moment linear equation. Similar to Figure 10, Figure 11
illustrates the linear interaction equation versus all normalised biaxial bending
numerical results obtained for distortional buckling failure modes.
The linear equation is also found to be conservative for distortional buckling and
gives interaction ratios ranging from 1.00 (Type F and Configuration 1) to 1.46
(Type N and Configuration 2) for all biaxial bending configurations. Biaxial
bending responses of Type F upright tend to be closer to the linear interaction
curve than other uprights.

Figure 11. Biaxial bending interaction points for distortional buckling – All uprights

Conclusion
This paper presented a FE model to capture the biaxial bending response of coldformed steel storage rack uprights. The model was validated against experimental
results and found to be accurate. Parametric studies were then performed to
evaluate the accuracy of the linear biaxial bending design equation in international
design specifications (AISI-S100 (2016), AS/NZS 4600:2005 (AS/NZS, 2005)
and EN 1993-1-3 (2006)). Analyses were performed for local and distortional
buckling failure modes only. The biaxial bending interaction relationship was
found to be nonlinear and the linear biaxial bending design equation to be
conservative with failure occurring at ratios given by the design equation ranging
from 1.00 to 1.46.
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Table 4. Comparison of parametric studies results to linear equation for local buckling

Upright

Type
C

Type
D

Type
E

Type
F

Type
G

Conf.

λl

0
1
2
3
4
5
6
7
8
0
1
2
3
4
5
6
7
8
0
1
2
3
4
5
6
7
8
0
1
2
3
4
5
6
7
8
0
1
2
3
4
5
6
7
8

0.57
0.78
0.83
0.74
0.71
0.52
0.43
0.40
0.41
0.58
0.61
0.62
0.60
0.61
0.47
0.46
0.44
0.45
0.90
1.19
1.30
1.08
1.05
0.52
0.48
0.42
0.39
0.64
0.71
0.69
0.66
0.68
0.58
0.52
0.47
0.47
1.03
0.87
0.72
0.50
0.42
0.92
0.84
0.67
0.52

Mx/
Mbx
1.00
0.70
0.42
0.19
0.00
0.80
0.50
0.24
0.00
1.00
0.74
0.51
0.26
0.00
0.83
0.59
0.29
0.00
1.00
0.71
0.43
0.19
0.00
0.91
0.59
0.29
0.00
1.00
0.69
0.47
0.22
0.00
0.78
0.53
0.26
0.00
1.00
0.98
0.76
0.45
0.00
0.90
0.72
0.45
0.00

My/
Mby
0.00
0.60
0.89
1.03
1.00
0.52
0.80
0.95
1.00
0.00
0.41
0.70
0.89
1.00
0.42
0.75
0.94
1.00
0.00
0.58
0.87
0.99
1.00
0.48
0.79
0.96
1.00
0.00
0.47
0.80
0.94
1.00
0.43
0.74
0.89
1.00
0.00
0.29
0.57
0.84
1.00
0.29
0.57
0.90
1.00

Linear
equation
1.00
1.30
1.30
1.22
1.00
1.32
1.30
1.19
1.00
1.00
1.15
1.21
1.15
1.00
1.25
1.34
1.24
1.00
1.00
1.30
1.30
1.18
1.00
1.39
1.39
1.24
1.00
1.00
1.15
1.26
1.17
1.00
1.21
1.28
1.15
1.00
1.00
1.27
1.32
1.29
1.00
1.18
1.29
1.35
1.00

Upright

Type
H

Type
I

Type
J

Type
K

Type
L

Conf.

λl

0
1
2
3
4
5
6
7
8
0
1
2
3
4
5
6
7
8
0
1
2
3
4
5
6
7
8
0
1
2
3
4
5
6
7
8
0
1
2
3
4
5
6
7
8

1.30
1.17
1.08
1.03
1.06
1.06
1.01
1.09
1.23
0.83
0.72
0.72
0.64
0.62
0.90
1.02
0.98
1.01
1.88
1.65
1.74
1.54
1.48
1.71
1.39
1.29
1.30
0.88
0.91
0.90
0.87
0.89
1.18
1.36
1.47
1.65
1.43
1.89
1.90
1.72
1.68
1.31
1.45
1.41
1.46

M x/
Mbx
1.00
0.76
0.54
0.29
0.00
0.85
0.60
0.32
0.00
1.00
0.76
0.49
0.24
0.00
0.76
0.45
0.22
0.00
1.00
0.67
0.38
0.17
0.00
0.88
0.58
0.31
0.00
1.00
0.75
0.51
0.26
0.00
0.63
0.40
0.20
0.00
1.00
0.74
0.43
0.19
0.00
0.71
0.43
0.21
0.00

My/
Mby
0.00
0.36
0.64
0.85
1.00
0.36
0.63
0.86
1.00
0.00
0.46
0.75
0.94
1.00
0.52
0.77
0.94
1.00
0.00
0.61
0.87
0.99
1.00
0.41
0.68
0.90
1.00
0.00
0.44
0.75
0.97
1.00
0.46
0.73
0.91
1.00
0.00
0.61
0.89
0.98
1.00
0.44
0.67
0.82
1.00

Linear
equation
1.00
1.12
1.18
1.14
1.00
1.22
1.23
1.18
1.00
1.00
1.22
1.24
1.18
1.00
1.28
1.22
1.16
1.00
1.00
1.29
1.25
1.16
1.00
1.29
1.26
1.21
1.00
1.00
1.19
1.26
1.23
1.00
1.09
1.13
1.11
1.00
1.00
1.35
1.31
1.17
1.00
1.14
1.10
1.03
1.00
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Table 5. Comparison of parametric studies results with linear equation for distortional
buckling

Upright

Type
D

Type
M

Conf.

λd

0
1
2
3
4
0
1
2
3
4
5
6
7
8

0.74
0.76
0.76
0.72
0.74
0.63
0.66
0.63
0.57
0.59
0.36
0.31
0.30
0.33

Mx/
Mbx
1.00
0.71
0.50
0.25
0.00
1.00
0.74
0.46
0.24
0.00
0.85
0.59
0.30
0.00

My/
Mby
0.00
0.39
0.69
0.87
1.00
0.00
0.40
0.62
0.81
1.00
0.43
0.75
0.94
1.00

Linear
equation
1.00
1.09
1.18
1.12
1.00
1.00
1.14
1.08
1.05
1.00
1.28
1.33
1.24
1.00

Upright

Type
F

Type
N

Conf.

λd

0
1
2
3
4
0
1
2
3
4

0.78
0.83
0.80
0.75
0.77
1.29
1.39
1.32
1.26
1.25

M x/
Mbx
1.00
0.64
0.45
0.23
0.00
1.00
0.80
0.50
0.24
0.00

My/
Mby
0.00
0.36
0.63
0.81
1.00
0.00
0.61
0.96
1.15
1.00

Linear
equation
1.00
1.00
1.08
1.03
1.00
1.00
1.42
1.46
1.39
1.00
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Biaxial bending of cold-formed steel storage rack uprights Part II: Direct Strength Method
Nima Talebian1, Benoit P. Gilbert1, Cao Hung Pham2 and Hassan Karampour1
Abstract
This paper uses the results from the parametric studies reported in the companion
paper to verify the accuracy of different forms of published direct strength method
(DSM) equations. They consist of the classical DSM equations and considering
the inelastic reserve capacity into these equations, with and without an extended
range of the cross-sectional slenderness. The verifications are made for local and
distortional buckling modes. Results show that for all investigated buckling
modes, the DSM results in better predictions when the inelastic reserve capacity
is considered. The appropriate form of the DSM to predict the biaxial capacity of
unperforated cold-formed steel storage rack uprights is discussed.
Introduction
In the companion paper (Talebian et al. 2018b), a Finite Element (FE) model was
developed and validated against the local and distortional buckling biaxial
bending experimental results reported in Talebian et al. (2018a) and performed on
two types of cold-formed steel storage rack uprights. Parametric studies were then
conducted to expand the available experimental results over a wider range of
upright cross-sectional slenderness ratios. Only local and distortional buckling
failure modes were considered in the companion paper. The numerical results
were then compared to the linear interaction equation in cold-formed steel
structures design specifications (North American Specification AISI-S100 (AISI
2016), Australian and New Zealand Standard AS/NZS 4600:2005 (AS/NZS 2005)
and Eurocode 3 EN1993-1-3 (CEN 2006)). The results of the parametric studies
showed that the linear biaxial bending interaction equation is conservative and
underestimates the biaxial bending capacity by up to 39% and 46% for local and
distortional buckling modes, respectively.
Griffith School of Engineering and Built Environment, Griffith University, Gold
Coast, Australia
2
School of Civil Engineering, The University of Sydney, Sydney, Australia
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The focus of the present paper is to assess the accuracy of different forms of the
Direct Strength Method (DSM) (Schafer, 2008) in predicting the biaxial bending
capacity of cold-formed steel storage rack uprights. The results from the
parametric studies performed in the companion paper are used for this purpose.
Three different DSM approaches are investigated in this study, namely (i) by using
the classical DSM equations given in the AS/NZS 4600:2005 (AS/NZS, 2005),
with the nominal member moment capacity equal to the yield moment for compact
cross-sections, (ii) through exploiting the inelastic reserve capacity for compact
cross-sections, as permitted in the new AISI-S100 (2016) and (iii) by adopting an
extended range of the cross-sectional slenderness for the inelastic reserve
capacity, as proposed by Pham and Hancock (2013).
Investigated upright sections and tested configurations
In the companion paper, the parametric studies have been performed on slender,
semi-compact and compact unperforated storage rack upright cross-sections for
local and distortional buckling failure modes. In total, ten and four upright
sections were considered for local and distortional buckling modes, respectively.
Figure 1 shows the different cross-sectional shapes considered in the companion
paper and their main cross-sectional dimensions and properties are summarised in
Table 1.
Table 1. Nominal cross-sectional dimensions and properties of investigated uprights

Type C
Type D
Type E
Type F
Type G
Type H
Type I
Type J
Type K
Type L
Type M
Type N

Thick.
(mm)

Depth
(mm)

Width
(mm)

2
1.2
1.2
1.5
1.5
1.5
1.5
0.6
0.8
0.8
1.8
1.5

140
90
90
125
100
100
100
140
90
90
80
80

100
72
72
100
110
90
80
100
72
72
60
90

Second moment of
area
IMajor / IMinor
2.53
1.58
2.06
1.79
0.94
1.41
2.13
2.53
1.57
2.03
2.17
1.17

Used for
local
buckling
Yes
Yes
Yes
Yes
Yes
Yes
Yes
Yes
Yes
Yes
No
No

Used for
distortional
buckling
No
Yes
No
Yes
No
No
No
No
No
No
Yes
Yes

Nine biaxial bending configurations per upright type and buckling mode were
investigated and detailed in the companion paper (Talebian et al. 2018b).
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(a) Type C

(b) Type D

(c) Type E

(d) Type F

(e) Type G

(f) Type H

(g) Type I

(h) Type J

(i) Type K

(j) Type L

(k) Type M
Figure 1. Upright cross-sections considered

(l) Type N

Direct Strength Method equations to predict bending capacity
Local Buckling
The DSM nominal member moment capacity Mbl for local buckling, ignoring
inelastic reserve capacity, is defined as (AISI-S100, 2016, AS/NZS, 2005,
Schafer, 2008):
if

M bl = M y

l  0.776

(1)


 M   M 
(2)
M bl = 1 − 0.15 ol   ol  M y if l  0.776
 M   M 

y 
y 




where Mol and My are the elastic local buckling moment and yield moment
respectively, and λl is a non-dimensional slenderness ratio defined as:
0.4

0 .4
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l =

My
M ol

(3)

The recent AISI-S100 (2016) now allows the nominal member moment capacity
to range between My and the plastic moment Mp for compact cross-sections if λl ≤
0.776 (local inelastic reserve capacity). When the first yield is in compression:

M bl = M y + (1 − 1/ C yl2 )( M p − M y )

(4)

C yl = 0.776 / l  3

(5)

where
and when the first yield is in tension:

M bl = M yc + (1 − 1/ C yl2 )( M p − M y )  M yt 3

(6)

M yt 3 = M y + 8 / 9( M p − M y )

(7)

where
and Myc is the moment at which yielding initiates in compression (after yielding
in tension). Myc has been conservatively taken as My in the following sections
(AISI-S100, 2016, Torabian, et al., 2014).
Pham and Hancock (2013) proposed an extended range of the cross-sectional
slenderness for which the inelastic strength can be applied. For local buckling, the
inelastic reserve capacity can be applied when λl ≤ 1.55 and Cyl in Eq. (5) becomes:

C yln = 1.55 / l  3

(8)

and the inelastic local strength is calculated as:
2
M nyl = M y + (1 − 1/ C yln
)( M p − M y )

(9)

Mnyl is then used in the classical DSM (Eqs. (1-2)) instead of My, and λln defined
as:

ln =

M nyl
M ol

(10)

is used instead of λl to obtain the new nominal member capacity with extended
range Mbln.
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Distortional Buckling
Similarly, the DSM nominal member moment capacity Mbd for distortional
buckling, ignoring inelastic reserve capacity, is as follows (AISI-S100, 2016,
AS/NZS, 2005, Schafer, 2008):

M bd = M y

M
M bd = 1 − 0.22 od
M

 y







0.5

 M
 od
 M y


0.5


 My



if

d  0.673

(11)

if

d  0.673

(12)

where Mod is the elastic buckling moment for distortional buckling and λd is a nondimensional slenderness ratio defined as:
d =

My
M od

(13)

According to AISI-S100 (2016), distortional inelastic reserve capacity is
permitted to be taken into account if λd ≤ 0.673. The same equations as for local
buckling (Eqs (4-7)) are used with Cyl in Eqs (4, 6) replaced by:

C yd = 0.673 / d  3

(14)

For distortional buckling, the inelastic strength with extended range proposed by
Pham and Hancock (2013) can be applied when λd ≤ 1.45 and Cyd in Eq. (14)
becomes:

C ydn = 1.45 / d  3

(15)

and the inelastic distortional strength is calculated as:
2
M nyd = M y + (1 − 1/ C ydn
)( M p − M y )

(16)

The Mnyd is then used in the classical DSM (Eqs. (11-12)) instead of My and λdn
defined as:

dn =

M nyd
M od

(17)

is used instead of λd to obtain the new nominal member capacity with extended
range Mbdn.
Elastic Buckling, Yield and Plastic Moments
Elastic buckling moments (Mol and Mod) for each tested configuration were
calculated and input in the DSM expressions running linear buckling analyses
(LBA) in Abaqus (2015). A similar model to the one described in the companion
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paper was used. Concentrated bending moments about major and minor axes were
applied at the pinned boundary conditions.
For each of tested configurations, the yield moment My and plastic moment Mp
were calculated about the axis about which the biaxial bending moment was
applied using a yield stress equal to 450 MPa, as used in parametric studies.
Comparison of direct strength method design with parametric results
Local Buckling
Table 2 provides the elastic local slenderness ratio λl (Eq. (3)) and the FEA biaxial
failure moment (MFEA) to the DSM predicted moment (MDSM) ratio for the three
different DSM approaches and local buckling.
Figure 2 also graphically compares the DSM local buckling curve to the
normalised FEA predicted capacities. As shown in Table 2, the DSM without the
inelastic reserve capacity typically conservatively estimates the bending capacity
of the studied uprights, with the FEA to DSM capacity ratios ranging between
0.99 and 2.05, both values for Type J upright in Configurations 1 and 8,
respectively. On average, the DSM without the inelastic reserve capacity
conservatively estimates the bending capacity by 44% with a Coefficient of
Variation (COV) for all tested uprights and configuration of 17%. The classical
DSM is generally more accurate in predicting the moment capacity when bending
solely occurs about the major axis than about any other axis.
The use of the DSM with inelastic reserve capacity, as in the AISI-S100 (2016),
results in a 10% improvement of the predictions, when compared to the classical
DSM. For all configurations, considering the AISI-S100 (2016) inelastic reserve
capacity overestimates the biaxial bending capacity by 34% on average, with a
COV of 14%. Note, that when compared to the classical DSM, considering the
inelastic reserve capacity only influences the prediction when λl is less than 0.776.
Regarding the DSM predictions using the extended range of the inelastic reserve
capacity, Table 2 and Figure 2 show that the proposed method in Pham and
Hancock (2013) provides better strength predictions when compared to the other
two DSM approaches. On average, for all configurations and upright types, this
method overestimates the FEA capacity by 21%, with a COV of 17%. As can be
seen in Figure 2, the proposed method in Pham and Hancock (2013) is mainly
conservative for slenderness ratio greater than about 1.15.
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Distortional Buckling
Table 3 provides the elastic distortional slenderness λd and the MFEA/MDSM ratios,
with and without the inelastic reserve capacity, for all analyses failing in
distortional buckling. Figure 3 compares the DSM distortional buckling curve to
normalised FEA results.
Table 3 shows that the DSM without considering the inelastic reserve capacity
usually conservatively estimates the bending capacity of the investigated uprights,
with a FEA to DSM biaxial moment capacity ratio up to 1.91 (Type M and
Configuration 7). For all configurations and upright types, the classical DSM
overestimates on average the FEA capacity by 24%, with a COV of 21%. Similar
to local buckling, the classical DSM typically better predicts the bending capacity
for bending about major axis only.
The use of the DSM with inelastic reserve capacity, as in the AISI-S100 (2016),
leads to an average underestimation of the bending capacity of 16%, with COV of
13%.
Similar to local buckling, the DSM predictions using the extended range of the
inelastic reserve capacity proposed by Pham and Hancock (2013) provides better
strength predictions when compared to the other two DSM approaches
investigated herein. On average, this method overestimates the capacity about 1%
with a COV of 14%.

Figure 2. Comparison of the DSM curve to parametric studies data for local buckling
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Table 2. Comparison of parametric results with DSM for local buckling uprights
MFEA/MDSM MFEA/MDSM MFEA/MDSM
(No
(With
(Pham and
reserve)(1) reserve)(2) Hancock(3)
0
0.57
0
1.30
1.06
1.06
1.05
1
0.78
1
1.17
1.09
1.09
1.02
2
0.83
2
1.08
1.16
1.16
1.05
3
0.74
3
1.03
1.20
1.20
1.08
Type
Type
4
0.71
4
1.06
1.10
1.10
1.04
C
H
5
0.52
5
1.06
1.15
1.15
1.05
6
0.43
6
1.01
1.23
1.23
1.10
7
0.40
7
1.09
1.40
1.40
1.27
8
0.41
8
1.23
1.37
1.37
1.32
0
0.58
0
0.83
1.16
1.16
1.10
1
0.61
1
0.72
1.13
1.10
0.95
2
0.62
2
0.72
1.17
1.14
0.98
3
0.60
3
0.64
1.58
1.39
1.10
Type
Type
4
0.61
4
0.62
1.58
1.39
1.11
D
I
5
0.47
5
0.90
1.23
1.23
1.12
6
0.46
6
1.02
1.30
1.30
1.19
7
0.44
7
0.98
1.63
1.63
1.39
8
0.45
8
1.01
1.66
1.66
1.43
0
0.90
0
1.88
1.25
1.25
1.30
1
1.19
1
1.65
0.99
0.99
1.01
2
1.30
2
1.74
1.01
1.01
1.05
3
1.08
3
1.54
1.18
1.18
1.17
Type
Type
4
1.05
4
1.48
1.14
1.14
1.11
E
J
5
0.52
5
1.71
1.34
1.34
1.38
6
0.48
6
1.39
1.31
1.31
1.26
7
0.42
7
1.29
1.87
1.87
1.71
8
0.39
8
1.30
2.05
2.05
1.88
0
0.64
0
0.88
1.16
1.16
1.08
1
0.71
1
0.91
1.28
1.28
1.11
2
0.69
2
0.90
1.44
1.44
1.20
3
0.66
3
0.87
1.52
1.52
1.24
Type
Type
4
0.68
4
0.89
1.23
1.23
1.09
F
K
5
0.58
5
1.18
1.28
1.28
1.18
6
0.52
6
1.36
1.47
1.47
1.39
7
0.47
7
1.47
1.62
1.62
1.58
8
0.47
8
1.65
1.52
1.52
1.55
0
1.03
0
1.43
1.37
1.37
1.35
1
0.87
1
1.89
1.55
1.55
1.64
2
0.72
2
1.90
1.63
1.63
1.79
3
0.50
3
1.72
1.73
1.73
1.86
Type
Type
4
0.42
4
1.68
1.50
1.50
1.57
G
L
5
0.92
5
1.31
1.14
1.14
1.10
6
0.84
6
1.45
1.35
1.35
1.32
7
0.67
7
1.41
1.68
1.68
1.59
8
0.52
8
1.46
1.94
1.94
1.88
Average (all uprights)
1.44
1.34
1.21
COV (%)
17.00
15.00
18.00
(1) No inelastic reserve capacity; (2) Inelastic reserve capacity as in AISI-S100 (2016); (3) Extended reserve strength
in Pham and Hancock (2013)
Upright

Conf

λl

MFEA/MDSM MFEA/MDSM MFEA/MDSM
(No
(With
(Pham and
reserve)(1) reserve)(2) Hancock(3)
1.31
1.22
1.12
1.21
1.21
1.06
1.26
1.26
1.08
1.59
1.52
1.18
1.51
1.40
1.08
1.38
1.20
1.07
1.44
1.04
0.89
1.94
1.36
1.16
2.00
1.40
1.20
1.27
1.19
1.09
1.43
1.25
1.02
1.56
1.36
1.08
1.67
1.40
1.10
1.45
1.31
1.11
1.60
1.27
1.09
1.79
1.38
1.18
1.90
1.40
1.19
1.57
1.30
1.16
1.26
1.26
1.18
1.37
1.37
1.30
1.33
1.33
1.28
1.64
1.64
1.38
1.52
1.52
1.29
1.32
1.17
1.05
1.57
1.26
1.09
1.96
1.36
1.15
1.91
1.33
1.16
1.26
1.21
1.10
1.27
1.21
0.99
1.48
1.37
1.09
1.54
1.37
1.06
1.29
1.20
0.99
1.43
1.25
1.05
1.68
1.35
1.13
1.77
1.33
1.11
1.56
1.29
1.14
1.19
1.19
1.13
1.38
1.38
1.21
1.34
1.29
1.08
1.62
1.30
1.10
1.65
1.30
1.16
1.32
1.32
1.18
1.33
1.33
1.15
1.62
1.48
1.18
1.54
1.29
1.11

Upright

Conf

λl
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Table 3. Comparison of parametric results with DSM for distortional buckling uprights
MFEA/MDSM MFEA/MDSM MFEA/MDSM
MFEA/MDSM MFEA/MDSM MFEA/MDSM
Up(No
(With (Pham and
Conf λd
(No
(With (Pham and
right
reserve)(1) reserve)(2) Hancock(3)
reserve)(1) reserve)(2) Hancock(3)
0
0.74
0.92
0.92
0.85
0
0.78
0.97
0.97
0.90
Type
1
0.76
1.01
1.01
0.83
1
0.83
0.94
0.94
0.81
Type
D
2
0.76
1.13
1.13
0.92
2
0.80
1.10
1.10
0.91
F
3
0.72
1.17
1.17
0.92
3
0.75
1.18
1.18
0.94
4
0.74
1.06
1.06
0.91
4
0.77
1.18
1.18
1.01
0
0.63
1.10
1.09
0.97
0
1.29
1.07
1.07
1.06
1
0.66
1.19
1.18
0.97
1
1.39
1.26
1.26
1.24
2
0.63
1.27
1.22
0.98
2
1.32
1.30
1.30
1.25
3
0.57
1.55
1.40
1.08
3
1.26
1.27
1.27
1.18
Type
Type
4
0.59
1.55
1.46
1.20
4
1.25
0.93
0.93
0.88
M
N
5
0.36
1.37
1.08
0.96
6
0.31
1.62
1.20
1.07
7
0.30
1.91
1.35
1.19
8
0.33
1.64
1.32
1.20
Average (all uprights)
1.24
1.16
1.01
COV (%)
21.00
13.00
14.00
(1)
No inelastic reserve capacity; (2) Inelastic reserve capacity as in AISI-S100 (2016); (3) Extended reserve
strength in Pham and Hancock (2013)
Upright

Conf

λd

Figure 3. Comparison of the DSM curve to parametric studies data for distortional
buckling
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Conclusion
This paper presented the evaluation of different Direct Strength Method
approaches to estimate the biaxial bending capacity of cold-formed steel storage
rack uprights falling in local and distortional buckling. The DSM, as published in
the AISI-S100 (2016), with or without considering the inelastic reserve capacity,
was found to underestimate the biaxial bending capacity for the majority of the
tested configurations. On average, the capacity to DSM prediction ratios were
equal to 1.44 and 1.24 for local and distortional buckling, respectively, when the
inelastic reserve capacity was ignored. When considering it, these ratios changed
to 1.34 and 1.16 for local and distortional buckling, respectively. When using the
extended inelastic reserve capacity range proposed by Pham and Hancock (2013),
the DSM equations better predict the biaxial capacity, with an capacity to
prediction equal to 1.21 and 1.01 for local and distortional buckling, respectively.
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Behavior of Cold-Formed Steel Metal Industrial Buildings
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Abstract
This paper presents research focused on understanding the observed behavior of
cold-formed steel (CFS) metal buildings during Hurricane Harvey, which made
landfall Friday, August 25, 2017 between Port Aransas and Port O’Connor, Texas.
Through the Geotechnical Extreme Event Reconnaissance (GEER) association
(funded by the National Science Foundation) a team of structural engineers and
researchers performed rapid and detailed assessments of structural damage caused
by the hurricane. The National Science Foundation gathered photographs, damage
assessments sheets, and three-dimensional laser point cloud data of severely
damaged cold-formed steel industrial buildings. The Port Aransas County Airport
experienced severe damage to several cold-formed steel small aircraft hangars.
The failure of one of these hangars is the basis for this investigation. The laser
point cloud data was utilized to create a model of a hangar structure in
MASTAN2. Multiple analyses were completed in MASTAN2 to determine the
failure mode and damage propagation mechanisms. Also, analyses were
completed to determine the behavior of the undamaged structure and the structure
after loss of the hangar doors. The objective of this research is to determine the
behavior of cold-formed steel structures under extreme loads to form
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recommendations for future construction. Furthermore, this work is among the
first to use post-disaster data to examine structural cold-formed steel performance.
Introduction
The behavior of structures under extreme loading conditions for hot-rolled steel
and structural cold-formed steel structures is a complicated field of research that
continues to expand after each natural disaster, specifically hurricanes. Most of
the research on structural cold-formed steel focuses on individual cold-formed
steel structural components rather than the entire structural system, such as
roofing systems, cladding, columns, shear walls, gravity walls, and diaphragms.
Most research that analyzes structures under extreme loading utilizes
experimental data from a laboratory setting to analyzes the behavior of the
structure.
The research presented in this paper is one of the first to focus on the behavior of
a cold-formed steel structural system under extreme loading conditions, and to
utilize post-disaster data to observe the behavior of the cold-formed steel
structural system. This research is a part of a larger effort to develop an
understanding of the behavior of structures under extreme loading conditions,
such as natural disasters. Additional research observing the performance of
structures under extreme loading conditions utilizing post-disaster data from
Hurricane Harvey is being conducted at universities across the nation, such as the
University of Massachusetts Amherst, University of Nebraska-Lincoln, and Notre
Dame University.
This paper presents the results of this research, which were obtained by running a
multitude of analyses in MASTAN2. Laser point cloud data was utilized to
provide global and cross-section geometries for the hangar structure in
MASTAN2, and the American Society of Civil Engineers (ASCE 7-10 and ASCE
7-93) codes were used to determine loading conditions. In addition, ASCE 7-10
and ASCE 7-93 codes were used to determine and compare the adequacies of
current and previous design code standards. The objective of this research is to
determine the behavior of cold-formed steel structural systems under extreme
loading conditions to make recommendations for future design and code standards
to hopefully increase structural resilience against natural disasters.
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Literature Review
Simulation research has been completed to analyze how buildings and roofs act
during a wind storm. One simulation test commonly practiced is the pull-over
strength test (AISI, 2008) that is designed to mimic the wind uplift and suction of
wind storms. At the University of Florida, Ellifritt et al. (1990) conducted pullover testing that is in accordance with the American Iron and Steel Institute’s
testing specification. The test conducted by Ellifritt et al. (1990) was used as a
basis for the specification presented in the 1992 Cold-Formed Steel Manual. The
objective of these experiments was to simulate a real roof system in a building
subjected to wind uplift or suction to determine how much force would be
required to pull fasteners through the roof panel (Ellifritt et al.1990). The pullover test simulated both dynamic and static wind suction conditions. Results and
analysis of the pull-over test determined that a factor of 0.4 when applied to the
test would provide a good estimate of the strength of the fastener in real
applications. It is extremely important to note that this is only applicable to Grade
E cold-formed steel and configurations identical to the conditions specified in the
experimental program (Ellifritt et al. 1990). Although this research is relatively
dated, it provides important and relevant insight to the performance of coldformed steel roof fasteners under extreme static and dynamic wind conditions.
This is applicable to this research because a substantial portion of the roof of the
hangar structure collapsed, which in speculation is believed to be the cause of the
full structural collapse.
In addition to Ellifritt et al (1990) studying the strength of roofing components,
Fehr et al. (2012) conducted flexural strength tests of roof joists in a standing seam
roof. The objective of the experiments performed on open-web steel joists
laterally braced by a standing seam roof was to determine the strength of the joists
and to determine the most likely failure modes of the joists (Fehr et al. 2012). An
open-web steel joist is a light-weight truss system made of triangulated webs and
chords, which typically supports the roofing component exposed to the wind, rain,
and snow (Fehr et al. 2012). The experimental program was designed to perform
flexural tests on open-web steel joists systems that simulated real seam roof
applications. Results of test and analysis determined that most of the joist failed
by out-of-plane buckling (Fehr et. al 2012).
Results from the experimental program conducted by Fehr et al (2012) were used
as a comparison of accuracy for a new strength prediction method of open-web
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steel joists partially braced by a standing seam roof developed by Moen and
colleagues (Moen et al. 2012). The objective of this work was to determine the
accuracy of the new strength predication method for open-web steel joists
partially braced by a standing seam roof. The predication method is for the top
chord lateral flexural buckling limit state. It is important to note that it is assumed
the top chord of the joist behaves as a column under varying axial load that has
experienced flexural lateral buckling deformations (Moen et al. 2012). The
conclusion was that the presented strength method was accurate for predicating
the strength of the joists with respect to the conditions outlined in the experiment
(Moen et al. 2012). The experimental and analysis work completed by Moen et
al. (2012) and Fehr et al. (2012) does not focus on extreme loading condition;
however, their work focuses on the strength capacity of light-weight steel roofing
systems, which is pertinent to this research. In the hangar structure, the lightweight steel roofing system completely collapsed, thus the research completed by
Moen et al. (2012) and Fehr et al. (2012) provides a valuable understanding of the
performance of light-weight steel roofing systems.
In addition to roofing systems, research studies in the United States have been
completed on the seismic response of cold-formed steel structures. A portion of
the research focused on the seismic response of cold-formed steel structures is
part of the National Science Foundation Network for Earthquake Engineering
Simulation (NEES) Research Program at John Hopkins University and Bucknell
University. The project that specifically focused on cold-formed steel is titled
Enabling Performance-Based Seismic Design of Multi-Story Cold-Formed Steel
Structures, shortened to CFS-NEES. Nakata et al. (2012) provide extensive detail
on the CFS-NEES multi-year project. The paper also provides extensive detail on
the construction and design criteria of the two-story CFS-framed office building
used throughout the research program (Nakata et al. 2012).
Peterman et al. (2016 a) performed a phase of CFS-NEES project, which was
focused on seismic tests of the two-story cold-formed steel structure. Seismic
testing of the building was completed at the University at Buffalo. The two-story
CFS-framed office building was tested in two phases. Testing included
nondestructive tests, design basis earthquake-level testing, and destructive tests at
the maximum considered earthquake level (Peterman et al. 2016 a). Test results
and analysis showed that CFS-framed building performed well under seismic
excitation. It is important to note that the performance of the CFS-building is
relative to the full system-level response (Peterman et al. 2016 a). In a second
companion paper, analysis of the subsystem-level results of the same two-story
CFS-framed building was completed by utilizing extensive instrumentation to
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observe the response of components of the building separate from the full-system
response (Peterman et al. 2016 b). Even though this work focuses on the
performance of structural cold-formed steel under extreme seismic loading and
not performance under extreme wind loading, this research is still relevant as it
provides a strong basis of how cold-formed steel performs under an extreme
loading condition.
One noticeable difference between the research presented in this paper and that of
the research in this literature review is that the research presented in this paper
utilizes post-disaster data, while the literature review revealed there are very
limited research studies that utilize post-disaster data to analyze structural
responses. The work presented in this paper utilizes post-disaster data to assess
the accuracy of design codes and standards. Also, this research attempts to shrink
the gap in the understanding of the performance of cold-formed steel under
extreme wind loading conditions. One goal of this research is to start a
conversation and inspire future studies of cold-formed steel performance under
extreme loading conditions. More importantly, to motivate fellow researchers to
get involved in disaster reconnaissance and utilize data from previous storms to
better enhance the understanding of the behavior of structures during natural
disasters. This is in hopes of creating more adequate design and building codes
for all types of structures that will hopefully result in reduced structural failures,
collapses, and loss of life in natural disaster events.
This work is motivated by the structural damage caused by Hurricane Harvey. On
August 23, 2017, Hurricane Harvey made landfall between Port Aransas and Port
O’Connor, Texas. The Hurricane caused $125 billion in damages and destroyed
over 135,000 homes (worldvision.org 2018) In early September, the Geotechnical
Extreme Event Reconnaissance (GEER) association (funded by the National
Science Foundation) sent a team of researchers and structural engineers to parts
of Texas to assess the level of damage caused by the Hurricane. During the trip,
researchers and engineers filled out detailed rapid damage assessments sheets,
photographed damaged structures, and collected laser point cloud data of severely
damaged structures. The laser point cloud data has been made available to the
public via the University of Nebraska-Lincoln website. The fundamental basis of
this research is the laser point cloud data of a severely damaged hangar structure
at the Port Aransas County Airport. The hangar structure is constructed of
structural cold-formed steel and hot-rolled steel structural members. A
photograph of the damaged hangar structure is shown below in Figure 1. Images
of the laser point cloud data of the collapsed hangar structure is shown below in
Figure 2.
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Figure 1 Damaged Hangar Structure at Port Aransas County Airport. Photo
taken on September 9, 2017 during GEER reconnaissance trip

(a) birds eye view
(b) X-Y view
Figure 2: Laser point cloud data of Port Aransas County Airport Hangar,
collected using LIDAR sensing

Methodology
The first step of this research was archiving and analyzing data collected by the
GEER team of researchers and engineers. Archiving and analyzing the raw data
collected by the GEER team showed that Hurricane Harvey destroyed major
sections of Port Aransas and Port O’Connor, Texas. In coastal areas, a handful of
homes experienced flooding and surge damage caused by the increased flow of
the Gulf of Mexico due to the high wind speeds sustained during the Hurricane.
In inland areas, extensive wind damage destroyed many homes and large
industrial buildings. It was reported that Hurricane Harvey sustained wind speeds
up to 136 miles per hour (63 meters per second) (worldvision.org 2018). The
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design three-second wind gust for Texas in the ASCE 7-10 code is 136 miles per
hour (63 meters per second). Based off the data collected on site, it was assumed
that the hangar structure was built prior to 2000. Therefore, the structure was not
designed to meet the current code standards. However, the extensive damage to
the hangar structure suggests the current code (ASCE 7-93) at the time the
structure was constructed was not adequate for the building’s design life.
Most of the structures in the path of the storm sustained extensive roof damage.
In a handful of detailed damaged assessments sheets, severely damaged structures
were deemed occupiable. The term occupiable simply means people can safely
enter and reside in the building. Occupiable does not infer that the building had
running water, electricity, and four walls and a roof. Therefore, most of the
damage assessments are misleading without access to the photographs of each
site. The damage assessments sheets, photographs, longitude and latitude
locations of the sites, and laser point cloud data files have been made available to
fellow researchers through the Natural Hazards Engineering Research
Infrastructure (NHERI) database.
The laser point cloud data of three cold-formed steel structures were collected in
Port Aransas, Texas. Professor Wood and a research student, from the University
of Nebraska-Lincoln, carefully collected the laser point cloud data in Port
Aransas, and graciously upload the data to the University of Nebraska-Lincoln
website for easy access and navigation. The basis of this research is the laser point
cloud data of a hangar structure at the Port Aransas County Airport. The hangar
structure was constructed of hot-rolled steel and structural cold-formed steel
members. The structure had a metal roof covering, which was complete destroyed
during Hurricane Harvey. The hanger structure experienced an extensive amount
of damage and can be classified as a structural collapse because a large middle
portion of the roofing system collapsed on itself and brought the building to the
ground.
The laser point cloud data from the collapsed hangar structure was used to
determine the structural steel members used to construct the building. Once the
structural steel members were determined, a MASTAN2 Model of the hangar
structure was created. MASTAN2 drawings of the model are presented below in
Figure 4 and 5. The MASTAN2 model was used to analyze the behavior of the
structure under the hurricane wind loads. The loading conditions applied in
MASTAN2 were determined in accordance to ASCE 7-10 wind design codes and
ASCE 7-93 wind design codes. Tables of the loading conditions with respect to
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windward wall, leeward wall, and roof loads are presented in Table 1, 2, and 3,
respectively. The year the hangar structure was built is unknown; however, based
off knowledge from the airport Manager and inspection of the structure by the
GEER team, it was inferred the structure was built prior to 2000. Therefore, the
ASCE 7-93 code was used to determine loading conditions to understand how the
designers predicted the structure to act under expected loading conditions. The
ASCE 7-10 loading conditions were analyzed to serve as a comparison between
older and newer codes to observe the updates to the newer codes. This enables
accurate, feasible, and reasonable recommendations to be made to enhance future
design codes.

Figure 4 Isometric View of Hangar
Structure at Port Aransas County
Airport, TX

Figure 5 X-Y View of Hangar
Structure at Port Aransas County
Airport, TX

Table 1 Windward Wall Loading Conditions for ASCE 7-93, ASCE 7-10 Enclosed
Structure, ASCE 7-10 Partially Enclosed Structure

height (in)
0-180
180-228
*Notes:

Windward Wall Loading Conditions
Loads (Kips/in)
ASCE 7-93 ASCE 7-10 Enclosed
ASCE 7-10 Partially
Enclosed
0.0567
0.079
0.014
0.0597
0.079
0.0169
Positive loads act toward member
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Table 2 Leeward Wall Loading Conditions for ASCE 7-93, ASCE 7-10 Enclosed
Structure, ASCE 7-10 Partially Enclosed Structure
Leeward Wall Loading Conditions
Loads (Kips/in)
height (in)

ASCE 7-93

ASCE 7-10 Enclosed

0-21

-0.041

-0.048

*Notes:

ASCE 7-10 Partially
Enclosed
-0.0956

Negative loads act away from member

Table 3 Roof Loading Conditions for ASCE 7-93, ASCE 7-10 Enclosed Structure,
ASCE 7-10 Partially Enclosed Structure
Roof Loading Conditions
Loads (Kips/in)
distance (in)

ASCE 7-93

0-21
21-42
42-60

-0.051
-0.051
-0.047

*Notes:

ASCE 7-10
Enclosed
-0.172
-0.172
-0.105

ASCE 7-10 Partially
Enclosed
-1.209
-0.899
-0.742

distance is the longitudinal distance from the windward wall

The ASCE 7 code has differing design loading conditions that are dependent on
the type of structure. The hangar structure was analyzed as a main wind force
resisting system enclosed rigid structure and a main wind force resisting system
partially enclosed rigid structure. The reason the hangar structure was analyzed as
an enclosed and a partially enclosed structure is the hangar doors made up a
substantial portion of the structure, and the doors were one of the first components
to fail during the hurricane. Once the hangar doors were removed, the structure
became a partially enclosed, which greatly increases the internal pressure on all
walls and the uplift on the roof leading to a more crucial loading condition. The
behavior of the hangar structure has been analyzed under extreme loading as a
pre-damaged structure and post-damaged structure, deepening the understanding
of the performance of cold-formed steel structures under extreme loading
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conditions. Definitions of building type and equations used to calculate loading
conditions can be found in ASCE 7-10 Chapter 26 and Chapter 27, and ASCE 793 Chapter 6. In both analyses loading conditions for positive and negative
pressures were calculated and analyzed. This paper only reports the most critical
loading conditions and results. Below in Figure 6, a representative sketch shows
the loading conditions for the north exterior frame. The interior frames and south
exterior frame have similar loading conditions only varying in magnitude.

Figure 5 Frames and
Callout of W-Shapes in
Hangar Structure (X-Y
View) Port Aransas
County Airport, TX

Figure 6 Loading
conditions on the north
exterior members Arrows
do not show magnitude of
wind forces.
`
Discussion of Results
The MASTAN2 Model was analyzed utilizing ASCE 7-10 Wind Design
standards and ASCE 7-93 Wind Design standards. To assess the accuracy of the
model the deflections and drifts of the exterior columns were computed and
compared to the recorded data collected by the GEER team of engineers and
researchers in Port Aransas, Texas. In the MASTAN2 Model, deflection and drift
data were computed for the four exterior corners of the hangar structure. The
recorded field data deflections and drifts were reported for the four columns of
the North exterior frame. Therefore, there are two main reference points between
the two data sets: the North East exterior column and the North West exterior
column. The recorded field data deflections and drifts are presented below in
Table 4. The MASTAN2 Model analysis results of ASCE 7-93 loading conditions
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for enclosed structures is presented in Table 5. The MASTAN2 Model analysis
results of ASCE 7-10 loading conditions for an enclosed structure and a partially
enclosed structure are presented in Table 6 and Table 7, respectively.
Table 4 Field Data Obtained from Point Cloud Data
Field Data Recorded by the GEER team
Deflection (in)
Corner
N.E I*
N.W I
N.W E
N.E E
*Notes:

X
12.60
6.30
6.30
12.20

Z
-67.72
-7.87
-1.57
-74.80

Drift (%)
Corner
N.E I
N.W I
N.W E
N.E E

X
6.44
2.99
2.99
6.31

Z
34.61
3.77
0.75
38.7

N.E I = Northeast Interior Column
N.W I = Northwest Interior Column
N.W E = Northwest Exterior Column
N.E E = Northeast Exterior Column

Table 5 ASCE7-93 Deflection and Drift results from MASTAN2 Analysis

Corner
S.W E
S.E E
N.W E
N.E E

Deflection (in)
X
Y
0.020 0.003
-0.534 0.005
-1.720 -0.011
-3.110 -0.036

ASCE7-93 Code
Z
-0.007
0.017
-0.008
0.015

Corner
S.W E
S.E E
N.W E
N.E E

Drift (%)
X
Y
0.009 0.001
0.228 0.002
0.735 0.005
1.329 0.015

Z
0.003
0.007
0.003
0.007
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Table 6 ASCE 7-10 Deflection and Drift results from MASTAN2 analysis of an
Enclosed structure
ASCE 7-10 Code Enclosed Structure
Deflection (in)
Drift (%)
Corner
S.W E*
S.E E
N.W E
N.E E
*Notes:

X
0.087
-0.625
-2.342
-4.951

Y
Z
X
Y
Corner
0.004 -0.008
0.037 0.002
S.W E
0.006 -0.449
0.267 0.003
S.E E
0.029 -0.010
N.W E 1.001 0.012
0.061
0.482
2.116 0.026
N.E E
S.W E = Southwest Exterior Column
S.W I = Southeast Exterior Column

Z
0.003
0.192
0.004
0.206

Table 7 ASCE 7-10 Deflection and Drift results from MASTAN2 analysis of a
Partially Enclosed structure
ASCE 7-10 Code Partially Enclosed
Deflection (in)
Drift (%)
X
Y
Z
X
Y
Z
Corner
Corner
4.543
0.064 -0.106
1.941
0.028 0.045
S.W E
S.W E
-4.915 0.072
0.156
2.100 0.031 0.067
S.E E
S.E E
11.25 0.425
-0.064
4.808 0.182 0.027
N.W E
N.W E
-14 0.475
-0.053
5.983 0.203 0.023
N.E E
N.E E
The analysis of the MASTAN2 Model using ASCE 7-93 Wind Design standards
showed the building did not fail under the maximum loading conditions
considered in the ASCE 7-93 codes. In addition, the ASCE 7-93 code did not
accurately predict the actual lateral and longitudinal deflections of the hangar
structure. The deflections were consistently lower than the actual deflections and
the deflections determined by the ASCE 7-10 analysis. The discrepancies in the
data analysis between the ASCE 7-93 and the ASCE 7-10 code can be attributed
to the update in code between the two manuals. The ASCE 7-10 is significantly
more conservative than the ASCE 7-93. In addition, ASCE 7-93 only defines two
buildings types: enclosed and open. However, ASCE 7-10 defines partially
enclosed buildings, which yielded the most accurate drift and deflection results of
the hangar structure. Also, the maximum design wind speed significantly
increased between the two codes. In 1993 the maximum wind speed for Port
Aransas, Texas was 95 miles per hour (45 meter per second) and in the 2010 the
maximum wind speed for Port Aransas, Texas was 136 miles per hour (61 meters
per second). The discrepancies between the 1993 code and the actual deflections
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and drifts of the hanger structure is due to the static loading conditions defined in
ASCE 7-93. The actual hanger structure experienced intense dynamic loading
conditions and those dynamic loading conditions were not considered in the
MASTAN2 model.
Compared to the GEER team field data, the MASTAN2 Model more accurately
predicted lateral deflection than longitudinal deflection. Furthermore, the
MASTAN2 Model was analyzed as an enclosed and partially enclosed structure,
in accordance to the definitions in ASCE 7-10. The magnitude of deflection and
drift between the partially enclosed and enclosed analysis were significantly
different. Although, the hangar structure failed in both analysis. In a typical design
failure is defined by a drift greater than or equal to 2% in any direction. The
maximum drift in the enclosed analysis was 2% compared to the maximum drift
of 6% in the partially enclosed analysis. In addition, the MASTAN2 Model
analyzed as a partially enclosed model was significantly more accurate in
predicting the actual defection and story-drift of the hangar that was caused by
Hurricane Harvey. The lateral deflection of the top of the North East Exterior
column determined by MASTAN2 Model Partially Enclosed Wind Load analysis
was 14 inches (0.36 meters). The GEER team field data deflection of the top of
North East Exterior column was recorded as 12.7 inches (0.31 meters). The
MASTAN2 model has about a 10% percent error when predicating the lateral
deflection of a column. The MASTAN2 Model yields a lateral deflection about
10% greater than the actual lateral deflection caused by Hurricane Harvey.
In terms of longitudinal deflection, the MASTAN2 Model Partially and Fully
Enclosed analyses were inaccurate in predicating the actual longitudinal
deflection of the columns. Most of longitudinal deflections computed by
MASTAN2 were a magnitude lower than the actual longitudinal deflections
recorded by the GEER team. The discrepancies in the longitudinal deflection data
computed by the MASTAN2 model is most likely attributed to the static wind
loading conditions. The actual hangar experienced significant dynamic wind
loading and dynamic loading considerations were not considered in the MASTAN
2 Model.
Conclusions
The results of this research show that the ASCE 7 design codes have progressively
and successfully become more adequate and accurate at predicting the actual
response a structure will have to extreme wind events, such as hurricanes. In

512

addition, engineers should take into consideration and be cautious of the definition
of partially enclosed structures in ASCE 7-10. Currently, ASCE 7-10 defines a
partially enclosed structure as a structure with each wall at least 80% open. By
this definition, the hangar structure after the doors were removed is technically
not a partially enclosed structure. However, analysis shows that the deflection and
drifts computed using the ASCE 7-10 partially enclosed conditions were
significantly more accurate than the results from the analysis that uses the ASCE
7-10 enclosed conditions. Therefore, engineers should be cautious of the meaning
of enclosed and partially enclosed and use their engineering judgement to assess
the condition rather than blindly following the code definition.
In addition, the partially enclosed analysis presented in ASCE 7-10 adequately
predicated the damage caused to the structure after some damage was completed.
Prior to damage, the structure was entirely enclosed; however, the hangar doors
being ripped off by the high-speed winds create a wind tunnel effect inside the
hangar structure. The change in the building geometry during the hurricane
transformed the structure into a partially enclosed structure. Also, the change in
the building geometry greatly increased the loading conditions the structure
experienced; therefore, intensifying deflections and story drift of the structure.
The partially enclosed analysis in ASCE 7-10 accurately predicted the lateral
deflections the hangar experienced. Thus, practicing engineers should highly
considered using the partially enclosed analysis to determine the possible
response of a structure during a high wind event.
This research is one of the first to analyze the performance of a structure during
extreme loading and utilize actual disaster reconnaissance data to comment on the
validity of analyses performed in MASTAN2 and the adequacy of current wind
design code standards. The analyses presented in this paper are not a perfect
representation of the actual loading conditions the hangar structure experienced
during the hurricane. These analyses only examine static loading conditions;
however, the hangar structure experience significant dynamic loading conditions
during the hurricane. In the future, it would beneficial to include dynamic loading
conditions in this analysis to determine if the design codes remain adequate. In
general, future research in the field of structural resilience during disasters should
focus on utilizing post-disaster relief data to determine the behavior of a building
or material under extreme loading conditions. This field of research has the
potential to make significant recommendations to enhance design codes, which
has the possibility of resulting in more safe and effective structures.
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Sustainability of modular lightweight steel building from
design to deconstruction
Ornella Iuorio1, Loredana Napolano2, Luigi Fiorino3, Raffaele Landolfo4
Abstract
The increasing concerns over population growth, depletion of natural resources
and global warming as well as catastrophic natural events is leading the
international scientific community to envisage sustainability as a crucial goal.
The built environment plays a key role on the triple bottom line of the
sustainable development - Planet, People, Profit - because of several
environmental, social and economic impacts produced by the construction
sector. The acknowledged need to promote a sustainable building market is an
international high-priority issue as underlined by the 2030 Agenda for
Sustainable Development. Indeed one of its strategic objectives highlights to
make cities and human settlement inclusive, safe, resilient and sustainable. In
line with the 2020 Europe Strategy and the European 2050 Roadmap, energy
efficiency and CO2 savings towards a low-carbon economy are regarded as
ambitious objectives to be achieved for both new and existing buildings. Thus,
controlling and reducing the environmental impacts of new constructions is
fundamental.
In line with this, the “Energy efficient LIghtweight Sustainable SAfe steel
construction” (ELISSA) research project financed under the European FP7
aimed to develop a modular Cold – formed steel system that is energy efficient
and robust. This paper presents the life cycle analysis of the building developed
as case demonstrator. It analyses the environmental impacts during both the
construction and the deconstruction phase. This works provides a benchmark of
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the current possibilities offered by lightweight steel structures in the framework
of sustainable constructions.
Introduction
The International Energy Agency points out that residential and commercial
buildings account for roughly 32% of global energy use and almost 10% of the
total direct energy-related CO2 emissions. It also highlights the importance of
implementing stringent energy-saving requirements for new buildings and
retrofitting, and the need to use high-efficient technologies in building envelopes
and heating/cooling systems. In this context, the reduction of the environmental
impacts of the built environment and the improvement of the energy efficiency
of buildings during their entire life cycle is a worldwide prime objective for
energy policy. As a result, the demanding legislation concerning the reduction of
the energy consumption of buildings has been challenging both the construction
sector and the research community to develop new high-efficient products and
construction techniques, to set up new methodologies for assessing the energy
demand of buildings during each stage of their life cycle (Shares et al. 2017),
and to develop new technologies to improve the use of renewable energy
sources, such as solar thermal energy.
The project ELISSA is a collaborative work of three universities (National
Technical University of Athens, University of Federico II in Naples, University
of ULSTER in United Kingdom), one research centre (STRESS SCARL from
Italy), and seven industrial partners (Farbe SPA (Italy), Woelfel Beratende
Ingenieure GmbH & Co KG (Germany), Ayerisches Zentrum fur
Angewandteenergieforschung ZAE EV (Germany), Knauf Gips GK (Germany),
Haring Nepple AG (Switzerland), Knauf of Lothar Knauf SAS (Italy), VA-QTEC AG (Germany)). It aimed at the development and demonstration of nanoenhanced prefabricated lightweight steel skeleton/dry wall systems with
improved thermal, vibration/seismic and fire performance, resulting from the
inherent thermal, damping and fire spread prevention properties of carefully
preselected inorganic nanomaterials (aerogels, VIPs, MMTs, CNT) and NEMS
as well as the development of industrially friendly methods for their application.
The structural design of the ELISSA house and testing of the Mock-up have
been largely presented and discussed in previous Authors papers (Landolfo et al
2018, Fiorino et al 2018, 2017 a, b, 2016).
This paper, building on previous work by the Authors about environmental
impact of lightweight steel structures (Iuorio et al 2011), discusses the
environmental impacts of the construction and deconstruction process of the
ELISSA Mock-up realized in Naples at the end of the research project.
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The ELISSA construction system
Central to the research project was the conceptual design of the “ELISSA
House” (Figure 1), a two-storey building. The concept has been developed based
on two main constraints: the house aimed to represent a real-life condition, able
to show case and contain all the required equipment for a single person
dwelling; and, the dimensions in plan and elevation were defined in order to
allow the production of a full-scale prototype to be tested in the laboratory of the
Department of Structures for Engineering and Architecture at the University of
Naples Federico II.
The ELISSA house was made of three modules that were horizontally and
vertically jointed. In a single floor module, the entrance with wardrobe and the
bathroom are located, while in a two-storey floor module, the kitchen / living
area is located on the ground floor and a single bedroom is arranged on the
second floor. Each module has a 2.5 x 4.5m plan. The total usable area is of
34m2 plus a terrace accessible from the bedroom and located on the roof of the
single storey module. The maximum height is 5.4m. Light and fresh air are
guaranteed through the main door and ceiling window in the single storey
module and through windows and balcony in the two- storey building.

a

b.
Fig 1. ELISSA house: a) first floor, b) perspective view

Mock - up
A mock-up of the ELISSA house was realized at the University of Naples as
proof of concept and for seismic testing. The load bearing structure of the
ELISSA mock-up has Cold Formed Steel (CFS) walls and floors sheathed with
gypsum based board panels. In particular high impact Knauf Diamant Boards
are used for walls and Knauf GIFAfloor boards for floors, where Knauf Diamant
boards are gypsum based panels with high mechanical and fire resistance and
sound insulation, and Knauf GIFAFloor is a high quality, interlocking tongue
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and grooved floor board system, engineered using gypsum fibreboard
technology. The connections between sheathing and CFS profiles are realized
with 2.2 mm ballistic nails for the walls and 2.8mm nails for the floors. The
finishing has been defined to improve thermal performance and provide specific
high thermal performance solutions. The main products used for finishing are:
Aquapanel outdoor, mineral wool, Knauf Diamant boards, Knauf GIFA floor
boards and Vacuum insulation panels. Aquapanel outdoor are cement boards
that can withstand the extreme weathering effects of wind, rain and snow. Figure
2, 3 and 4 describe the external wall, intermediate floor and roof compositions,
respectively. The construction of the mock-up last approximately 15 days, of
which 5 days were spent for the assembly of the structural part and the finishing,
while 10 days were needed for mounting and demounting the scaffolding. Eight
days were instead needed for disassembly the ELISSA mock-up after the
seismic tests were performed.

Fig.2. Mock-up External wall.

Fig 3. Mock-up intermediate floor
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Fig.4. Mock-up roof system.
Life cycle analysis
The work proposes to use Life Cycle Assessment (LCA) as an environmental
assessment methodology to investigate the sustainability of lightweight steel
systems. In particular, in agreement with current research outcome, the Authors
recognizes the fact that with reduction of operational energy thanks to the
adoption of technical solutions towards Net Zero buildings, the evaluation of the
embodied carbon associated with the construction and the end of life phase
becomes of primary importance (Iuorio et al 2013, De Wolf et al. 2014). To this
end, this paper investigates the environmental impact of the ELISSA house
looking at the construction phase and the end of life phase. The LCA is
developed according to the ISO 14040 (2006) and ISO 14044 (2006) and it is
articulated in four steps: Goal and Scope, Life cycle inventory (LCI), Life Cycle
Impact Assessment (LCIA), and Interpretation and results phases. SimaPro 7.3
software in combination with several LCA databases (e.g. Ecoinvent 3) and
materials Environmental Product Declaration (EPDs) are used to analyse the
environmental footprint of the ELISSA house.
Goal and scope definition
The ELISSA house has been detailed in section 2. The scope of this section is to
analyse the environmental impact of the ELISSA mock up through LCA
methodology.
The LCA analysis includes the following phases: 1. Construction (cradle – to gate); 2. End of Life (EoL). The construction phase includes the manufacturing
and transportation of building materials (Modules A1-A3, EN
15804:2012+A1:2013), intended as structural materials, insulation, and
finishing, as well as the assembly of all the structural and non-structural
components of the ELISSA Mock up (Module A5, EN 15804:2012+A1:2013).
Instead in the End of life phase the deconstruction of the mock-up (Module C1,
EN 15804:2012+A1:2013) as well as the disposal (Module C4, UNI EN
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15804:2012) and/or the recycling of the materials is considered (Module D, UNI
EN 15804:2012)
Inventory analysis
Inventory analysis involves data collection and calculation procedures to
quantify relevant input and output data of the ELISSA mock-up (ISO 14044
2006). Table 1 summarizes the amount of materials used for the overall mockup. The transportation of the materials from the production site to the site where
the Mock-up has been assembled is not part of this analysis, because the
ELISSA mock up could have been realized anywhere.
1.

Construction phase

For the construction stage, only the equipment adopted for the assembly of the
mock-up in the laboratory has been considered. It is worth noticing that the
construction process of the ELISSA house is a dry construction process, where
all materials and components are fabricated in factories and transported on site
where they are assembled. All the connections between structural parts are
realized with mechanical connections and the connection between structures and
finishing is either glue based or with mechanical connections. The data and
duration of use of all the equipment, having environmental impacts, are
summarized in table 2.
Material

Table 1. Material amount and data source
Quantity

Discarded
parts in
construction
30
44
6
4

Unit

Source

Galvanized	
  CFS	
  profiles*
2006
[kg]
Ecoinvent 3
Knauf	
  Diamant	
  (15	
  mm)	
  
300
[m2]
Primary data
Knauf	
  GIFAfloor	
  (28	
  mm)	
  
36
[m2]
Primary data
Floor	
  heating/	
  cooling	
  
24
[m2]
Primary data
GIFAfloor	
  Klima	
  (32mm)	
  
Aquapanel	
  Outdoor	
  +	
  
57
9
[m2]
Primary data
Render	
  (12.5	
  mm)	
  
Exterior	
  Basecoat	
  
530
94
[kg]
Ecoinvent 3
VIP
227
≈0
[kg]
Ecoinvent 3
Mineral	
  wool	
  
350
45
[kg]
Ecoinvent 3
Membrane	
  LDS	
  0.04**	
  
8,5
≈0
[kg]
Primary data
*Galvanized CFS profiles includes: C (147/50/1.5) + C(197/50/2.0) + Resilient
channel (60/27/0.6) + slotted hat profiles
** Vapour permeable and waterproof foil
http://www.knaufinsulation.gr/en/content/homeseal-lds-004
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Equipment

Table 2. Equipment data for construction phase

Building equipment:
staple gun
Grinding machine
Screwdriver
Tow truck
Lift truck
Forklift

2.

Time
[hr]
11.5
1.5
3
2.99
5.33

Power
[kW]
0.085

Energy
[kWh]
0.98

0.64
0.327
15

44.85
0.98
44.85

0.5

Fuel
[l]

37.3
1
3.5

Use

Connecting GIFA floor to
CFS profiles
To cut GIFa floor on site
Screws
Handling of components
Handling of components
Handling components

End of life phase

The designed life-cycle for the ELISSA house is 50 years. For the definition of
the end of the life scenarios, data were derived by the real deconstruction
process of the ELISSA Mock-up. Table 3 summarized the quantities of materials
that have been recycled (i.e. CFS profiles), reused (i.e. VIP panels) and landfill
(i.e all the other materials). Table 4 synthetize the equipment having
environmental impacts used in the deconstruction phase.
Table 3. Waste scenarios

Material
Galvanized	
  CFS	
  profiles*
Knauf	
  Diamant	
  (15	
  mm)	
  
Knauf	
  GIFAfloor	
  (28	
  mm)	
  
Floor	
  heating/	
  cooling	
  
GIFAfloor	
  Klima	
  (32mm)	
  
Aquapanel	
  Outdoor	
  +	
  
Render	
  (12.5	
  mm)	
  
Exterior	
  Basecoat	
  
VIP
Mineral	
  wool	
  
Membrane	
  LDS	
  0.04	
  

Recycling
100%
-

Reuse
-

-

Landfill
100%
100%
100%
100%

100%
-

100%
100%
100%

Table 4. Equipment data for deconstruction phase
Equipment
Tow truck
Lift truck
Forklift

Time
[hr]
6
2.5
1

Power
[kW]
15

Energy
[kWh]
90.0

Fuel
[l]
17.5
7
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Impact assessment
The results of the environmental analysis are presented according to the data
format of the Environmental Product Declaration (EPD) standard (UNI EN
15804:2012). Indeed, the environmental outcomes are expressed through six
impact categories: Global Warming Potential (GWP), Ozone Depletion Potential
(OPD), Photochemical Ozone Creation Potential (POCP), Eutrophication
Potential (EP), Acidification, Potential (AP), and Non Renewable Energy
(NRE).
1.

Life cycle of ELISSA mock-up

The LCA of the mock-up, synthetized in figure 5, demonstrates that main
impacts are given by the material production phase (Modules A1-A3), while the
impacts of A5 and C1 modules can be considered negligible; furthermore, the
EoL processing provides several benefits mainly due to the recycling of steel
and reuse of VIP (Modules C4; D).

LCA	
  Elissa	
  
100%	
  
90%	
  
80%	
  
70%	
  
60%	
  
50%	
  
40%	
  
30%	
  
20%	
  
10%	
  
0%	
  
-‐10%	
  
-‐20%	
  
-‐30%	
  
-‐40%	
  
-‐50%	
  
-‐60%	
  

C4/D	
  
C1	
  
A5	
  
A1-‐A3	
  

GWP	
  

OPD	
  

POCP	
  

AP	
  

EP	
  

NRE	
  

Fig 5. LCA of the overall Mock-up (A1-A3; A5; C1; C4; D modules).
In the following sections, the interpretation of the environmental results related
to the construction phase and the EoL of Elissa mock-up is presented.
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2.

Construction phase

Looking in detail to the material production phase, (i.e. A1- A3 modules), it is
worth analyse the impacts of the materials used for walls and floors realization.
Instead, with regards to the impacts related to the construction process phase
(A5 module) only the analysis of the waste produced in this stage is presented.
As depicted in figure 5, the impact of A5 module is neglected. Excepted for the
steel material that is recycled, all the others are sent to landfill (Table 1). Figure
6 and 7 show the impacts of the materials used for walls and floors respectively.
It appears clear that in both cases CFS profiles plays a major role, followed by
the Diamant boards for the GWP indicator. This demonstrates that the impact of
the structural components is largely higher that the impact of all the other
finishing materials. In terms of waste (A5 module), several credits are obtained
for the recycling of steel material. Landfilling of Diamant, GIFAfloor and
Aquapanel, instead, contributes to the higher environmental impact as reported
in the Figure 8.

100%	
  
90%	
  
80%	
  
70%	
  
60%	
  
50%	
  
40%	
  
30%	
  
20%	
  
10%	
  
0%	
  

Diamant	
  (Non	
  
Structural)	
  
VIP	
  
Aquapanel	
  	
  
Mineral	
  Wool	
  
Membrane	
  LDS	
  
0.04mm	
  
Exterior	
  basecoat	
  
Galvanized	
  CFS	
  (Non	
  
Structural)	
  
Diamant	
  (Structural)	
  
Galvanized	
  CFS	
  
(Structural)	
  

Fig 6. LCA of walls production

524

100%	
  

Floor	
  hea]ng/cooling	
  
GIFAﬂoor	
  Klima	
  (32mm)	
  

80%	
  

Diamant	
  

60%	
  

Mineral	
  Wool	
  

40%	
  
Galvanized	
  CFS	
  (Non	
  
structural)	
  

20%	
  

GIFAﬂoor	
  (28mm,	
  
Structural)	
  

0%	
  

Galvanized	
  CFS	
  
(Structural)	
  

Fig 7. LCA of Floors production

Fig. 8. Waste production in the construction phase (A5 modules).
3.

End of life phase

Looking at the end of life and leaving aside the C1 phase, which impact can be
neglected, figure 9 demonstrates that the recycle of steel materials and the reuse
of VIP panels (C4-D modules) provide environmental beneficial effects.
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EOL	
  phase_waste	
  assessment	
  
30%	
  
20%	
  
10%	
  
0%	
  
-‐10%	
  
-‐20%	
  
-‐30%	
  
-‐40%	
  
-‐50%	
  
-‐60%	
  
-‐70%	
  
-‐80%	
  
-‐90%	
  
-‐100%	
  
GWP	
  

OPD	
  

POCP	
  

AP	
  

EP	
  

NRE	
  

Exterior	
  basecoat	
  

Mineral	
  wool	
  

STEEL	
  

Knauf	
  diamond	
  15mm	
  

Knauf	
  diamond	
  28mm	
  

Knauf	
  diamond	
  32mm	
  

Aquapanel	
  

VIP	
  

Figure 9. Waste production in the EOL phase (C4-D Modules)
Conclusions
Quantifying the sustainability of any structural systems is a current critical point
towards the reduction of the impacts of the construction sector. In particular
providing reliable benchmarking of real structural typology is a challenge,
which this paper aims to address with the analysis of a real construction. The
ELISSA mock up realized in Naples at the end of an FP7 program, devoted to
the development of a CFS system characterized by high seismic and thermal
performance, allowed the Authors to critically look at the construction and
deconstruction phases of a prototype. The analysis according to an LCA
methodology of the materials quantities and equipment used for the construction
and deconstruction of the housing prototype, allows evaluating the
environmental impacts of structural and non-structural components in the
construction phase, as well as the impacts of the construction and deconstruction
process. The paper shows, that for a system where the finishing have been
carefully selected for maximize the thermal performance and minimize the
environmental impacts, the structural components (i.e. galvanized CFS profiles
and Diamond boards) play a key role in terms of environmental impacts. The
study also demonstrates that those impacts are partially counterbalanced by the
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recycling of components (in this specific case of steel and VIP) in the end of life
phase.
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Finite element assisted design of the eaves joint of cold-formed steel
portal frames using single channel-sections
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Abstract
A finite element model is described for the eaves joint of a cold-formed steel
portal frame that comprises a single channel section for the column and rafters
eaves connections. The members are connected to the brackets through both
screws and bolts. Such a joint detail is commonly used in practice in New Zealand
and Australia, where the function of the screws is to prevent slip of the joint during
frame erection since the bolt holes are detailed for nominal clearance. The results
of the finite element model are compared against two experimental test results. In
both, the critical mode of failure is a combination of torsion of the eaves joint and
shear failure of screws. It is found that at ultimate load, the bolts have not engaged
i.e. they have slipped. It is shown that the stiffness of the joints can be accurately
predicted from the equations of bolt and screw stiffness of Zaharia and Dubina
(2000). It is also shown that the finite element model can be used to determine
both an upper and lower bound to the failure load.
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Introduction
Cold-formed steel portal frames are a feasible and cost-effective alternative to
hot-rolled portal frames up to spans of around 25m in countries with no or low
snow loading. Advantages of cold-formed steel portal frames include being
lightweight, having ease of transportation, as well as not requiring skilled workers
for on-site assembly (Lim, Wrzesien et al., 2016). It is well-known that the
behaviour of the eaves and apex joints are critical, as they need to carry bending
moment as well as axial and shear force. The bending moment diagram under
gravity load of such a frame with typical eaves connection rotational stiffness is
shown in Figure 1.

Figure 1 Typical bending moment diagram of the portal frame under gravity
load
Experimental and numerical studies have previously been reported in the
literature on the behaviour of cold-formed steel portal frames, including work by
Baigent et al. (1982), Kirk (1986) (see Figure 2 (a)), Bryan (1993), Lim and
Nethercot (2002 and 2004), Mills and LaBoube (2004) (see Figure 2 (b)), Dubina
et al. (2007), Kwon et al. (2008), Wrzesien, Lim et al. (2012) and Blum (2016)
(see Figure 2 (c)).
This paper considers an eaves joint arrangement not previously investigated in the
literature. It comprises a single channel-section and bracket, connected through
screws and bolts, as shown Figure 3 and is very commonly used in practice in
New Zealand and Australia for frame spans of up to 25 m. The function of the
screws is to prevent slip of the joint during frame erection, as the bolt holes are
nominally sized clearance holes.
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(a)

(b)

(b)
Figure 2 Eaves joints tested by (a) Kirk (1986), (b) Mills and LaBoube (2004),
(c) Blume (2016)

Figure 3 Eaves joint arrangement with single channel-section and bracket,
connected through screws and bolts: (a) general assembly; (b) eaves bracket
Experimental investigation
Two eaves joints, designated as Specimens A and B, were tested under combined
closing (negative sign) bending moment, axial force, and shear force, which is the
case in a real portal frame subjected to vertical loading. The specimens were made
of high strength AS1397 G450 steel with minimum yield strengths of 450 MPa.
The tests were conducted in the University of Auckland Structural Test Hall. A
photograph of the laboratory test arrangement is shown in Figure 4. As can be
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seen, the eaves connection was tested vertically. The test set-up was similar to
that used by Mills and LaBoube (2004), but with additional eaves purlin to
provide lateral restraint, as would exist in practice. Using this test set-up, the
proportion of axial load to bending moment would be slightly higher in the tests
than that would be in practice (Mills and LaBoube, 2004), but this geometry was
limited by the available testing machine. The dimensions of the Test Specimens
are shown in Figure 5. The lever arm for bending moment generation at the eaves
joint, measured from the pin to the centreline of the joint, was 705 mm (see Figure
5).

Figure 4 Photograph of laboratory test set-up of eaves joint with purlin

Figure 5 Schematic diagram of eave joint Test Specimens

533

As was seen in Figure 3, a C15024 single channel-section was used for the column
and rafter and C10015 for the eaves purlin. Table 1 shows the average measured
dimensions for both channel sections.
Table 1 Measured average centreline channels dimensions
Section
C15024
C10015

Height
(mm)
149.24
100.19

Flange width
(mm)
63.16
51.06

Lip width
(mm)
16.05
12.17

Thickness
(mm)
2.48
1.56

The dimensions of the eaves bracket used for each Test Specimen are shown in
Figure 6. The average measured thickness of the brackets was 2.48 mm. As can
be seen, bracket sizes were slightly different for Test Specimens A and B.

(a) Test Specimen A
(b) Test Specimen B
Figure 6 Screw and bolt arrangement and the corresponding size of eaves
bracket
The column and rafter were connected to the bracket using M16 Gr 4.8 bolts and
No. 12-14x20 Tek screws. In both tests, the bolts were only finger-tightened
which is lower than the specified snug tightening condition. Bolt holes were
clearance holes with 18 mm diameter. According to the screw supplier catalogue
(Buildex, 2018), the screws have a single shear capacity of 8.5 kN.
The purlin was connected to the eaves joint via a 3 mm thick angle bracket
screwed to the bracket with eight screws (see Figure 3 (a) and Figure 4). The other
end of the eaves purlin was fixed to a rigid support, as shown in Figure 4 (a).
As shown in Figure 5, two 6 mm stiffening plates were bolted to the webs of the
column and rafter at the pin locations preventing local failure at the point of load
application. At each loading point, a 30 mm diameter pin was inserted through
holes drilled in the stiffening plates and the webs of the column and rafter. A
displacement-controlled load via 500 kN capacity MTS machine were applied to
the specimens as the cross-head of the testing machine was moving at a constant
rate of 1 mm/min until the failure of Test Specimens.
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Figure 7 shows the variation of the load against displacement for Test Specimens
A and B. Both specimens showed a slightly rigid behaviour at the beginning of
loading until the load reached approximately 2 kN. This higher gradient of the
load-displacement curves can be explained by the friction in the assembly. Then,
the gradient of the load-displacement curves was approximately constant until the
first screw failed in shear (see Figure 6) associated with 8.04 kN and 8.50 kN for
Test Specimens A and B, respectively. The sudden loss of load due to screw
failure was about 1.5 kN and 1 kN for the Test Specimens A and B. For Test
Specimen A, the second screw had failed immediately after the first screw which
led to a slightly higher load loss than Test Specimen B. Then, the gradient of the
load-displacement curve continued to increase gradually until the peak load
reached for the Test Specimen A at 8.67 kN, associated with the yielding of the
bracket. While for Test Specimen B, the second screw failed after the load reached
9.25 kN. After the second screw failed, the load increased gradually until the
bracket failed due to plastic mechanism formed in the bracket at 8.07 kN. The
failure load and the peak load of the specimens A and B are shown in Table 2.
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(a) Test Specimen A
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(b) Test Specimen B
Figure 7 Variation of the load against displacement of Test Specimens A and B
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Table 2 Experimental failure load (kN)
Test
A
B

Load at first screw failure
8.04
8.50

Peak load
8.67
9.25

Figure 8 shows photographs taken at the ultimate stage of loading i.e. 50 mm for
Test Specimen A. As can be seen, the failure of such eave joint could be
categorised into:
(a) failure of the screws
(b) twisting of the channel sections
(c) formation of a yield line in the bracket

Figure 8 Mode of failures for Test Specimen A in 50 mm displacement: (a),(b)
Experiment; (c),(d) FEA.

536

The finite element mesh used for analyses of Test Specimens A and B are shown
in Figure 9. The finite element program ABAQUS was used for the analyses. The
channel-section and bracket were modelled with 4-node doubly curved S4R shell
elements with linear interpolation, reduced integration and hourglass control.
Adaptive mesh sizes were applied to the model, with mesh sizes of 5 mm were
used in the brackets.

Figure 9 Isometric view of the finite element mesh of Test Specimens A and B
Instead of modelling the screws and bolt holes physically, the screws and bolts in
the joints were modelled using point-based fasteners, which act as multi-point
constraints.
The axial stiffness of the bolts was taken as EsAb/Lb (where Es=elastic modulus of
elasticity, Ab=cross sectional area of the bolts, Lb=length of the bolt which equals
to t1+t2 where t1 = thickness of the bracket and t2 = thickness of the channel
section).
The overall screw/bolt-hole shear stiffness, caused by bearing of the fastener
against the fastener hole is given by the kZD value. This stiffness value used in the
FEA model was taken as per the semi-empirical equation by Zaharia and Dubina
(2000):

k ZD

=

d

6.8
(

5
t1

+

5
t2

(kN / mm)
− 1)

(1)
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where d is the nominal diameter of screws and bolts.
Although this formula was mainly developed for bolted connections in tolerance
holes, it was demonstrated by Wrzesien (2016) that it can also be used for
estimating shear stiffness of screwed joints. In this work, Wrzesien (2016) had
conducted a serious of tests on lapped screwed joints and compared experimental
shear stiffness versus calculated values. The shear stiffness values used in the
FEA idealisation of the screws and bolts (kscrew and kbolt respectively) are presented
in Table 3.
Table 3 Values of kZD of the screws and bolts as per Zaharia and Dubina (2000)
Screw
Bolt

d (mm)
5.5
16

t1 (mm)
2.47
2.47

t2 (mm)
2.48
2.48

kZD (kN/mm)
5.24
8.93

In the finite element model, by using the point-based fasteners, the bolt hole
elongation was modelled with 1 mm slip (see Figure 10). The free rotational
degree of freedom was considered for both the screws. It was assumed that the
bolts could freely rotate axially since they are finger tight. The other two rotational
degrees of freedom were considered to be rigid. Contact interaction with normal
hard behaviour and frictionless tangential behaviour were modelled between all
surfaces.

150
100

Force

200

Bolt: No slip
Bolt: Slip
Screw

50
0
-50

Slip

Displacement

-100
-150
-200

Figure 10 Force-displacement relationship of the screws and bolts

Static general analysis with geometric and material nonlinear properties was used.
Young’s modulus and Poisson’s ratio were taken to be 200 GPa and 0.3,
respectively. An elastic-perfectly plastic stress-strain curve was used, with a yield
stress of 450 MPa.
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The FEA results are also shown in Figure 7. As can be seen, the shear stiffness
values of kZD for the screws and bolts (shown in Table 3), have resulted in the
close prediction of the load-displacement curve by the FEA. Table 4 summaries
the values of the gradients for both FEA and experimental load-displacement
curves.

Table 4 Gradient of the load-displacement curve
Test
A
B

Exp (kN/mm)
0.34
0.31

FEA (kN/mm)
0.33
0.31

As was mentioned previously, the FEA does not take into account failure of the
screws (or bolts). The failure load of the eaves joint predicted by the FEA can,
therefore, be considered to be an upper bound to the failure load of the joint.
It is useful, however, to identify the point on the FEA load-displacement curve
that the screws reach the shear failure load of 8.5 kN (as given by manufacturer’s
catalogue). This point is identified in Figure 7 and can be seen to be a lower bound
to the failure load of the joint. For comparison, the point on the load-displacement
curve that the screws reach a shear load of 11 kN is also shown. It can be expected
that the ‘true’ shear resistance of the single screw is higher than this recommended
for the design. The standard deviation analysis and additional safety factors could
explain the difference between measured and design value.
Figure 8 also shows the failure mode predicted by the FEA model. It can be seen
that the FEA predicted failure modes are in agreement with those of the
experimental tests.
Effect of bolt slip
In the previous section, a bolt slip of 1 mm was considered. In this section, the
finite element models are re-run considering:
•
•

no bolt-slip (i.e. the diameter of the bolt-holes is the same as the diameter
of the bolt)
bolt-slip of 5 mm (i.e. representing slotted holes)

Figure 11 shows the resulting load-displacement curve of the Test Specimens A
and B. It can be seen that increasing the bolt-slip from 1 mm to 5 mm does not
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affect the gradient of the load-displacement curve when compared with the
experimental results.
Figure 11 also shows the point where the shear in the screw reaches 8.5 kN. If this
is assumed to represent the failure load, it can be seen for Test Specimens A that
this point lies above the experimental failure load when bolts engage and do not
slip.
Figure 12 shows the FEA-predicted connection stiffness with screw/bolt holes
elongation stiffness from Zaharia and Dubina (2000) when bolts do not engage
due to slipping. Figure 12 also highlights a large contribution of screw/bolt holes
elongation stiffness to the overall stiffness of the eaves connection. This is
demonstrated by the upper bound theoretical model in which ‘rigid’ Cartesian
Connectors are used for modelling screws and bolts.
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Figure 11 Effect bolt slips for Test Specimens A and B
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Figure 12 Effect of bolt slip on the gradient of the load-displacement curves
Effect of screw shear stiffness
As shown in Figure 13, a sensitivity study was carried out on how shear stiffness
of the single-screw connection could affect the stiffness of the eave joint with bolt
slippage. The ratio of gradients of the load-displacement curves K/KExp was used
to describe the increase (i.e. K/KExp > 1) or decrease of eaves joint stiffness. It
should be mentioned that gradient K is calculated from the finite element results
and gradient KExp is constant.
The shear stiffness of the single-screw connection varied in the analysis as
αkscrew,ZD, where α is a factor which describes increase or decrease of the shear
stiffness (see Figure 13). Bolts were assumed to be not engaged due to slipping.
As can be seen in Figure 13 a non-linear relationship is shown between eaves joint
overall stiffness and a shear stiffness of the single screw used in the connection.
The ratio of gradients (K/KExp) is more affected when more flexible screws are
used, i.e. α < 1. While the stiffness of the screws increased (α > 1), e.g. using the
larger diameters of the screws, the gradient is much less affected.
The stiffness of the Test Specimens A and B were also compared with the
theoretical upper bound case where screws are behaving as rigid in Figure 13, i.e.
α approaches ∞. K values were calculated for the Test Specimens A and B and are
the gradient of the load-displacement curves obtained from the FEA. It was
demonstrated that the upper bound stiffness of the eaves joint cannot be reached
using assumed screws configurations and shear stiffness of single screw 5 times
greater than the typical one.
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Figure 13 Effect of screw stiffness (bolts assumed not to engage)
Conclusions
Eaves joint of a cold-formed steel portal frame, comprising a single channelsection and bracket, connected through both screws and bolts were investigated
with finite element method. The following general conclusions can be drawn:
•

•
•

While the screws are nominally provided in practice to prevent slip of
the joints during frame erection, it is found that it is the screws that
contribute to the connection stiffness and that the bolts do not engage;
the explanation for this is shown to be that the bolt-slip and that any such
bolt-slip needs to be taken into account in an FEA analysis.
Furthermore, it is shown that the stiffness of the joints, attributable to
screw hole elongation, can be predicted from the equation on screw/bolt
stiffness provided by Zaharia and Dubina (2000).
The use of the finite element model leads to a lower-bound estimation of
the strength by considering screw failure, which can be used for the safe
design of eaves joints. Also, in the absence of the screws failure, an
upper-bound solution for the ultimate strength of the eaves joint could
be expected.
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Appendix. – Notation
α = stiffness of the screw related to related to that of Zaharia and Dubina (2000)
d = nominal screw or bolt diameter
kbolt = shear stiffness of the bolt
kZD = shear stiffness of the screw or bolt based on Zaharia and Dubina (2000)
kscrew,ZD =shear stiffness of the screw based on Zaharia and Dubina (2000)
t1 = thickness of the plate in contact with the screw head (bracket)
t2 = thickness of the member not in contact with the screw head (channel section)
Ab = cross-sectional area of the bolt
Es = steel modulus of elasticity
K = gradient of the finite element load-displacement curve
KExp = gradient of the experimental load-displacement curve
Lb = bolt length in the lap joint connection
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Experimental study of apex connection stiffness and strength of
cold-formed steel double channel portal frames
J. Peng1 , J. Bendit1 , H.B. Blum2

Abstract
Cold-formed steel portal frames are an increasingly popular structure in the housing and industrial sectors, and are commonly used for garages, sheds, and shelters. Longer span cold-formed steel portal frames are relatively new to the market,
and as a result limited design guidance and recommendations exist, including the
strength and stiffness of the connections. The apex connection stiffness affects
the distribution of internal actions and deflections of a portal frame, and therefore,
it is necessary to quantify the apex stiffness for use in design models to accurately determine the frame behavior. An experimental program was carried out on
a series of twelve apex connections of portal frames composed of back-to-back
lipped channels for the rafters and back-to-back lipped L apex brackets, which
were connected by bolts through the webs. The channels had a depth of either
200 or 150 millimeters, and thickness of 1.5, 1.9, or 2.4 millimeters. The apex
brackets were 2.4 millimeters thick, and the dimensions varied to match with the
connecting rafter sections. The apex connection stiffness and strength were quantified, and the effects of rafter thickness and depth on the connection stiffness and
strength were determined. The aim of this work is to quantify the apex connection
stiffness of cold-formed steel portal frames composed of back-to-back channels
and L-brackets to enable practicing engineers to accurately determine the internal
actions and deflections of portal frames.
1 Research

Assistant, School of Civil Engineering, University of Sydney, Sydney, NSW, Australia
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1 Introduction
Long-span cold-formed steel portal frames are becoming increasingly popular
structures, yet limited detailed design guidance and recommendations exist in the
literature. Connections are typically formed by bolting plates, or brackets, in between the channel sections. These connections are found to be semi-rigid (Yu et
al., 2005). The internal actions and deflections o f p ortal f rames a re a ffected by
the connection stiffness, yet without known connection stiffness, a connection is
usually assumed to be either pinned or rigid. Therefore, incorrect frame behavior
can be estimated if correct connection stiffness is not quantified. Internal actions
and deflections of a portal frame are typically determined by a second order elastic
analysis of a beam finite element model, where the semi-rigidity of the connection
can be represented by an in-plane rotational spring.
Previous research has been conducted on apex connections of cold-formed steel
portal frames composed of back-to-back channels for the main frame members.
Tested apex connections had various apex bracket sizes and thickness, bolt-group
sizes, tightness of bolts, and bolts in the bracket web only, or both web and
flange ( Dubina e t a l., 2 004; K irk, 1 986; L im a nd N ethercot, 2 004; Z hang et
al., 2016). The work presented herein aims to expand the available data on the
stiffness and performance of bolted apex connections in cold-formed steel portal
frames.
2 Test Setup
A series of twelve tests on the apex connections of cold-formed steel portal frames
has been conducted. The rafters consisted of back-to-back lipped channels bolted
together through the webs, and the apex brackets consisted of back-to-back lipped
L-brackets bolted through the webs. Various channel sizes and thickness were
tested, including section depths of 203 mm with a thickness of either 1.5, 1.9, or
2.4 mm, and section depths of 152 mm with a thickness of 1.5, 1.9, or 2.4 mm.
There were two apex bracket sizes: one for the 203 mm depth channels, and one
for the 152 mm depth channels, both of which were 2.4 mm thick. The nominal
channel dimensions for each test are shown in Table 1, and the brackets are shown
in Figure 1. Measured dimensions and thicknesses of the channels and brackets
are given elsewhere (Bendit, 2017; Peng, 2017).
The apex connection specimens were approximately 2 m long, and are shown in
Figure 2. The channel and apex brackets were bolted together with grade 8.8 M14
bolts for the C150 tests, and M16 bolts for the C200 tests. At other locations,
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(a)

(b)

Figure 1: Apex brackets (a) for C150 rafters and (b) for C200 rafters
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Table 1: Nominal dimensions and thickness of connected
connection tests
Channel dimensions (mm)
Test # Channel Size
web × flange × lip
t
1,2
C200-15
203 × 76 × 15.5
1.5
3,4
C200-19
203 × 76 × 19.0
1.9
5,6
C200-24
203 × 76 × 21.0
2.4
7,8
C150-15
152 × 64 × 15.5
1.5
9,10
C150-19
152 × 64 × 16.5
1.9
11,12
C150-24
152 × 64 × 18.5
2.4

members in the apex
Apex bracket
Size t (mm)
C200
2.4
C200
2.4
C200
2.4
C150
2.4
C150
2.4
C150
2.4

the channels were bolted together with grade 4.6 M12 bolts with integrated washers. All bolts were tightened according to the snug tight plus half a turn method,
whereby the nut is tightened with the full effort of a person using a standard podger
spanner, and then an electric impact wrench is used to turn the nut an additional
half turn. The channels and the apex brackets were fabricated using G450 steel,
which indicates a nominal minimum yield stress of 450 MPa. Coupon tests from
the channels and brackets were conducted according to the Australian Standard
(AS 1391, 2007) and it was found that the material had an average Young’s Modulus of 206 GPa and an average 0.2% proof stress of 508 MPa. Further details are
given elsewhere (Bendit, 2017; Peng, 2017).
The aim of this series of tests was to quantify the in-plane rotational stiffness of
the apex connection, which is most influenced by the bending moment. In the apex
region of a portal frame with applied gravity loads, the apex is under a constant
bending moment. Therefore, symmetric point loads were applied on the rafters
(Figures 2 and 3(a)) to produce a constant bending moment in the apex connection. Lateral restraints, consisting of two turnbuckles each, were connected at four
locations along the rafters at the locations where purlins would be connected in
full frames. Location of the lateral restraints are show in Figure 2 and the turnbuckles are shown in Figure 3(e).
Vertical load was applied by a hydraulic jack which was displacement controlled
at a rate of 0.2mm/min. A load spreading beam was used to transfer the applied
load onto the rafters at each side of the apex connection through a loading saddle.
The saddle transferred the load through a pin in the rafters (Figure 3(b)). Teflon
plates were placed between the loading beam and the saddle and a stiffening plate
was bolted to the rafters at the location of the loading pin to prevent local failure
due to the applied load.
The rafter ends were supported by two half-rounds which were inclined to be per-
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pendicular to the rafters. A teflon plate was placed in-between the bottom of the
half-round and its bottom plate, to allow movement as the apex connection pushed
outwards during the test. This created a simple support, and therefore prevented
the introduction of external compressive forces into the specimens. Rafter boots
were bolted onto the rafter ends to increase the torsional rigidity of the specimen
ends.
3 Instrumentation
The locations of instrumentation utilized in the experiments are shown in Figure 4.
Six linear variable displacement transducers (LVDTs) with 100 mm stroke length
were placed at three locations along the apex connection, two each at the left rafter,
the bracket center, and at the right rafter, to measure global movements vertically.
Measurements were recorded from the attached measuring plates which were located at the centerline of the rafters or at the bottom of the apex bracket. The
out-of-plane twist of the specimens could also be determined from these LVDTs,
as shown in Figure 5. Three LVDTs with 50 mm stroke length were positioned
at the apex bracket to measure out-of-plane displacements. Photographs of these
LVDTs are shown in Figure 3(c) and (d) and the locations of their positions are
shown in Figure 4(c) and (d).
Eight inclinometers were used to measure the in-plane rotations at four locations
along the specimen: the apex bolt group centers and just outside the apex bracket,
at each side of the apex connection, as shown in Figure 4. Two inclinometers were
attached at each location, one at the front face and the other at the back face. The
inclinometers were attached on the rafter longitudinal center-lines.
4 Results
As load was applied causing an opening of the apex connection, the specimen
deflected d ownwards. E ventually, t he a pex b racket b egan t o buckle i n t he web,
where one side deflected f orwards a nd t he o ther s ide d eflected ba ckwards by a
few millimeters. A failed specimen is shown in Figure 6(a) and (b). Load application continued after reaching the ultimate load to capture post-peak behavior. The
apex bracket web out-of-plane displacements increased after reading peak load.
This produced an eccentricity in the load path of the two rafters, which resulted in
a significant reduction in the post-peak connection rotational s tiffness. All specimens had similar failure modes. Out-of-plane rotations were measured during the
test with the vertical LVDTs, as discussed in Section 3. At peak load, the rotations
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(a)

(b)

Figure 2: Test setup showing position of lateral restraints (a) C150 tests, and (b)
C200 tests
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(a)

(c)

(b)

(d)

(e)

Figure 3: Photos of test setup and instrumentation (a) specimen in test rig, (b)
load application details, (c) front transducers, (d) back transducer, and (e) lateral
restraints shown on half of the specimen
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(a)

(b)

(c)

(d)

Figure 4: Position of LVDTs (red T) and inclinometers (blue I) (a) elevation view
C150 specimens, (b) elevation view C200 specimens, (c) plan view C150 specimens, and (d) plan view C200 specimens
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(a)

(b)

Figure 5: Vertical LVDTs used for measuring the specimen out-of-plane rotation
(a) at the rafters and (b) at the apex bracket
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were small but increased during post-peak loading. Full results of the out-of-plane
rotations and displacements for each test are given elsewhere (Bendit, 2017; Peng,
2017).
As the connection opened, the top of apex bracket web was under compression.
Failure occurred in the apex bracket, as there was no top flange to restrain the top
edge of the web from buckling. Additionally, the center of the apex bracket is a
weak point in the connection, as the rafters were not connected at this location,
thus solely the apex brackets were resisting the applied loads.
Rotations at the center of the apex bolt-groups were measured by four inclinometers, as discussed in Section 3. A single rotation value was obtained by calculating the average of the four inclinometers. The bending moment in the connection
was calculated from the applied load using statics. The resulting moment-rotation
curves are shown in Figure 7(a) for C150 specimens and 7(b) for C200 specimens.
At the start of the test, the specimen was supporting the full weight of the load distributing system, which was 1.67 kN. Therefore, the moment-rotation plots begin
at the moment induced in the specimens due to the initial weight of the loading system. The rotations measured at the rafters just outside the apex brackets
were larger than those measured at the bolt-group centers, due to bending of the
rafter sections. Plots of these rotations are given elsewhere (Bendit, 2017; Peng,
2017).
After removal of the load the specimens were disassembled. Permanent deformations remained in the apex bracket web, as shown in Figures 6(c) and (d). No
plastic deformation was evident on the rafters, as shown in Figure 6(e), and no
bolt-hole elongation was evident in either the rafters or apex brackets.
The initial linear in-plane rotational stiffness for each test was determined using
a linear regression analysis. The upper bounds for the initial linear region was
selected as 9 kNm for all C200 specimens, 6 kNm for the C150-15 and C15019 specimens, and 3.5 kNm for the C150-24 specimens. The initial connection
stiffness, Kinitial , for each test along with the ultimate bending moment, Mu , are
shown in Table 2. The yield moment capacity, My , can be calculated for the apex
bracket and rafter sections by My = S × fy , where S is the elastic section modulus
of the member under consideration based on the measured geometry, and fy is the
material yield stress determined from the coupon tests. My of the apex brackets
was calculated as 19.1 kNm and 38.8 kNm for the C150 bracket and the C200
bracket, respectively. My of the C150 rafter channels was calculated as 21.4 kNm,
27.0 kNm, and 34.0 kNm for the 1.5 mm, 1.9 mm, and 2.4 mm thick channels,
respectively and My of the C200 rafter channels was calculated as 35.3 kNm,
45.1 kNm, and 56.9 kNm for the 1.5 mm, 1.9 mm, and 2.4 mm thick channels,
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(a)

(b)

(c)

(d)

(e)

Figure 6: Apex bracket failure (a) full specimen, (b) close up of apex bracket in
specimen, (c) apex bracket top view, (d) apex brackets disassembled, and (e) rafter
ends connected to bracket, disassembled
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Figure 7: Moment vs. rotation curves of the tested specimens at the apex boltgroup centers (a) C150 specimens and (b) C200 specimens
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Table 2: Results of the apex connections tests including initial connection stiffness
and ultimate bending moment
Kinitial
Mu
Test
Mu /My,bracket Mu /My,ra f ter
(kNm/deg) (kNm)
C150-15-1
29.0
8.39
0.44
0.39
C150-15-2
32.3
8.99
0.47
0.42
C150-19-1
39.0
9.71
0.51
0.36
C150-19-2
36.2
9.71
0.51
0.36
C150-24-1
35.2
11.0
0.57
0.32
C150-24-2
42.5
9.97
0.52
0.29
C200-15-1
77.4
13.1
0.34
0.37
C200-15-2
86.9
12.5
0.32
0.35
C200-19-1
87.1
13.4
0.35
0.30
C200-19-2
85.4
14.2
0.37
0.32
C200-24-1
88.3
16.0
0.41
0.28
C200-24-2
95.1
16.0
0.41
0.28

respectively. The ratio of the ultimate bending moment in each test to the yield
moment of the apex bracket or rafter section in each test is given in Table 2.
The ultimate bending moment in the apex connections were well below the yield
moment of the brackets and rafters.
5

Discussion

The average initial in-plane rotational stiffness of each apex connection size is
given in Table 3. The stiffness calculated from the data shown in Figure 7 is per
side of the apex connection (left and right) and is shown in Figure 8(a). These act
as springs in series in the apex connection, and therefore a single equivalent spring
stiffness can be calculated as given in Equation 1 and is shown in Table 3. This
value can be used as a linear spring at the apex nodal location in finite element
software, as shown in Figure 8(b).
1
1
1
=
+
keq
kconn kconn

(1)

From Yu et al. (2005), the four main causes of rotation in a connection were the
following: bolt hole elongation due to bearing of bolts on bolt-holes, slippage
between plates and washers, clearances between bolts and bolt-holes allowing
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Table 3: Average initial connection stiffness and ultimate bending
each connection pair
Kinitial,average (kNm/deg)
Connection
Mu,average (kNm)
per side single spring
C150-15
30.6
15.3
8.69
C150-19
37.6
18.8
9.71
C150-24
38.8
19.4
10.5
Average C150
35.7
17.8
C200-15
82.1
41.1
12.8
C200-19
86.2
43.1
13.8
C200-24
91.7
45.8
16.0
Average C200
86.7
43.3
-

Kconnection

(a)

moment for
Ix,bracket
Ix,ra f ter

1.25
1.00
0.79
1.39
1.09
0.86
-

Kconnection

Kequivalent

(b)

Figure 8: Apex connection in-plane stiffness springs (a) per side of connection
and (b) equivalent single spring
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Figure 9: Relationship between Ix,total and (a) Kinitial and (b) Mu
movement, and flexural a nd s hear d eformation o f b rackets a nd r after members.
The absence of bolt-hole elongation indicates that rotation in the connections was
not a result of bearing of bolts on bolt-holes. Additionally, there was no indication of bolt-slippage in the experiments. All bolts were tightened using the same
method. For apex connections of a specified rafter depth (C200 or C150), the only
changes to the connections was channel thickness, therefore flexural a nd shear
deformation of the brackets and rafters is the remaining factor which could cause
variation in the rotation of the connection, for a given connection depth.
Increasing the channel section thickness from 1.5mm to 2.4 mm resulted in an
12% and 27% increase in initial moment-rotational stiffness for C200 and C150
sections, respectively. For each group of tests (C150 or C200), an increase of
rafter thickness increases the second moment of area, Ix , of the rafter, and hence
increases Ix,total of the connection (Ix,total = Ix,bracket + Ix,ra f ter ). It is shown in Table
3 that as the rafter thickness increases, there is a higher ultimate moment capacity
of the connection, despite failure being governed by buckling of the brackets. This
is due to the thicker rafter sections having a higher second moment of area, and
hence providing greater restraint to the compression edge of the apex brackets,
thereby increasing the bracket buckling capacity. Figure 9 plots the initial inplane connection stiffness vs. Ix,total and the ultimate bending moment of the
connection vs. Ix,total . There is an approximate linear trend between both the
initial in-plane connection stiffness and the ultimate bending moment with the
total second moment of area of the apex connection. It is therefore hypothesized
that the combined second moment of area is the major factor affecting the initial
connection stiffness and ultimate bending moment capacity, for similar connection
designs.
Overall the C200 connections have a higher Kinitial and greater Mu than the C150
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connections. As a result of the larger channel sections and brackets in the C200
connections, Ix,total is greater, and additionally the bolt-group area in the apex
bracket is larger and has more bolts, than in the C150 connections. Changes in
apex bracket size and bolt configurations (bolt-group size) have been found to
have a significant impact on the moment-rotational stiffness of connections (Lim
and Nethercot, 2003; Zhang et al., 2016).
As the thickness of the connected rafters increases, the initial in-plane rotational
stiffness increases. However, this initial linear region is significantly smaller for
C150-24 specimens. In Figure 10(b) it is shown that the C150-24 curves are almost bi-linear, whereas the C150-15 and C150-19 specimens (Figure 10(a)) do
I
is presented. The lowest
not show this behavior. In Table 3, the ratio of Ix,bracket
x,ra f ter
ratio is 0.79 for the C150-24 specimens. In this case the rafter sections are significantly flexurally stiffer than the apex brackets, and this creates a local weak area
in the apex connection. It is hypothesized that as loading increases, it becomes
easier for the apex bracket to deflect rather than bending in the rafters or in the
combined system, which results in an earlier loss of stiffness in the connection
I
compared to the specimens with higher Ix,bracket
ratios. It could be argued that the
x,ra f ter
C200-24 specimens (Figure 10(d)) slightly show a similar trend to the C150-24
specimens, although the change in slope is much less pronounced and occurs at a
I
higher bending moment. The threshold ratio of Ix,bracket
which causes the momentx,ra f ter
rotation behavior to change from having a long initial linear region to a shorter
region should be investigated, as an early loss of stiffness in the connection would
be undesirable.
6 Conclusions
An experimental program was carried out on a series of twelve apex connections
of portal frames composed of back-to-back lipped channels for the rafters and
back-to-back lipped L-plates for the apex brackets. The rafters had a depth of either 200 or 150 millimeters, and thickness of 1.5, 1.9, or 2.4 millimeters. The apex
brackets were 2.4 millimeters thick, and the dimensions varied to match with the
connecting channel sections. The channels and brackets were connected together
with bolts through the webs of all members. The average initial in-plane rotational stiffness was determined to be 17.8 kNm/deg and 43.3 kNm/deg for C150
and C200 connections, respectively, for a single apex spring. Failure of all specimens resulted from buckling of the apex bracket web. It was found that the initial
in-plane rotational stiffness and the ultimate moment of the apex connection were
proportional to the second moment of area of the connection (Ix,total = Ix,bracket
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+ Ix,ra f ter ). However, the range of the initial linear stiffness region was affected
I
, where specimens with a low Ix,bracket relative to Ix,ra f ter
by the ratio of Ix,bracket
x,ra f ter
resulted in an early reduction of apex connection stiffness. Therefore, if higher
connection stiffness is desired, the thickness of the connected elements should be
considered when designing apex connections.
7
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Shear Resistance Mechanisms on Steel Sheet Shear Walls with
Burring Holes and Cross-rails
Yoshimichi Kawai1, Kazunori Fujihashi2, Shigeaki Tohnai1,
Atsushi Sato3, Tetsuro Ono4
Abstract
Steel sheet shear walls with burring holes are employed in low and mid-rise
buildings in seismically active regions. A configuration with burrs on the inside
enables the thinner wall and omitting the machining of equipment holes. The
effects of cross-rails which are generally designed to strengthen the bearing
capacities of the studs, on 2.73~4.53m height shear walls were clarified by finite
element analysis and experiments. Post-buckling behavior depends on tension
fields restrained by the cross-rails. The formulas of the allowable strengths and
the indexes of ultimate strengths were developed using the mechanisms.
Introduction
Shear walls containing sheets with vertically aligned burring holes are employed
in the low and mid-rise apartments and stores, offices, and warehouses (Fig. 1,2).
The walls are panels in which 2.73~4.53-m-long×0.455-m-wide sheets with
cold-formed burring holes are fastened to cold-formed steel studs and tracks.
Burring holes were created by cold pressing a sheet with small-radius holes.

Figure 1: Standard shear walls with burring holes in mid-rise apartments
Senior Manager, Nippon Steel & Sumitomo Metal Corp., Japan
2
General Manager, NS Hi-Parts Corp., Japan
3
Assoc. Prof., Nagoya Institute of Technology, Japan
4
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A configuration with burrs on the inside and smooth on the outside enables the
construction of thinner walls and simplified attachments of finishings (Fig. 2).
The machining of holes for equipment can be omitted. The mechanisms for
standard and wide walls were investigated [1,2,3]. In contrast, steel shapes with
burring holes for joists and beams were developed [4] and used for many kind of
structures. This study aimed to clarify the resistance mechanisms of the shear
walls with cross-rails and to develop the allowable and ultimate design formula.

Figure 2: High-panelized shear walls with burring holes and devices in holes
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Figure 3: Sectional view of standard walls with 1~3cross-rails
Specifications of shear walls with burring holes and cross-rails
The schematic of 2.73m height standard walls with zero~three cross-rails and
3.53~4.53m height high-panelized walls with an almost same pitch of cross-rails
are shown in Figs. 3,4. The sheet containing vertically aligned holes (dia.:
200mm) with a pitch of 320~322mm is hot-dip zinc–alumi–magnesium alloycoated steel (nominal yield stress: 295N/mm2, thickness: 1.2mm). The edges of
the sheet are connected to studs and tracks using drilling screw (dia.: 4.8mm). A
burring hole contains rib (curvature radius: 10mm) and cylinder. The end studs
are built-up members (□−75×75×2.2: two members + C−150×75×15×3.0 (+
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[−60×30×1.6 for the standard walls and [−110×50×2.2 for the high-panelized
walls and connected to studs to be designed to strengthen the bearing capacities.
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Figure 5: Finite element analysis (FEA) model of shear wall
Shear Resistance Mechanisms of Walls with Burring Holes by FEA
The seismic resistance behavior of the walls was investigated via FEA (MSC.
MARC 2014) based on the effects of cross-rails. The sheets with burring holes
were modeled using shell elements (Fig. 5a) and the mechanical properties were
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modeled as stress–strain curves (Fig. 5b). The drilling screw connections were
modeled using shear springs based on the experimental results (Fig. 5c) [5,6].
The studs, tacks and cross-rails were modeled by elastic members. The crossrails had 1/1000 deflection spline curves representing the eccentricity of the end
joints. One-way forced displacement was placed on the top of the wall, and pin
support connections were placed at the bottom of the wall.
Behavior of standard walls with burring holes and cross-rails (FEA)
The standard walls with variable number of cross-rails show almost same
behavior in the elastic region until around 1/300 story angle (Fig. 6). The walls
change from the elastic to plastic region and maintain stable strength. The larger
the number of cross-rails in a shear wall, the stronger the wall is at 1/100 story
angle and over. Contour figures of the von Mises stresses and 1/1 magnification
deformation figures from inclined underneath views of lower left corner of the
walls in Fig. 3 are shown in Fig. 7. The walls at 1/300 story angle have stress
concentrations at the intervals between the holes. The walls at 1/100 story angle
experience out-of-plane deformation at the all intervals simultaneously. The
deformations are limited in the intervals and a large out-of-plane waveform in a
sheet is effectively prevented owing to the ring-shaped ribs of the holes. The
deformations at the intervals of the wall with zero cross-rails are larger than that
of the wall with three cross-rails. Principal stress flow figures at the interval
between second and third hole from the left bottom of the walls are shown in Fig.
8a. The stress directions are indicated by arrows on tangent lines diagonally
connects the rib of the vertically lined holes. The wall with three cross rails has
the stress flow in order, while that with zero cross-rails has that in disorder. The
mean values of horizontal shear forces at four drilling screw connections at the
same height of a sheet are shown in Fig. 8b. The wall with three cross-rails
exhibits larger horizontal shear force than that with zero cross-rails. The forces
at drilling screw points add tension in the intervals. Cross-rails develop tension
fields at the intervals using screw connections and order the stress flows.
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Figure 6: Shear load–story angle relations of walls with 0~3 cross-rails by FEA
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Figure 8: Stress flow on walls w/ and w/o cross-rails at story angle =1/100
Behavior of high-panelized walls with burring holes and cross-rails (FEA)
The walls of variable height with cross-rails show almost same behavior (Fig. 9)
and the walls without cross-rails do not show increasing strength in the plastic
region. Contour figures of the von Mises stresses and 1/1 deformation figures at
the bottom left parts of the walls exhibit stress concentrations at the intervals
and experience anti-plane deformation at all intervals at 1/100 story angle (Fig.
10). The effects of wall height are minimal for walls with a same pitch of crossrails. The shear stresses at the center of the intervals on the vertical section
between the holes of points-1~4 in Fig. 10 on the 4.53m high walls with and
without cross-rails are compared in Fig. 11a,b. The walls with cross-rails are
almost the same from the initial to the ultimate state, while those of the walls
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without cross-rails decrease after the elastic limit. The wall with cross-rails at
1/100 story angle has ordered stress flow, while the wall without cross-rails has
disordered (Fig. 12a,b). Mean horizontal shear forces at drilling screw
connections are shown in Fig. 13. The 3.53 and 4.53 m high walls with crossrails exhibit larger horizontal force than the walls without cross-rails. Owing to
the use of the drilling screw connections, cross-rails develop tension fields at the
intervals and almost similar behavior as the standard walls.
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Figure 9: Shear load-story angle relationship of variable height walls
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Figure 13: Mean horizontal shear forces at drilling screw connections

Allowable design strength formula for shear wall with burring holes
Based on the mechanism of shear resistance, the allowable design strength is
derived. The wall changes from the elastic to the plastic region because of shear
buckling, which occurs simultaneously at all intervals between the holes (Figs.
6,7,9,10). The stress in an interval is non-uniform, but the likeliness of buckling
to occur, depends on the rectangular area that includes the interval, whose
diagonal constitutes the tangent line on which the buckling waveforms are
located (Fig. 14a). The other areas between the holes and the upper or lower
edges are extracted (Fig. 14b,c). The allowable design value is obtained by
summing the buckling strength of the intervals in the vertical direction (Eq. 1).
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Qa is the allowable shear strength; τa, τb, τc are shear buckling stresses at the
intervals, derived from Eq. 2 [7]; wa, wb, wc are the interval widths; t is the
thickness; n is the number of holes; W, H are the wall width and height. E is the
modulus of elasticity, ν is Poisson’s ratio; r is the radius of the holes.
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Figure 14: Target rectangular flat plate areas for shear buckling design
Strength index at 1/100 story angle for shear wall with burring holes
The walls maintain stable strength after shear buckling at the intervals (Figs.
6,9). The wall height has little effect on the strength, and cross-rails increasing
the shear strength. The wall strength at 1/100 story angle is used as the index to
evaluate the ultimate strength. The tension in an interval balances with the
compression of Qo/2 resisted by a burring hole, and the horizontal shear forces at
screw connections per a burring hole, 2kδ1/2, derived from the cross-rails (Fig.
15a). Qo/2 is equal to the allowable strength Qa/2.
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 1 2 u
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 r
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Qu is the shear strength of the wall at 1/100 story angle; wo is the width of the
interval between holes without burring ribs; β is the ratio of pitch to radius of the
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holes; wo/2 is the width of the tension field at the interval. 2kδ1/2 is the
horizontal force per burring hole due to screw connections and is derived from
cross-rails that charge the compressions between middle points of side-by-side
laying cross-rails or tracks (Fig. 15b). A cross-rail charges 3.5 holes for the 3.53
and 4.53 m high walls and 3.0 holes for the 4.03 m high wall. The compression
of a cross-rail is 17.5(kN/mm) × δ1(mm) which is equal to Σ(2k  δ1/2) for the
standard walls (Fig. 3). The compression of a cross-rail is Σ(2k  δ1/2) = 8.75
(kN/mm) × δ1 (mm) for the high-panelized walls (Fig. 4).
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Stud
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(b) Charged burring holes by a cross-rail

Figure 15: Model of the strength balance of shear wall at 1/100 story angle

In-plane cyclic shear test of steel sheet walls with burring holes
Shearing tests were conducted for the standard walls and high-panelized walls to
confirm their seismic resistance mechanism and the applicability of design
formulas. The loads were placed on top of the walls (Fig. 16). Three cycles were
conducted at the story angles 1/450~1/30 of the wall [9]. The story angles
excluded the rotations by the lift of the walls. The specimens were the same as
those shown in Figs. 3,4. The mechanical properties and the specifications of the
steel sheets, the steel members and connections are summarized in Table 1.
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Figure 16: Setup of specimen, displacement meter and Loading cycles
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Table 1: Mechanical properties and specifications of members and connections

Member

Standard Size and mechanical properties
[for the standard walls]
Thickness: 1.23 mm (with coating) and 1.195 mm (without coating)
Steel sheet
Yield stress: 305 N/mm2; Tensile strength: 400 N/mm2; Elongation: 38%
with
[for the high-panelized walls]
burring holes
Thickness: 1.22 mm (with coating) and 1.18 mm (without coating)
JIS G3323 Yield stress: 332 N/mm2; Tensile strength: 428 N/mm2; Elongation: 35%
SGMC400 Both ends: BOX−75×75×2.2, two members + C−150×75×15×3.
Studs
(+[−142×50×3.0: only for the standard walls))
Center: C−150×44.5×12×2.2
Tracks
[−155×40×2.2
Cross-rails
[−60×30×1.6 for standard walls, [−110×50×2.2 for high-panelized walls
Drill. screw
JIS B1055 Diameter: 4.8 mm; Length: 19 mm
Anchor bolt JIS B1180 Diameter: 36 mm; Nominal strength: 880 N/mm2

Performance of standard walls with cross-rails (Experiment)

Shear Load (kN)

The shear load–story angle curves of a wall with zero cross-rails showed that the
stiffness changed from the elastic to plastic regions and maintained the stable
strength until the ultimate state (Fig. 17a). Under cyclic loadings, the curves
exhibited pinching behavior with stable round loops, which absorb seismic
energy. Figs. 17b~e are photos of the lower left corner of the wall in Fig. 3. The
wall showed no local deformation at story angle of 1/300. The wall exhibited
slight out-of-plane deformation on the intervals between the holes at 1/150 and
exhibited shear buckling on the all intervals that deform simultaneously at 1/100.
The deformations are limited in the intervals owing to the ring-shaped ribs. The
shear buckling waveforms were created on tangents that diagonally connected
the vertically aligned holes at 1/50. The deformation figures of Figs. 17b,d are
similar to those in Fig. 7 by FEA. The shear load–story angle curves of walls
with cross-rails are compared with an envelope curve of that with zero crossrails, which demonstrated that the larger the number of cross-rails, the stronger
the wall is at around 1/100 story angle and over in ultimate regions (Fig. 18).
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(a) Shear load–story angle relation
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Figure 17: Load–angle relation and behavior at each story angles (0 cross-rails)
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Figs. 19b~d are photos of the wall with one~three cross-rails at story angle of
1/100 and exhibited shear buckling on the all intervals that deform
simultaneously. The deformations are limited in the intervals owing to the ringshaped ribs. The envelope curves of shear walls are compared in Fig. 19a. The
initial elastic strengths until the serviceability limit of 1/300 story angle for all
the walls are almost the same regardless of the number of cross-rails. The
allowable shear strengths of the walls derived from Eq. 1 are compared with the
experimental results and are a little bit smaller than the shear loads at story angle
of 1/300 obtained via experiments (Fig. 19, Table 2). The index strengths of the
wall derived from Eq. 7 are compared with the experimental results and are
almost same as the shear loads at story angle of 1/100 obtained via experiments.

(a) 1 cross-rail

(b) 2 cross rails

(c) 3 cross rails

Figure 18: shear load–story angle relation for walls with 1–3 cross-rails
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Figure 19: Comparison of the experimental results and design formula Eq. 1, 7
Table 2: Design formula Eq.1,7 compared w/ experimental shear load

Eq.1 Shear load at story angle of 1/300
[kN] obtained via an experiment [kN]
1 cross rail 25.7
27.4
2 cross rails 25.7
27.6
3 cross rails 25.7
28.1
Shear wall

Eq.7
[kN]
37.3
39.9
41.7

Shear load at story angle of 1/100
obtained via an experiment [kN]
37.0
38.6
41.2
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Performance of high-panelized walls with cross-rails (Experiment)
The photos of 3.53, 4.03, 4.53m high walls used in the experiment indicate
almost the same behavior (Fig. 20). The walls at story angles of 1/300 and 1/200
showed no local deformations and slight out of plane deformations on the all
intervals between the holes at 1/100. The shear buckling waveforms were
created on the tangent lines that diagonally connect the vertical holes at story
angle of 1/50. The deformation areas were limited in the intervals owing to the
ring-shaped ribs of the holes. The figures showing deformation in Fig. 20 are
very similar to those in Fig. 10 obtained by FEA.

h = 3.53 m

h = 4.03 m
h = 4.53 m
(a) Story angle = 1/300

h = 3.53 m
h = 4.03 m
h = 4.53 m
(c) Story angle = 1/100

h = 3.53 m
h = 4.03 m
(b) Story angle = 1/200

h = 4.53 m

h = 3.53 m
h = 4.03 m
(d) Story angle = 1/50

h = 4.53 m

Figure 20: Photos of walls at story angles of 1/300~1/50 by shear experiments
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The shear load and story angle relations of the walls are showed in Fig. 21. The
3.53, 4.03, 4.53m high walls showed almost same behavior in the elastic regions.
The stiffness changed from the elastic to plastic regions. The walls maintained
stable strength until the ultimate state. Under cyclic loading, the walls exhibited
pinching behavior with stable round loops, which absorb seismic energy. The
shear load at the second cycle at the same story angle decreased slightly, while
the shear load at the third cycle did not decrease furthermore. The shear load–
story angle relations of the walls are compared using envelope curves (Fig. 22).
Three specimens of the same height, i.e., total nine, were taken. The 4.03m high
walls were slightly stronger at the story angle 1/100, than the 3.53, 4.53 m high
walls. The effect of cross-rails was significant and the charging of burring holes
by cross-rails determined the strength for the wall (Fig. 15). A cross-rail charges
3 holes for the 4.03m high wall, and 3.5 holes for the 3.53 and 4.53m high walls.
The dispersion of three specimens of the same height is small. The FEA results
show similar trends but slightly lower stiffness than the experimental results.

Figure 22: Comparison of the experimental results and FEA

h= 4.53m
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The allowable design strengths of the walls as derived from Eq. 1 are the values
between the shear load at wall story angles 1/300 and 1/200 (Table 3). The index
strengths for the ultimate state of the wall as derived from Eq. 7 are almost the
same as the shear loads at story angle 1/100 obtained via experiments (Table 4).
Table 3: Design strength from Eq. 1 and shear load through experiment

Height
(m)
3.53
4.03
4.53

Eq. 1
(kN)
26.6
25.1
26.3

Shear load at story angle1/300
Shear load at story angle 1/200
obtained through experiment (kN) obtained through experiment (kN)
23.9 24.0 24.4
27.4 27.2 27.8
25.0 25.8 25.1
28.0 28.5 27.9
23.1 22.8 23.3
26.2 25.9 26.7

Table 4: Strength index from Eq. 7 and shear load through experiment
Height
(m)
3.53
4.03
4.53

Eq. 7
(kN)
33.3
33.0
33.0

Shear load at story angle:1/100
obtained through experiment (kN)
32.7
32.4
33.0
32.6
33.5
32.7
31.2
31.1
31.6

Conclusions
The seismic performance of steel sheet walls with burring holes aligned
vertically, and the effects of cross-rails and wall height on the shear walls were
investigated via finite element analyses and experiments. From these
investigations, the following conclusions can be drawn:
- The walls exhibited significant stiffness in the initial elastic region, whereas
they maintained stable strength under large story angles. Furthermore, the
walls showed stable seismic energy absorption capability, as demonstrated by
the round loops of the shear load-story angle curves.
- The walls that experienced in-plane shear forces allowed shear stress to
concentrate intervals between the aligned burring holes. Stress concentration
finally led to the ultimate state because of simultaneous shear buckling at all
intervals between the holes, and the buckling areas in the intervals were
restricted by the use of ring-shaped ribs of the burring holes.
- The initial elastic strengths until the serviceability limit of the wall story angle
of 1/300 and 1/200 for all walls were almost the same, regardless of the
number of cross-rails and the wall height.
- The post-buckling behavior depends on the tension fields on the intervals
between the holes, which are restrained by cross-rails. The effect of cross-rails
maintained wall strength stable in inelastic region and the number of burring
holes charged by a cross-rail determines the ultimate strength of the wall.
- Based on analytical and experimental findings, the allowable strength design
formula of the wall was developed. The design value was obtained by
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summing the shear buckling strength of the intervals between the holes in the
vertical direction of the wall. The allowable strength design values obtained
using the formula lie almost the same values at wall story angle between
1/300 and 1/200 obtained through experiments.
- The index strength for ultimate state of the wall was determined. The tension
in an interval was balanced with the compression resisted by burring holes and
horizontal shear forces at screw connections. The index values were almost
same as the shear load values of 1/100 story angle obtained via experiments.
- The R-value for the evaluation of seismic performance of shear walls will be
discussed in a subsequent report.
Acknowledgements
The authors appreciate the significant contributions made by Makoto Kondo, NS
Hi-parts Corp., Tokyo, Japan and Yusuke Shimoda, Daiken Information System
Corp., Tokyo, Japan in the wall experiments and the FEA.
References
[1]Y.Kawai, M.Kondo, A.Sato, T.Ono, S.Tohnai, “Allowable Design Formula
for Steel Sheet Shear Walls with Burring Holes”, CIMS, Baltimore, 2016.
[2]Y.Kawai, K.Fujihashi, S.Tohnai, A.Sato, T.Ono, “Shear Resistance
Mechanisms on Steel Sheet Shear Walls with Burring Holes and the Effect of
Cross-Rails” 9th International Conference on STESSA, Christchurch, 2018.
[3]Y.Kawai, K.Fujihashi, S.Tohnai, A.Sato, T.Ono, “Shear Resistance
Mechanisms of Steel Sheet Walls with Burring Holes and the Effect of Wall
Widths with Vertical Slits”, Stability Conference SSRC, Baltimore, 2018.
[4]A.Sato, S.Mori, T.Ono, et al., “Study on Buckling Strength of Light-gage
Steel Members with Large Opening”, Constructional steel,Vol.22 716-723, 2014.
[5]K.Azuma, N.Takagi, H.Senda, et al., “Application of Fastening System by
Self-drilling Tapping Screws”, Constructional steel,Vol.14 705-712, 2006.
[6]T.Toriyama, A.Sato, T.Ono, H.Okada, “Screw strength of shear lap joint by
drill screw connections” Architectural Institute of Japan Tokai,Vol.51 217, 2013.
[7]American Iron and Steel Institute, AISI Standard North American
Specification for the Design of Cold-formed Steel Structural Members, 2007.
[8] K.Sakuragi, A.Sato, T.Ono, et al., “Ductility Reduction Factor of Steel Sheet
Shear Wall with Burring Holes Used in Steel Framed House”, CIMS, 2016.
[9]Y.Kawai, R.Kanno, et al, “Seismic Resistance and Design of Steel Famed
Houses”, Nippon Steel Technical Report, No. 79, 7-16, 1999.
[10]A.Formisano, L.Lombardi, F.M.Mazzolani, “Perforated metal shear panels
as bracing devices of seismic-resistant structures”, Journal of Constructional
Steel Research, 126 pp.37–49, 2016.

Wei-Wen Yu International Specialty Conference on Cold-Formed Steel Structures
St. Louis, Missouri, U.S.A., November 7 & 8, 2018

Influence of Fire on the Shear Capacity of Cold-Formed Steel
Framed Shear Walls
M. S. Hoehler 1 and B. Andres 2
Abstract
This paper presents experimental investigations of the performance of common
lateral force-resisting systems used in cold-formed steel construction under
sequential thermal (fire) and mechanical (earthquake) loading. Wall specimens
with gypsum-sheet steel composite sheathing, Oriented Strand Board (OSB)
sheathing, or steel strap bracing were tested. The results demonstrate that the
lateral capacity of wall systems can be reduced by exposure to fire. Additionally,
fire performance of wall systems can be affected by pre-damage to the fireresistive components that provide fire protection to these walls. The results are
useful for fire compartmentation design when significant lateral deformation of a
building is anticipated and post-fire assessment to repair or replace a structure.
The study represents a step toward developing fire fragility functions for coldformed steel framed shear wall systems to enable performance-based fire design.
Introduction
Although extensive information exists about the structural performance and fire
resistance of cold-formed steel (CFS) construction; e.g. (Schafer et al. 2016;
Sultan 1996; Takeda 2003; Wang et al. 2015), there is limited knowledge about
the behavior of cold-formed steel lateral force-resisting systems (CFS-LFRS)
under combined hazards; in particular earthquake and fire. In 2016, a series of
experiments (Phase 1) was performed at the National Fire Research Laboratory at
Research Structural Engineer, National Institute of Standards and Technology
matthew.hoehler@nist.gov
2
PhD Student, Danish Institute of Fire and Security Technology bav@dbi-net.dk
1
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the National Institute of Standards and Technology (NIST) to investigate the
performance of earthquake-damaged gypsum-sheet steel composite panel
sheathed cold-formed steel shear walls under fire load (Hoehler et al. 2017). A
second phase of the project (Phase 2) extends the study to two additional levels of
fire severity and two additional types of CFS-LFRS: Oriented Strand Board
(OSB) sheathed and strap braced walls.
The results provide data for a range of system performance under realistic fire
conditions and can inform: fire compartmentation design when significant lateral
deformation of the building is anticipated, post-fire assessment to repair or replace
a structure, and first responder decisions to enter a building when earthquake
aftershocks are likely. The study also represents a step toward developing fire
fragility functions for cold-formed steel framed shear wall systems that will
enable performance-based fire design of these structures.
Test Program and Specimens
Table 1 shows the Phase 2 test matrix. Three lateral force-resisting systems were
investigated: gypsum-sheet steel composite panel sheathed walls, Oriented Strand
Board (OSB) sheathed walls, and steel strap braced walls. The gypsum-sheet steel
composite panels were a proprietary product where the gypsum was attached to
the sheet steel by adhesive. The test specimens were subjected sequentially to
combinations of mechanical (cyclic shear) deformation and thermal (fire) loading
to investigate their post-fire lateral behavior as well as the sensitivities of the
systems to pre-fire damage. Specimen names including ‘01’ were subjected only
to load cycling to establish the baseline load-displacement response. Specimen
names including ‘02’, ’03’, or ‘04’ were subjected to varied fire intensities
followed by cyclic loading. Specimen names including ‘05’ or ’06’ were predamaged with cyclic loading, subjected to fire, and then cycled to failure. The
influence of pre-damage on the performance of gypsum-sheet steel composite
sheathed walls was investigated in Phase 1 (Hoehler et al. 2017). Specimens with
an ‘R’ designation were either a test replicate or a redesign of the wall.
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Table 1: Phase 2 test program
Wall
Type
Gypsumsheet steel
composite

Oriented
Strand
Board

Strap braced

Additional

Specimen
Name
SB01
SB02
SB03
SB04
OSB01
OSB01R
OSB02
OSB03
OSB03R
OSB04
OSB05
OSB06
S01
S01R
S02
S03
S04
S05
S06
OSB01NG
SB03R
OSB_Kitchen

Cycling
(before fire)
Cycle to failure
Cycle to failure
Cycle to failure
Drift Level 3
Drift Level 1
Cycle to failure
Cycle to failure
Drift Level 3
Drift Level 1
Cycle to failure
-

Loading

Fire
Severe Parametric
Mild Parametric
ASTM E119 (1-hour)
Severe Parametric
Mild Parametric
Mild Parametric
ASTM E119 (1-hour)
Mild Parametric
Mild Parametric
Severe Parametric
Mild Parametric
ASTM E119 (1-hour)
Mild Parametric
Mild Parametric
Mild Parametric
Real furnishings

Cycling
(after fire)
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
Cycle to failure
-

Each of the specimens had a length of 12 ft. (3.66 m) and height of 9 ft. (2.74 m)
and was designed using Allowable Stress Design nominally following American
Iron and Steel Institute (AISI) standards (AISI S400-15 w/S1-16, North American
Standard for Seismic Design of Cold-Formed Steel Structural Systems (with
Supplement 1) 2016) and (AISI S100-16 North American Specification for the
Design of Cold-Formed Steel Structural Members 2016). Both the gypsum-sheet
steel composite panel sheathed walls and the OSB sheathed walls used the
framing system in Fig. 1a. The framing system for the strap braced walls is shown
in Fig. 1b. The cold-formed steel framing was 6 in. (150 mm) wide, had a
specified strength of 50 ksi (345 MPa), and was connected using #10 screws
(4.8 mm). #8 screws (4.2 mm) spaced at 4 in. (100 mm) along the panel edges
were used to attach the gypsum-sheet steel composite and OSB sheathing. The
strap braced walls were designed to achieve yielding of the steel straps.
All walls were designed to achieve a 1-hour fire-resistance rating per American
Society for Testing and Materials (ASTM) standard (ASTM E119-16a Standard
Test Methods for Fire Tests of Building Construction and Materials 2016). The
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cross sections are shown in Fig. 2. The design for fire-resistance of the gypsumsheet steel composite panel sheathed walls was based on (IAPMO-ER-1261 SureBoard Series 200, 200W, and 200B Structural Panels Installed on Cold-Formed
Steel or Wood Framed Shear Walls 2018). The design for fire-resistance of the
OSB walls was based on Underwriters Laboratory (UL) Design No. U423 (UL
Design No. 423 Fire Resistance Ratings - ANSI/UL 263 2017) with the addition
of wood panels as contemplated in (Fire-resistance Ratings - ANSI/UL 263 2017).
The design for fire-resistance of the strap walls is based on UL Design No. U423.
All walls used 5/8 in. (16 mm) thick Type X gypsum board with the joints taped
and joints and fastener heads covered with one coat of joint compound on the fireexposed side of the wall. The influence of insulation material in the wall cavity
was not investigated.
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(a)
(b)
Fig. 1. Framing: (a) sheathed walls; (b) strap braced walls (1 ft. = 2.54 cm)

(a)
(b)
(c)
Fig. 2. Wall cross sections: (a) gypsum-sheet steel composite panel sheathed
walls; (b) Oriented Strand Board sheathed walls; (c) strap braced walls
(1 – steel framing; 2 – sheathing or straps; 3 – gypsum board)
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Test Setup and Procedure
The test setup was informed by (ASTM E2126-11 Standard Test Methods for
Cyclic (Reversed) Load Test for Shear Resistance of Vertical Elements of the
Lateral Force Resisting Systems for Buildings 2011) but deviated as required to
accommodate a burn compartment on a rolling platform. The test specimens
were loaded mechanically by holding the base of the wall specimen fixed and
applying a prescribed in-plane deformation to the top of the wall as shown in
Fig. 3a. Out-of-plane movement of the wall was limited by four structural steel
guide frames. Mechanical load was applied using a servo-hydraulically
controlled actuator with a load capacity of 54 kips (240 kN) in tension and
82 kips (365 kN) in compression. Axial loading to the wall was limited to the
self-weight of the specimen, actuator and top loading beam.
The thermal load was provided by a natural gas diffusion burner located in a
movable compartment (interior dimensions: 9’-6” × 11’-6” × 4’-0” (2.9 m × 3.2 m
× 1.2 m)). The constructed compartment is shown in Fig. 3b. The compartment
was lined with two layers of 25 mm thick thermal ceramic blanket attached to
sheet steel and cold-formed steel framing. The open side of the compartment that
mated with the test specimen was lined with thermal ceramic blanket to provide a
seal against smoke and flame leakage. The sides and top of the compartment
overlapped the edges of the wall specimen approximately 3 in. (75 mm). The
openings (vents) at the ends of the compartment were 5’-6” high by 4’-0” wide
(1.4 m × 1.2 m).

(a)
(b)
Fig. 3. Photographs of test setups: (a) mechanical loading; (b) fire loading
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Mechanical Loading
ASTM E2126-11 Method C (CUREE Basic Loading Protocol) was used with
reference deformations delta (Δ) of 1.5 % story drift for the sheathed walls and
2.5 % story drift for the strap braced walls. The loading procedure involves
symmetric, reversed-cyclic displacement cycles grouped in phases at
incrementally increasing displacement levels defined in the standard. The applied
deformation was controlled using the actuator displacement. The displacement
rates were selected to minimize inertial effects. With reference to Table 1, ‘cycle
to failure’ was defined by a posted-peak load reduction of more than 70 % of the
peak capacity. For tests with load cycling before the fire, for the sheathed walls
0.5 % and 1.5 % story drift were used for ‘Drift Level 1’ and ‘Drift Level 3’ 3,
respectively. For the strap braced walls 0.5 % and 1.75 % story drift were used.
Fire Loading
It is assumed that the shear-resisting elements line a corridor and the fire occurs
in a room adjacent to the corridor (Fig. 4). The target fire exposures were selected
to represent various levels of fire severity. Three exposures were considered: (1)
a 1-hour standard ASTM E119 fire curve, (2) a ‘severe’ fire exposure, and (3) a
‘mild’ fire exposure. The severe and mild fires represent realistic post-flashover
compartment fire conditions with heating, fully-developed and decay phases. Fig.
5 plots the target temperature-time curves. The severity of the fire is defined in
terms of exposure time and peak temperature. These values are informed by a
statistical fit of data from compartment fire tests reported by (Hunt et al. 2010).
Assuming a normal distribution of the compartment test data, 95 % of the reported
peak compartment temperatures did not exceed 1100 °C and 50 % did not exceed
900 °C. These values were selected as the maximum temperatures for the ‘severe’
and ‘mild’ fires, respectively. Likewise, assuming a normal distribution of the
duration of the fire, 70 min and 50 min represent 70 % and 50 % thresholds for
the reported data, respectively. The length of the plateau was calculated using the
time-to-burnout for the enclosure (τb) per (Hunt et al. 2010).
In multi-unit residential buildings, shear walls are commonly located along
corridors adjacent to a kitchen. Assuming a kitchen compartment and taking the
mean values of floor area and fuel load density reported by the National Research
3

Intermediate ‘Drift Level 2’ was not investigated.
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Council Canada (Bwalya et al. 2008) for multi-family dwellings (105 sq-ft (9.8
m²) floor area with 805 MJ/m2) 4 , opening factors of 0.04 m0.5 and 0.09 m0.5
provide a time-to-burnout of 37 min and 16 min, respectively, using the Hunt et
al. formulation. These times were rounded to 35 min and 15 min to define the
temperature plateaus for the ‘severe’ and ‘mild’ fires. For comparison, the area
under the target curve for the ‘severe’ fire represents a 20 % higher energy than
ASTM E119 and the ‘mild’ fire corresponds to 40 % lower energy. The ‘mild’
fire is similar to the average upper gas layer time-temperature curves achieved in
the Phase 1 tests.

Fig. 4. Fire scenario for Phase 2 tests

Fig. 5. Target upper layer gas temperature-time curves

Fire-related parameters are reported only in SI units because this is common
practice in the U.S. and abroad.
4
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Results
The experiments were completed immediately prior to the deadline for this paper.
It is noted that the preliminary results presented here were collected from a limited
series of experiments. Additional details and analysis will be included in future
reports. The results presented here focus primarily on the structural, as opposed
to thermal, behavior of the investigated wall systems.
The achieved upper layer gas temperatures in the compartment for the three fire
scenarios investigated in Phase 2, as well as the comparable temperature
measurement from Phase 1, are shown for the gypsum-sheet steel composite panel
sheathed wall in Fig. 6a. The values are taken as the average of the top three
sheathed, Chromel-Alumel thermocouple temperatures on the thermocouple trees
at the north and south vents to the compartment (refer to Fig. 3b and Fig. 6b). The
total expanded uncertainty (95 % confidence) for gas temperature measurement
is estimated to be ±2.4 % of the reading. The compartment temperatures for the
OSB walls exhibited greater variably in the ASTM E119 and severe fires due to
the ignition of the combustible material in the wall. Fig. 6a emphasizes that the
temperature rise for the mild and severe fires, which were based on simulations
of real furnishing fires, appear more rapid than that in ASTM E119 test.

(a)
(b)
Fig. 6. (a) measured average temperature of the three top thermocouples in both
trees; (b) photograph of back of compartment during fire test
Fig. 7 shows photographs of the unexposed side (opposite to the fire
compartment) of the walls during the severe fires where there was no pre-damage
(cycling) before the fire. Fig. 8 shows the fire-exposed side of the walls after
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cooling. The gypsum-sheet steel composite panel sheathed wall exhibited
charring of the paper on the unexposed gypsum at the end of the heating phase
(Fig. 7a), but the sheet steel remained in place (Fig. 8a) and kept flaming
combustion inside of the compartment. The Oriented Strand Board in the OSB
sheathed wall ignited during the heating phase (Fig. 7b) and was largely consumed
during the fire (Fig. 8b). The gypsum opposite to the compartment in the strap
braced walls was breached toward the end of the heating phase (Fig. 7c), but the
straps remained in place through the cooling phase (Fig. 8c). Fire-induced
oxidation of the straps on the upper south side of the wall (upper left in Fig. 8c)
was observed. The damage to the wall by the ASTM E119 and mild fires was less
severe and is illustrated using the post-fire load-displacement response of the
walls in the subsequent plots. However, for all fire sizes, the gypsum on the fireexposed side of the walls had lost almost all its strength after the wall had cooled,
effectively preventing this layer of gypsum from contributing to the post-fire
mechanical behavior of the wall.

(a)
(b)
(c)
Fig. 7. Unexposed side of wall during severe fire test: (a) gypsum-sheet steel
composite panel sheathed wall 35 min after ignition (end of heating);
(b) Oriented Strand Board sheathed wall 25 min after ignition; (c) strap braced
wall 33 min after ignition (near end of heating)

(a)
(b)
(c)
Fig. 8. Fire-exposed side of wall after severe fire test: (a) gypsum-sheet steel
composite panel sheathed wall; (b) Oriented Strand Board sheathed wall; (c)
strap braced wall
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Fig. 9 plots the applied actuator (lateral) load versus top-of-wall drift (measured
on end opposite the actuator) during mechanical loading of gypsum-sheet steel
composite sheathed walls. The total expanded uncertainty (95 % confidence)
associated with the force and displacement measurements are 0.36 kips (1.6 kN)
and 0.09 in. (2.3 mm), respectively. In this limited set of experiments, this wall
system exhibited increasingly diminished post-fire capacity with increasing fire
severity. The reduction in the peak load capacity was 23 %, 58 % and 68 % for
the mild, ASTM E119 and severe fire, respectively. The mild fire effectively
eliminated the gypsum on the fire-exposed side of the wall and partially degraded
the adhesive on the composite panels (unexposed side) which allowed buckling
of the sheet steel to occur. For information on the failure mode transition see
(Hoehler et al. 2017; Hoehler and Smith 2016). The ASTM E119 fire further
degraded the adhesive and more widespread buckling of the sheet steel occurred.
In the severe fire, the fire oxidized (burned through) several screws along the top
the wall and even burned through the sheet steel at a few locations. Nevertheless,
the load redistributed and the system continued to resist lateral force.

(a)

(b)

(c)
(d)
Fig. 9. Lateral load versus drift during mechanical loading of gypsum-sheet steel
composite panel sheathed walls: (a) cycling without fire (SB01), (b) cycling
after ‘mild’ fire (SB03), (c) cycling after ‘E119’ fire (SB04), (d) cycling after
‘severe’ fire (SB02)
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Fig. 10 plots the lateral load versus drift during mechanical loading of OSB
sheathed walls with no pre-damage prior to the fire. The investigated mild fire
effectively eliminated the gypsum on the fire-exposed side of the wall and reduced
the residual lateral capacity by 36 % (Fig. 10b). Both the ASTM E119 and severe
fire caused the OSB to ignite. The burning was allowed to continue for 15 min
after the burner was extinguished before it was suppressed with water. The
reduction of the load capacity in both cases was nearly 100 % (Fig. 10c,d).

(a)

(b)

(c)
(d)
Fig. 10. Lateral load versus drift during mechanical loading of OSB sheathed
walls: (a) cycling without fire (OSB01R); (b) cycling after ‘mild’ fire (OSB03);
(c) cycling after ‘E119’ fire (OSB 04); (d) cycling after ‘severe’ fire (OSB02)
Cycling the wall to 0.5 % story drift prior to the fire resulted in minor damage to
the skim coat on the gypsum board joints and no significant effect on the
subsequent fire or post-fire cyclic performance; compare Fig. 10b to Fig. 11a.
Cycling to 1.5 % story drift prior to the fire tore the tape along the joints and one
of the OSB panels ignited during the mild fire. The fire was suppressed 15 min
after the burner was extinguished. This burning degraded the post-fire capacity of
the wall; compare Fig. 10b to Fig. 11b, however it is hard to see since the wall
strength was already significantly degraded at 1.5 % drift.

592

(a)
(b)
Fig. 11. Lateral load versus drift during mechanical loading of OSB sheathed
walls: (a) cycling to 0.5 % drift before ‘mild’ fire (OSB06); (b) cycling to 1.5 %
drift before ‘mild’ fire (OSB05)
Fig. 12 plots the lateral load versus drift during mechanical loading of steel strap
braced walls with no pre-damage (cycling) prior to the fire. The baseline
hysteretic behavior Fig. 12a (ambient temperature) shows a pronounced peak near
maximum load followed by a long plateau as the steel straps yielded. This peak is
caused by the contribution of the gypsum boards on both sides of the wall. The
failure mode was rupture of the straps at the gusset plate connections and/or
crippling of the chord stud just above the hold-down at large lateral displacement
(> 5 % story drift). The mild fire effectively eliminated the gypsum on the fireexposed side of the wall and reduced the residual lateral capacity by 15 % (Fig.
12b). This reduction appears consistent with the loss of gypsum on the fireexposed side of the wall. The response during the ASTM E119 fire was similar to
that during the mild fire, however the gypsum paper on the inside of the wall on
the unexposed side was blackened indicating higher wall temperatures. The
reduction to the residual capacity (17 %) was similar to that during the mild fire
(Fig. 12c). The severe fire burned through the gypsum on both sides of the wall
toward the end of the heating phase (Fig. 7c). During subsequent cyclic loading,
when cycling in the direction opposite to side where the oxidation of the straps
occurred, the wall had almost zero residual load capacity (Fig. 12d, negative),
while in the other loading direction close to the full ambient post-yielding load
capacity was reached (Fig. 12d, positive). Interestingly, the post-fire ductility in
this direction increase significantly (note axes scale change in Fig. 12d) and there
was a more pronounced post-yielding hardening behavior for this limited set of
tests. This appears consistent with the annealing of the cold-formed steel strap
during the fire; but further study is required.
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(a)

(b)

(c)
(d)
Fig. 12. Lateral load versus drift during mechanical loading of strap braced
walls: (a) cycling without fire (S01R); (b) cycling after ‘mild’ fire (S03);
(c) cycling after ‘E119’ fire (S04); (d) cycling after ‘severe’ fire (S02)
Cycling the wall to 0.5 % or 1.5 % story drift prior to the fire affected the
contribution of the gypsum to the wall capacity, but had no discernable influence
on the fire performance or post-fire yielding behavior (Fig. 13).

(a)
(b)
Fig. 13. Lateral load versus drift during mechanical loading of strap braced
walls: (a) cycling to 0.5 % drift before ‘mild’ fire (S06); (b) cycling to 1.5 %
drift before ‘mild’ fire (S05)
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Conclusions
This research demonstrates an important interplay between the thermal (fire) and
mechanical (cyclic) response of lateral force-resisting systems for cold-formed
steel framed structures. The influence of a fire on the post-fire response differed
significantly for the three investigated wall systems in this limited test series. The
gypsum-sheet steel composite panel sheathing exhibited increasingly reduced
post-fire capacity with increasing thermal assault. However, it maintained lateral
load capacity in both loading directions even following the most severe fire
investigated; allowing shear forces to redistribute even when some perimeter
fasteners were burned away or the sheet steel had been comprised locally. The
Phase 1 tests showed the composite panel system to be insensitive to cyclic
damage prior to the fire. The strap braced walls were the most ductile and were
largely insensitive to the thermal loading. However, in the case of the severe fire
where a hotspot developed at a strap location, the residual lateral load capacity
was reduced to essentially zero. The strap braced wall appeared to be insensitive
to cyclic damage prior to the fire. For this limited set of experiments, the Oriented
Strand Board (OSB) sheathed walls appeared to demonstrate a significant impact
from the fire. Both the ASTM E119 and severe fires caused the gypsum-protected
OSB to ignite, resulting in a total loss of residual capacity. Moreover, cycling to
1.5 % drift prior to the fire (as might occur in a major earthquake) allowed even
the mild fire to penetrate the wall and ignite the OSB.
These are preliminary findings of a limited set of wall systems exposed to fire
conditions. Analysis of this data is ongoing and additional testing is
recommended. However, structural fire interactions such as those shown here
have long gone uninvestigated and merit attention.
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Cold-Formed Steel Framed Shear Wall Database
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Abstract
The objective of this paper is to provide an introduction to a recently compiled
database of cold-formed steel framed shear wall tests and demonstrate the
application of this database for improving the understanding and modeling of
cold-formed steel framed shear walls. Over the last 20 years a substantial number
of cold-formed steel framed shear walls have been tested under monotonic and
cyclic conditions. These tests provide the support for the cold-formed steel framed
shear wall provisions provided in the North American Standard for Cold-Formed
Steel Structural Framing (AISI S240-15), the North American Standard for
Seismic Design of Cold-Formed Steel Structural Systems (AISI S400-15), and the
U.S. Seismic Evaluation and Retrofit of Existing Buildings standard (ASCE4117). The initial version of the database was assembled during the development of
ASCE41-17. The database has recently been expanded to include additional tests,
additional complete cyclic information from tests, additional fields regarding limit
states and code predictions, and placed in a standardized format. The database
consists of a central Excel spreadsheet, ordered plain text files for each individual
test, and custom Matlab code for reading, processing, and plotting any desired
subset of the database. As a new application of the assembled database the
expected strength of cold-formed steel framed shear walls is explored. The
information in the database is summarized herein, along with commentary on
current code provisions, and areas of potential improvement and need.
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Introduction
Buildings framed from cold-formed steel rely on a variety of systems to develop
lateral resistance. Summaries of the overall behavior, design, and performance of
cold-formed steel lateral force resisting systems area available (Madsen et al.
2016). Under load, the response of the lateral force resisting system can be
complex, particularly under seismic loading. Depending on the system, significant
nonlinearity may be induced at connections, in the framing steel, and/or in any
sheathing materials. Prediction, even of fundamentals such as the lateral capacity,
can be challenging. As a result, experimental testing has played a prominent role
in understanding the behavior and providing guidance for the design of coldformed steel framed lateral force resisting systems. Cold-formed steel
specifications, such as the North American Standard for Cold-Formed Steel
Structural Framing (AISI S240-15), the North American Standard for Seismic
Design of Cold-Formed Steel Structural Systems (AISI S400-15), and the Seismic
Evaluation and Retrofit of Existing Buildings standard (ASCE41-17) rely directly
on the available test data. As a result, a comprehensive database of tested coldformed steel framed shear walls is expected to provide a necessary means for
improving current design of cold-formed steel framed systems.
Database Summary
The assembled database of cold-formed steel framed shear walls currently
consists of 617 individual shear wall tests. A serious attempt has been made to
include all cold-formed steel framed shear wall testing that underpins AISI S24015, and AISI S400-15. The initial version of this database supported recent
revision in ASCE41-17 for cold-formed steel framing (Ayhan et al. 2016). The
shear wall tests are currently drawn from 25 different primary sources: Al-Kharat
and Rogers (2005), Al-Kharat and Rogers (2006), Balh and Rogers (2010), Blais
(2006), Boudreault (2005), Branston (2004), Chen (2004), Comeau (2008),
DaBreo (2012), El-Saloussy (2010), Elhajj (2005), Hikita (2006), Kochkine and
Hill (2006), Liu et al. (2012), Lu (2015), Morello (2009), Morgan et al. (2002),
Nguyen et al. (1996), Ong-Tone (2009), Rokas (2006), Serrette et al. (1997),
Shamim (2012), Velchev (2008), Yu and Chen (2009), and Yu et al. (2007)). The
database itself consists of an Excel spreadsheet, text data files for every test, the
source literature, and custom Matlab scripts that read the spreadsheet and the test
data files and may be used for deeper manipulation of the data. The fields in the
primary database are summarized in Table 1. The fields attempt to capture all
salient features of the tested walls. In general, English customary units have been
used in the database. Every variable listed in Table 1 may be manipulated in Excel,
or more powerfully read into Matlab and utilized through scripts in Matlab.
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Table 1 Database fields for the CFS shear wall database

na
na
na
na

in.
in.
ksi
ksi
ksi
na
na
na

in.
ksi
ksi
ksi
na
na
in.
in.
in.

na
na

in.
in.
in.
in.
in.
ksi
ksi
ksi
in.
in.
in.
in.
in.
ksi
ksi
ksi
in.
in.
in.
ksi
ksi
ksi
na

in.
in.
in
ksi
ksi
ksi

chord_config
chord_fastener_qty
chord_fastener_dia
chord_fastener_pitch
chord_fastener_length
chord_fast_spacing
chord_web
chord_flange
chord_lip
chord_t
chord_nom_Fy
chord_act_Fu
chord_actual_Fy
field_spacing
field_web
field_flange
field_lip
field_t
field_nom_Fy
field_actual_Fu
field_actual_Fy
track_web
track_flange
track_t
track_nom_Fy
track_actual_Fu
track_actual_Fy
fastener_stud_track_no
fastener_stud_track_len
gusset_id
gusset_width
gusset_t
gusset_nom_Fy
gusset_actual_Fu
gusset_actual_Fy

category
ledge open
bridging_de
AISI S400-15 prediction
limit_stater_det ing_d holddown_details
tails
ails
etails

in.

units variable

processed_data
data_files
_files

sheathing_details

strap_bracing_details

wall_overall

na

category

chord_stud_details

ft
ft

id
source
test_no
loading_detail
loading
width
height
h_on_w
thickness
Designation1
Designation2
sides
strap_detail
strap_width
strap_thickness
strap_grade
strap_actual_Fu
strap_actual_Fy
strap_Ry
she_details
she_sides
she_thickness
she_strength
she_Fu
she_Fy_actual
she_fastener_diam
she_fastener_pitch
she_fastener_len
she_spacing_perimeter
she_spacing_field

field_stud_details

na
na
na
na
na

faste
ner_s
track_details
tud_t
rack

units variable

gusset_plate_details

basic_identi
fication

category

units variable
na

in.
in.
in.
kip
na

in.
na

ft
na

bridging_loc
bridging_web
bridging_flange
bridging_t
holddown_id
holddown_no
holddown_offset
opening_id
opening_dim
ledger_id

na
na
na
na

limit_primary
limit_listed
limit_failure_notes
S400_applicable
kN/m S400_vn_CAN
lb/ft S400_vn_USA
na
s400_notes
na
data_units
na
data_note
na
data_dir
na
data_main
na
data_raw_txt
na
data_raw_xls
na
data_raw_image
na
proc_dxf
na
proc_cyclic
na
proc_mono
na
proc_backb
na
proc_backb_ave

A key feature of the developed database is that full test response is available for
461 of the tests, thanks to the generosity of the original researchers. An additional
119 tests have been scanned and digitized from the source literature and the final
37 are currently being processed. In the database: 300 of the tests employ a cyclic
loading protocol; further 260 tests utilize wood structural panels, 179 steel sheet
sheathing, 117 strap bracing, 40 gypsum sheathing, and 21 other configurations.
The force-deformation response of the four largest categories of tested shear walls
are provided for the entire ensemble in Figure 1. The figure provides some sense
of the available data and the overall hysteretic shape of the different cold-formed
steel framed shear wall types. Recent testing by Rogers (Santos and Rogers 2017,
Briere and Rogers 2017, Rizk and Rogers 2017) that has specifically been
exploring higher capacity steel sheet sheathed shear walls are not captured in the
current database, but it is worth noting these walls have provided in the lab up to
10,000 lbf/ft capacity – the highest of any cold-formed steel framed shear walls
tested to date. Inclusion of this data is the next to be added to the database.

600

Figure 1 Normalized drift vs. strength for all data in shear wall database
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Database Application: Expected Strength
Seismic design has long included the concept of system overstrength, as embodied
by the Wo factor in the U.S. in ASCE 7, or by Ro in Canada in the NBCC. These
factors account for the fact that lateral force resisting systems in actual buildings
are stronger than the strengths considered in engineering design. If one assumes a
capacity-based design philosophy this overstrength is critically important, as only
specific parts of the building are designated to dissipate the seismic energy while
other portions are intended to remain elastic. These elastic portions of the lateral
force resisting system must be designed at overstrength levels so that the energy
dissipating elements can be activated.
Research has shown that for cold-formed steel framed buildings the system
overstrength can be quite large (Peterman et al. 2016). Several important sources
for building system overstrength come from outside the designated shear walls,
e.g., sheathed gravity walls, non-structural partitions, out-of-plane wall response,
and in-plane coupling of walls. As a result AISI S400-15 introduced the concept
of a sub-system overstrength specific to the portion of the lateral force resisting
system explicitly designed by the engineer to resist the lateral demand, e.g., a
wood structural panel shear wall. The overstrength for the shear wall is termed
the expected strength of the shear wall, and is designated by the multiplier WE.
This sub-system overstrength provides the force levels to protect the shear wall in
isolation. Consistent with a capacity-based philosophy the collectors, chords, and
hold-downs for the shear wall are designed for the expected strength (WEvn, where
vn is the nominal shear wall strength per unit width), but this need not exceed the
required demands from the building at full system overstrength (Wo) levels.
In concept WE < Wo and as long as the walls are not over-sized (vn much larger
than required) the expected strength (WE) levels provide capacity protection and a
more efficient design than Wo levels. When AISI S400-15 was developed there
was insufficient time to evaluate the expected strength of all shear walls and an
upperbound for WE was employed: WE =max(fWo, 2 - f) (see AISI S400-15
commentary). For a wood structural panel shear wall f = 0.6 and Wo = 3, so the
upperbound estimate of WE is 1.8. In practice, to benefit from the expected
strength concept WE must be lower than this upperbound.
Conceptually, the expected strength should be established from knowledge of the
reliability and statistical variation of the nominal strength prediction for the
seismic force resisting system. Assuming the nominal shear wall strength is vn,
the actual (tested) shear wall strength is va, and the mean of any walls tested
consistent with vn is µva, then the first estimate of the expected strength is:
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WE1 = µva/vn

(1)

For wood structural panel and steel sheet shear walls AISI S400-15 provides
tabled capacities – thus the phrase “consistent with vn” implies only those tests
that are consistent with a particular table entry. It is worth noting that WE1 provides
only the mean shift, i.e., the bias in the nominal prediction for strength. In some
contexts a higher level of reliability may be desired for capacity protection, for
example AISC 342 which is currently under development (and intended to be used
with the seismic performance-based design standard ASCE41-17) employs the
mean plus one standard deviation, thus giving a second estimate, WE2:
WE2 = (µva+sva)/vn

(2)

Where sva is the standard deviation of the strength of walls tested consistent with
vn. The shear wall database provides the necessary tested strength predictions.
For the purposes of expected strength calculation it is important to make a
distinction between the U.S. and Canada. Nominal seismic force resisting system
shear strengths provided for Canadian design adopt an equivalent energy elasticplastic model. While the U.S. (generally) employs the maximum value in the
cyclic backbone curves from testing. Thus, the nominal tabled capacities for
Canada are different than the U.S., even when derived from the same actual test
data. As the nominal capacities are in the denominator of Eq.’s (1) and (2) the
result is that even for the same data the expected strength predictions will differ.
Expected Strength of Wood Structural Panel Shear Walls
In the U.S. the nominal strength of wood structural panel shear walls is provided
in AISI S400-15 Table E1.3-1. The strength values in the table were selected by
the specification committee based on data and methods available at the time of
adoption. In some cases methods have evolved, e.g. use of the SPD vs. CUREE
cyclic testing protocol, or use of the 2nd stable cycle vs. the first cycle for
establishing peak capacity. In other cases additional testing has been conducted
since adoption, providing additional information on the strength. In addition, in
some cases the committee has grouped data together, e.g. multiple stud
thicknesses, and taken data from the lower thickness only leaving a conservative
bias (overstrength) when the higher thickness is employed. Here we evaluate the
tabled nominal strength against the peak of the tested cyclic backbone response
from all available testing consistent with the conditions for an entry in Table E1.31. The results are provided in Table 2(a)-(c) and Figure 2 and Figure 3.
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Table 2. Wood structural panel shear walls strength and expected strength statistics
(a) nominal shear strength, lbf/ft, for wood structural panel shear walls (AISI S400-15)
Assembly
15/32 in.
Structural
1 (4-ply)
7/16 in.
OSB

Max Aspect
Ratio

Perim. screw spacing (in.)

2:1

6
780

4
990

3
-

2
-

2:1

890

1330

1775

2190

2:1
2:1
2:1

700
825
940

915
1235
1410

1545
1760

2060
2350

Stud &
Screw
Track (mils)
33 or 43
43 or 54

8
8

68
33
43 or 54
54

10
8
8
8

2:1
1230
1850
2310
3080
68
(b) expected strength, estimated as mean test strength/nominal strength
Assembly
15/32 in.
Structural
1 (4-ply)
7/16 in.
OSB

Max Aspect
Ratio

Perim. screw spacing (in.)

2:1

6
1.44

4
1.70

3
-

2
-

2:1

1.23

1.26

1.30

1.22

2:1
2:1
2:1

1.34
1.06
1.23

1.42
0.96
-

1.06
0.91

1.22
1.10

10

Stud &
Screw
Track (mils)
33 or 43
43 or 54

8
8

68
33
43 or 54
54

10
8
8
8

2:1
1.06
68
10
(c) supplemental statistics (std. dev. of mean test strength/nominal strength, count)
Assembly
15/32 in.
Structural
1 (4-ply)
7/16 in.
OSB

Max Aspect
Ratio

Perim. screw spacing (in.)

2:1

6
4
(0.12,3) (0.02,3)

2:1

(0.10,3) (0.02,3) (0.04,9) (0.05,2)

2:1
2:1
2:1

(0.11,2) (0.07,2)
(0.23,8) (0.01,3) (0.06,8) (0.08,4)
(0.15,2)
(0.07,3) (0.01,2)

2:1

-

-

3
-

-

2
-

(0.06,2)

Stud &
Screw
Track (mils)
33 or 43
43 or 54

8
8

68
33
43 or 54
54

10
8
8
8

68

10
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Figure 2 For plywood sheathed shear walls, comparison of tested shear wall response
with code prediction (red line)

Figure 3 For OSB sheathed shear walls, comparison of tested shear wall response
with code prediction (red line)
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The expected strength measures and statistics for wood structural panel shear
walls are provided in Table 2(b) and (c). Across the 23 plywood sheathed shear
walls that meet the criteria of Table E1.3-1 WE1=1.35 and WE2=1.35+0.16. Across
the 36 OSB sheathed shear walls that meet the criteria of Table E1.3-1 WE1=1.10
and WE2=1.10+0.17. Note, only cyclically tested walls with aspect ratios greater
than or equal to two are considered. For individual configurations these values
vary as provided in Table 1(b) and (c). The larger expected strength for the
plywood specimens does not reflect a behavioral difference between the different
types of wood structural panels, but rather evolving philosophies in testing and in
the committee’s adoption of strength values. The plywood specimens were
originally tested to the SPD protocol and utilized the second cycle degraded cyclic
backbone for establishing the strength. Further, more stud thicknesses were
grouped together in plywood sheathed specimens. The OSB sheathed specimens
were tested to the CUREE protocol, and in the United States used the undegraded
cyclic backbone for establishing strength.
Expected Strength of Steel Sheet Shear Walls
In the U.S. the nominal strength of steel sheet sheathed shear walls is provided in
AISI S400-15 Table E2.3-1. Here we evaluate the tabled nominal strength against
the peak of the tested cyclic backbone response from all available testing
consistent with the conditions for an entry in the table. Note, only cyclic tests of
walls with aspect ratios less than or equal to two are included. The results are
provided in Table 3(a)-(c). Across the 44 cyclically tested steel sheet sheathed
shear walls that meet the criteria of AISI S400-15 Table E2.3-1 WE1=1.12 and
WE2=1.12+0.17. For individual configurations these values vary as provided in
Table 3(b) and (c). However, for the single entry with the most specimens (0.033
in. sheet, 2 in. perimeter fastener spacing, 43 mil minimum stud and track, fully
blocked studs, 8 tested specimens) the results are similar to the larger group:
WE1=1.13 and WE2=1.13+0.17.
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Table 3. Steel sheet shear walls strength and expected strength statistics
(a) nominal shear strength, lbf/ft, for steel sheet shear walls (AISI S400-15)
Perim. screw spacing (in.)

Steel
Sheet

Max Aspect
Ratio

6

0.018 in.

2:1

390

-

-

-

No

33 (min)

8

0.027 in.

2:1

647

710

778

845

No

33 (min)

8

2:1

-

1000

1085

1170

No

43 (min)

8

2:1

910

1015

1040

1070

No

43 (min)

8
10

0.030 in.
0.033 in.

4

3

2

Stud
Stud &
Screw
Blocking Track (mils)

2:1

-

-

-

1355

Yes

43 (min)

2:1

1055

1170

1235

1305

No

43 (min)

8

2:1

-

-

-

1505

Yes

43 (min)

10

2:1

-

-

-

1870

No

54 (min)

8

2:1

-

-

-

2085

Yes

54 (min)

10

(b) expected strength, estimated as mean test strength/nominal strength
Perim. screw spacing (in.)

Steel
Sheet

Max Aspect
Ratio

6

0.018 in.

2:1

0.027 in.

2:1

0.030 in.
0.033 in.

2

Stud
Stud &
Screw
Blocking Track (mils)

4

3

1.18

-

-

-

No

33 (min)

8

1.05

1.03

-

1.17

No

33 (min)

8

2:1

-

-

-

1.28

No

43 (min)

8

2:1

1.04

-

-

-

No

43 (min)

8

2:1

-

-

-

1.03

Yes

43 (min)

10

2:1

1.08

1.06

-

1.28

No

43 (min)

8

2:1

-

-

-

1.13

Yes

43 (min)

10

2:1

-

-

-

1.06

No

54 (min)

8

2:1

-

-

-

1.01

Yes

54 (min)

10

(c) supplemental statistics (std. dev. of mean test strength/nominal strength, count)
Perim. screw spacing (in.)

Steel
Sheet

Max Aspect
Ratio

6

4

3

0.018 in.

2:1

(0.11,6)

-

-

-

No

33 (min)

8

0.027 in.

2:1

(0.01,2) (0.04,2)

-

(0.34,5)

No

33 (min)

8

-

(N/A,1)

No

43 (min)

8

-

-

No

43 (min)

8

-

(0.01,2)

Yes

43 (min)

10

2:1
0.030 in.

2:1
2:1

0.033 in.

2:1

-

-

(0.02,2) (N/A,1)
-

-

Stud
Stud &
Screw
Blocking Track (mils)

-

(0.27,4)

No

43 (min)

8

-

-

-

(0.17,8)

Yes

43 (min)

10

2:1

-

-

-

(0.01,2)

No

54 (min)

8

2:1

-

-

-

(0.07,2)

Yes

54 (min)

10

2:1

(0.01,2) (0.01,2)

2
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Expected Strength of Strap Braced Shear Walls
The nominal strength of strap braced shear walls is provided in AISI S400-15
Equation E3.3.1-1, converting to strength per unit width and making substitutions
the nominal strength per unit wall width, vn, may be expressed as:
vn=AgFyn/√h# + w #
where Ag is the gross area of the strap, Fyn is the nominal yield stress of the strap,
w is the width of the wall, h is the height of the wall, and AISI S400-15 provides
additional provisions to insure strap yielding is the governing limit state. The
expected strength is defined as Ry times the nominal strength in AISI S400-15 and
values for Ry are provided in Table A3.2-1 of AISI S400-15. Ry is the ratio of the
mean actual material yield stress to the nominal yield stress.
From the database we find 38 cyclic tests on strap-braced walls where the
governing limit state was strap yielding, and the aspect ratio of the tests is less
than two. In 34 of the 38 tests the strap yield stress was measured, so we may
compare the measured Ry to that assumed in AISI S400-15, as provided in Figure
4. Only two nominal grades of strap have been employed: Fyn = 33 or 50 ksi – and
for many of the specimens the same strap materials was used so a single point in
the figure may represens multiple test specimens (a total of 11 unique strap
materials has been used in the available testing). The available data indicates that
the mean yield stress is reasonably well predicted by the Ry in AISI S400-15.
For the same 38 cyclic tests, instead of exploring the expected strap material yield
stress (Ry), we may instead consider the tested wall expected strength (WE). This
strength may be greater than the strap strength due to increased capacity from
strain hardening in the strap material or additional strength contributions from
frame action in the wall – particularly for those walls with substantial gusset
plates. The result for the tests are provided in Figure 5. For the 26 cyclically tested
strap braced shear walls with a nominal strap Fyn of 33 ksi, Ry is 1.5 from AISI
S400-15 Table A3.2-1 while WE1=1.51 and WE2=1.51+0.24. For the 12 cyclically
tested strap braced shear walls with a nominal strap Fyn of 50 ksi, Ry is 1.1 from
AISI S400-15 Table A3.2-1 while WE1=1.39 and WE2=1.39+0.29.
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Measured Ry from straps
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Ry =Fya /Fyn
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Nominal Fy (ksi)

Figure 4 Ratio of mean to nominal yield stress for steel strap employed in
available strap-braced shear wall testing
2.2
AISI S400-15

E1

peak test strength/nominal predicted
mean
mean+std

2

Expected Strength

E

1.8

1.6

1.4

1.2

1

0.8
30

35

40

45

Nominal Fy (ksi)

50

55

Figure 5 Ratio of tested to nominal strength for strap-braced shear walls
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Discussion
Overall the developed shear wall database has significant potential for improving
design: revision and improvement of m-factors and nonlinear modeling
parameters for ASCE 41; revision of fragilities for FEMA P-58; revision of shear
wall reliabilities in AISI S240 and AISI S400; revision of deflection predictions;
calibration and validation of mechanics-based strength and stiffness prediction
models; calibration and validation of advanced nonlinear response models for
building-level seismic models; and more. The application explored herein is
seismic expected strength.
Expected strength of a shear wall is an important concept in seismic design. The
application of the cold-formed steel framed shear wall database indicates that
improvements can be made from currently assumed values. It is worth noting that
there are other considerations that contribute to the expected strength beyond
those previously discussed (testing protocol, definition of nominal strength from
test response, variation in materials and assembly, etc.). Most importantly the
impact of fireproofing and finish systems. Tests on strap-braced walls with
additional gypsum board fire protection provided on average an increase in 1.2
times the strength of the unprotected walls for a single gypsum board layer and
1.3 times the strength of the unprotected walls for a double gypsum board layer
(Lu 2015). The impact of finish or protection systems depends on the influence of
the attachment methods on the shear wall performance and the relatives stiffness
and strength of the finish or protection system compared with the underlying
seismic force resisting system. The results of the analysis herein will be shared
with the American Iron and Steel Institute - Committee on Framing Standards:
Lateral Design Subcommittee to develop improved expected strength provisions.
Conclusions
Lateral force resisting systems are an integral portion of cold-formed steel framed
building solutions. Due to the complexity in the lateral force-deformation
response a significant effort has been expended to test various cold-formed steel
framed shear walls. A database of 617 tested shear walls including walls sheathed
with wood structural panel, steel sheet, and gypsum board; as well as strap braced
has been assembled. A key feature of the developed database is that full test
response is available for 461 of the tests, thanks to the generosity of the original
researchers. An example of how the database can be used is provided by
estimating the seismic expected strength (i.e., overstrength) of wood structural
panel, steel sheet, and strap braced cold-formed steel framed shear walls.
Compared with AISI S400-15 the analysis indicates that more efficient
overstrength values may be adopted for wood structural panel and steel sheet
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sheathed shear walls, but modest increases in overstrength may be appropriate for
strap braced shear walls, particularly when the nominal strap yield is 50 ksi (345
MPa). The database provides important and useful information for seismic
performance-based design efforts and any effort to improve lateral force resisting
systems in cold-formed steel framing.
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Seismic behavior of cold-formed steel shear walls during full-scale
building shake table tests
Wang, X. 1, Hutchinson, T.C. 2, and Hegemier, G. 3
Abstract
Cold-formed steel sheathed shear walls are now emerging as a strategic vertical
lateral load resisting component in seismic design. However, although a number
of component cyclic test programs have been conducted in recent years to
characterize their hysteretic behavior and guide design, system-level test
programs to investigate their performance are so far lacking in the literature. To
this end, a unique full-scale CFS-framed mid-rise building shake table test
program was conducted to contribute to understanding the behavior of mid-rise
cold-formed steel (CFS) wall-braced buildings under a multi-hazard scenario.
The centerpiece of this project involved earthquake and live fire testing of a fullscale six-story CFS wall braced building constructed on the Large High
Performance Outdoor Shake Table (LHPOST) at UCSD. This paper first
provides a brief overview of the test program and summarizes the system-level
(global) response of the test building during the shake table tests. Subsequently,
a key focus of this paper is comparison of the component-level responses of
various shear wall systems of the test building as well as their physical damage.
1 Introduction
Growth in the use of cold-formed steel (CFS) framed construction has been
substantial in recent years, perhaps most notably in high seismic regions in the
western United States. Structural systems of this kind consist of repetitively
framed light-gauge steel members (e.g., studs, tracks, joists) attached with
sheathing materials (e.g., wood, sheet steel) to form wall-braced component.
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CFS-framed structures can offer lower installation and maintenance costs than
other structural types, particularly when erected with prefabricated assemblies.
They are also durable, formed of an inherently ductile material of consistent
behavior, lightweight, and manufactured from recycled materials. Compared to
other lightweight framing solutions, CFS is non-combustible, an important basic
characteristic to minimize fire spread. While these lightweight systems provide
the potential to support the need for resilient and sustainable housing, the state
of understanding regarding their structural behavior in response to extreme
events, in particular earthquakes and ensuing hazards, remains relatively limited.
In the past few decades, a number of experimental investigations have been
devoted to advancing understanding regarding the seismic response of CFSframed shear walls. The work conducted by Serrette et al. (1997) represents one
of the first efforts of its kind in North America to study the seismic response of
CFS-framed shear walls. This effort largely formed the initial basis for codified
design of CFS systems (e.g., AISI, 2007 and 2012). Research of this kind was
later extended to investigate CFS wall behavior with varied sheathing materials
or framing details. These experimental studies included pseudo-static tests of
CFS-framed steel strap shear walls (Al-Kharat and Rogers, 2007) and steel-sheet
shear walls (Balh et al., 2014), as well as pseudo-dynamic tests of two-story
steel-sheet shear wall assemblies (Shamin et al., 2013). In addition, recent
studies involved testing of CFS shear walls sheathed with sheet steel (Yu, 2010)
or oriented strand board panels (Liu et al., 2014). In contrast, there is a paucity
of data regarding the seismic response of CFS-framed buildings configured in
their system-level arrangement (whole building tests). Assessing the behavior of
this critical structural component in its multi-story setting as configured within a
building is important as the interstory drift and floor accelerations will vary
during an earthquake.
To this end, a unique multidisciplinary test project was conducted on the
LHPOST test facility at UCSD in 2016 (Wang et al., 2016 and 2018;
Hutchinson et al., 2017). Central to this research is the system-level earthquake
and fire testing of a full-scale six-story CFS wall braced building. Within a
three-week test program, the CFS test building was subjected to seven
earthquake tests of increasing motion intensity before and two earthquake tests
after the live fire tests conducted at two select levels (level 2 and 6) of the
building. This paper briefly summarizes the overall test program as well as the
system-level (global) response of the test building during the test program.
Subsequently, a focus herein is comparison of the component-level responses of
various shear wall systems of the test building. As a result of the length
limitation, discussions of the shear wall behavior characteristics are restricted to
those during pre-fire earthquake test phase. Additional information on the test
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program as well as test results regarding the global building response and local
shear wall behavior are available in Wang et al. (2018).
2 Building Design and Shear Wall Systems
2.1 Building Design
The CFS test building was assumed to be located in a high seismic region near
downtown Los Angeles, with its design basis complying with current code
provisions within ASCE 7-10 (ASCE, 2010), AISI S100 (AISI, 2012), and AISI
S213 (AISI, 2007). As shown in Fig. 1, the building had a uniform plan
dimension of 10.4 m × 7.3 m (34 ft × 24 ft) at occupying almost the entire 12.2
m × 7.6 m (40 ft × 25 ft) shake table footprint. The total height of the building
was 19.2 m above the shake table platen, including a floor-to-floor height of 3.1
m (10 ft) for all stories and a 1.2 m-tall (4 ft tall) parapet on the roof perimeter.
As a result, the code-based fundamental period of the test building T was
determined as 0.43 sec considering a total building height of 18.3 m (60 ft)
excluding the parapets. The base shear coefficient Cs of the building was
consequently determined as 0.236 given a response modification factor R of 6.5.
The estimated maximum inelastic story drift of the building was ~1.0% (with a
deflection amplification factor Cd of 4.0), which was lower than the allowable
story drift of 2.0% as prescribed in ASCE 7-10 (ASCE, 2010).

Figure 1. (a) Isometric view of test building, (b) building plan layout (typical of
floor 2 to 6).
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In terms of layout, the building had a symmetric floor plan with a 1.2 m (4 ft)
wide corridor oriented along the longitudinal centerline and a room at each
quadrant of the building (Fig. 1b). Two transverse partition walls were located
~0.6 m (2 ft) west of the transverse centerline (level 2 through 6), each
separating the two rooms on the same side of the corridor. It is noted that no
partition walls were installed at the first level to retain simplicity in attachment
to the shake table. To account for the (seismic) live loads and the weight of
certain architectural features excluded from construction (e.g., flooring, exterior
façade finishing), four mass plates were installed on the floor diaphragm at each
floor from the second floor through the roof. Each mass plate had a dimension
of 3.0 m (10 ft) × 1.8 m (6 ft) and a weight of ~16.5 kN (3.7 kips).
2.2 Shear Wall Systems
The test building was detailed to carry lateral seismic loading using
prefabricated repetitively framed CFS floors and walls with shear load resistance
provided via steel sheathing. As shown in Fig. 1b, two longitudinal shear walls
were placed along each (east and west) end of the corridor, with an associated
wall length of 4.0 m (13 ft) for the walls at the west end and 3.3 m (11 ft). In
addition, short shear walls with a length of ~1.6 m (5’-4”) in the longitudinal
direction and ~2.1 m (7 ft) in the transverse direction were placed at the four
corners of the building. The total shear wall length per floor was 21.3 m (70 ft)
in the longitudinal (shaking) direction and 8.6 m (28 ft) in the transverse
direction. With the exception of the stick-framed structural walls at the first
level, the structural walls and floor systems at all remaining levels (level 2
through 6) was constructed using prefabricated panels.
The shear walls were framed using standard framing members (e.g., studs,
tracks). Sheathing materials utilized load-resisting structural panels on the
exterior (or corridor) side and 16 mm (5/8”) thick regular gypsum boards on the
room side. The structural panels were fabricated using 16 mm (5/8”) thick
gypsum boards (or) bonded with a layer of 0.686 mm (0.027”) thick (22 ga.)
sheet steel to provide shear resistance to the shear wall assemblies. For the
corridor shear walls (see Fig. 2a), vertical studs utilized 600S200-68 at 610 mm
(24”) o.c at the first level and 600S200-54 at 610 mm (24”) o.c at all remaining
levels. The (top and bottom) tracks were consistently constructed using
600T200-54, with the exception of the first level bottom tracks that used
600T200-97. The structural panels of the corridor walls were attached to
framing using #8 self-tapping metal screws at 406 mm (16”) o.c in field but
different spacing on boundary: 76 mm (3”) o.c. for the lower three levels, 102
mm (4”) for level 4, and 152 mm (6”) o.c for the upper two levels. Additionally,
the gypsum boards were attached to the framing by #8 drywall screws at a
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spacing of 152 mm (6”) o.c. on boundary and 406 mm (16”) o.c in field. The
details of the corner shear walls (see Fig. 2c) were similar to those of the
corridor shear walls, except: (1) vertical studs utilized 600S200-54 at 610 mm
(24”) o.c at all levels, (2) structural panels utilized 16 mm (5/8”) thick moistureresistant gypsum boards instead of regular gypsum boards since they were
located on the building exterior, and (3) screw spacing was 152 mm (6”) o.c on
the boundary and 406 mm (16”) o.c in field at all levels.

Figure 2. Shear walls framing at level 2: (a) corridor shear wall, (b) corridor
shear wall tie-down subassembly, (c) longitudinal corner shear wall.
2.3 Shear Wall Tie-down Systems
Different from the uplift restraint systems adopted for typical low-rise CFS
buildings, this mid-rise test building involved a tie-down system embedded
within the corridor and corner shear walls, which spanned continuously over all
levels of the building to resist the uplift forces. As shown in Fig. 2, each shear
wall contained a pair of tie-down subassemblies at the two ends of the wall,
which consisted of: (a) steel rods connected by couplers and spanned
continuously over the entire height of the building, and (b) compression posts
made of built-up stud packs. The tie-down rods were connected by couplers with
double nut configuration located about 0.6 m (2 ft) above the floor level (Fig.
3b) and fastened to the floor using a bearing plate connection (Fig. 3c). It is
noted that the distance between the tie-down rod pairs was ~0.6 m (2 ft) for the
corner shear walls, resulting in an aspect ratio > 4:1 given a clear wall height of
~2.8 m (9’-2”) excluding the diaphragm thickness. In contrast, the tie-down rod
distance was ~3.0 m (10 ft) for the west corridor wall segments and ~2.4 m (8 ft)
for the east corridor wall segments. Therefore, the aspect ratio of the corridor
shear walls was about 1:1.
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Two different types of steel rods were used as part of the tie-down system: (a)
all-thread rods, and (b) smooth rods with threading only at the rod ends. These
rods were fabricated using either ASTM A36 (plain finish) or ASTM A193
Grade B7 (zinc-coated) steel. Due to the different uplift force demands at
individual shear walls, the tie-down rods and the compression posts varied
significantly depending on their vertical and planar location. Complete details of
the shear wall tie-down rods at three select levels are summarized in Table 1. In
particular, the strength of the tie-down rods at these levels are compared with the
measured tie-down rod axial forces as later discussed in Section 4.

Figure 3. Tie-down rod connection details: (a) tie-down assembly (b) coupler
and double nut connection, and (c) bearing plate connection.
Table 1. Specifications, cross section areas, and strength of the tie-down rods at
level 1, 2, and 4.

Corridor shear wall
Corner shear wall
Diameter Fu [Fy]
Diameter Fu [Fy]
Designation
Designation
(mm)
(kN)
(mm2)
(kN)
ASTM A722
1779
ASTM A722
1779
1
46
46
(Grade 150)
[1423]
(Grade 150)
[1423]
ASTM A193
1337
265
2
43
ASTM A36
29
(Grade B7)
[1070]
[170]
ASTM A193
553
118
4
29
ASTM A36
19
(Grade B7)
[442]
[71]
Notes: As – cross sectional area; Fu – ultimate tensile strength; Fy – yield tensile strength;
Young’s modulus of all steel products taken as 200 GPa.
Level
#
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2.4 Shear Wall Instrumentation
The test building consisted of a total of 17 instrumented shear walls at three
select levels, namely, level 1, 2, and 4. As shown in Fig. 4a, the lower two levels
each included three corridor shear walls (denoted as SW-c, SE-c and NW-c) and
three corner (exterior) shear walls (denoted as SW-e, SE-e and NE-e), while level
4 consisted of five instrumented walls as the northeast corner shear wall was not
instrumented due to difficulties related to wall exterior accessibility. As shown
in Fig. 4b, instrumentation installed on these shear walls involved: (1)
displacement transducers (i.e., string potentiometers and linear potentiometers)
on the shear wall panels, and (2) strain gages on the tie-down steel rods.
Interested readers are referred to Wang et al. (2018) for additional details of the
shear wall instrumentation. Data recorded by these sensors provided local
responses of individual shear walls in the following three categories:

Figure 4. Shear wall instrumentation: (a) location of instrumented shear walls
(typical of level 1, 2, and 4, length of individual wall specified in the
parenthesis), (b) typical shear wall sensor configuration.
1.

2.

Sheathing panel shear distortion: measured using two diagonal and two
vertically string potentiometers placed in a double-triangle configuration.
Direct string potentiometer measurements were used to calculate the shear
distortion (angle change of the triangles) of the shear wall structural panels.
It is noted that the shape of the triangles varied as a result of the different
shear wall dimensions.
Tie-down rod axial forces: measured using a pair of collocated strain gages
(or a single strain gage) on the tie-down rods. Since the tie-down rods all
remained elastic during the earthquake tests (as discussed later), the axial
force of the tie-down rod is calculated by multiplying the measured strain of
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3.

the tie-down rod by its axial stiffness (product of sectional area and
Young’s modulus of steel).
Wall end vertical displacements: measured directly using two vertically
oriented linear potentiometers at the base of the wall (one sensor at each
wall end).

3 Test Protocol and Building Response
Within the three-week test program, the test building was subjected to seven
earthquake tests of increasing motion intensity before and two earthquake tests
after the live fire tests conducted at two select levels of the building. During the
pre-fire earthquake test phase, the building was subjected to seven earthquake
tests with increasing motion intensity levels, namely, serviceability (SLE),
design (DE), and maximum considered earthquake (MCE) tests. Subsequently, a
total of six live fire tests were conducted on the earthquake-damaged building at
two select levels (four tests at level 2 and two at level 6) across a period of three
consecutive days. The test program concluded with two post-fire earthquake
tests (serviceability followed by MCE) on the final test day. It is noted that all
the earthquake motions were applied in the east-west direction using the singleaxis shake table, whose axis coincided with the geometric centroid of the
longitudinal axis of the building.
Table 2 summarizes the peak building responses associated with individual
earthquake tests, whereas the story shear versus interstory drift ratio (IDR)
response during select earthquake tests are shown in Fig. 5. It is noted that the
drift demands, such as peak interstory drift ratio (PIDRs) and peak roof drift
ratios (PRDRs), serve as important proxies for assessing the performance of the
building and individual shear walls. As shown in Fig. 5a, the story force
displacement response of the building remained essentially linear during the
serviceability level test (EQ2) while the story drift remained relatively small
(PIDR < 0.1%). In contrast, the response became highly nonlinear as the drift
demands reached ~1.0% during the design event (EQ6) and exceeded 1.5%
during the MCE event (EQ7) (Fig. 5b-c). During the post-fire test phase, the
final near-fault extreme event (EQ9) induced excessively large drift demands at
level 2 of the building (PIDR > 12% and RDRres > 1%), resulting in extremely
severe damage to the structural walls at level 2. Despite the excessive damage,
the building resisted collapse largely due to the presence of shear wall tie-down
system (Hutchinson et al., 2017).
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Table 2. Summary of test sequence and associated peak building responses

Test
Date
Day 1
(June 13,
2016)
Day 2
(June 13,
2016)
Day 3
(June 13,
2016)

Test
Motion
EQ1:RIO-25
EQ2:CNP-25
EQ3:CUR-25
EQ4:CNP-25

EQ
Target
SLE

EQ6:CNP-100

50%
DE
DE

EQ7:CNP-150

MCE

EQ5:CNP-50

PFA (g)
(Floor #)
0.35 (R)
0.38 (R)
0.45 (R)
0.43 (R)

PIDR (%)
(Level #)
0.08 (L4)
0.09 (L4)
0.10 (L4)
0.10 (L4)

PRDR
(%)
0.05
0.07
0.08
0.09

RDRres
(%)
0.0
0.0
0.0
0.0

0.85 (R)

0.24 (L3)

0.19

0.0

2.07 (R)

0.89 (L4)

0.70

0.0

3.77 (F5)

1.70 (L4)

1.49

0.1

Fire Test Sequence (June 27–29, 2016)
Day 4
EQ8:RIO-25
SLE
0.16 (R)
0.17 (L3)
0.12
0.0
(June 13,
EQ9:RRS-150
MCE
4.43 (F5) 12.15 (L2)
2.84
1.2
2016)
Notes: PFA= peak floor acceleration; PIDR = peak interstory drift ratio; PRDR = peak
roof drift ratio; RDRres = residual roof drift ratio; SLE = serviceability earthquake; DE =
design earthquake; MCE = maximum considered earthquake.

Figure 5. Story shear vs interstory drift ratio (IDR) response at level 4 during
three select earthquake tests.
4 Seismic Response of Shear Wall Systems
Data measured from the shear walls at the three levels of the test building
allowed for investigating the local shear wall responses during the earthquake
tests as well as comparing the seismic behavior different shear walls dependent
on the variations of specific wall details (corridor vs corner) or vertical
locations. Herein, discussion focuses on only the shear wall response measured
during the pre-fire earthquake test sequence. The measured time history
responses of level 2 shear walls during the design event (EQ6) are first
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presented. Subsequently, the peak local responses of all the instrumented shear
walls are summarized. It is noted that even though the seismic drift demand of
the test building achieved its largest value at level 4 during the pre-fire
earthquake tests (PIDR attained ~0.9% at level 4 compared with ~0.6% at level
2 during the design event EQ6), the measured local shear wall responses (e.g.,
tie-down rod forces, wall end displacements) were larger at level 2 than those of
the level 4 shear walls.
Fig. 6 shows the measured local responses of the corridor shear wall pair (west
and east segments on the south corridor wall line) at level 2 during the design
event (EQ6). It is noted that the measured story drift at level 2 reached peak
values of ~0.6% in both positive (eastward) and negative (westward) directions
during this test (red circles represent the time instance when the story drift
achieved the positive peak, whereas green circles correspond to that of the
negative peak). With a peak story drift of ~0.6% at level 2, the peak shear
distortion of the structural panels attained ~0.2% for the west wall segment and
~0.15% for east wall segment, accounting for 1/4 –1/3 of the peak story drift.

Figure 6. Local responses of the corridor shear wall pair at level 2 during the
design event (EQ6): panel shear distortions (first row), wall end vertical
displacements (second row), and tie-down rod axial forces (third row).
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As the story drift reached the positive (eastward) peak (denoted in red circles),
the wall end vertical displacements and the tie-down rod tensile forces of both
the east and west wall segments achieved their peak values at the west ends of
the individual segments. In contrast, these local responses remained very small
at the east ends of the two wall segments, since the east ends of both wall
segments were characterized by compression in the vertical direction when the
shear walls were subjected to peak story drift in the eastward direction.
Similarly, when the story drift reached the negative (westward) peak (denoted in
green circles), the peak wall end vertical displacements and peak tie-down rod
tensile forces of both the east and west wall segments occurred at the east ends
of shear walls. In addition, the shear walls at the two sides of the corridor (east
and west segments) achieved comparable peak local responses associated with
occurrence of the peak story drift. This indicates that the east and west corridor
shear walls performed as individual wall segments (referred to as Type I system
per AISI code provisions (AISI, 2007)) in response to seismic lateral loads. In
addition, the tie-down rods of both wall segments achieved peak tensile forces
of ~200 kN associated with the positive (eastward) peak story drift and < 150
kN associated with the negative (westward) peak story drift. The peak tensile
forces of the tie-down rods were well below (~15%) their yield strength of 1337
kN (see Table 1) during the design event (EQ6).
Fig. 7 shows the measured responses of the longitudinal corner shear wall pair
(southwest and southeast walls) at level 2 during the design event (EQ6). The
shear force demands of the corner shear walls were much smaller than those of
the corridor walls due to their much shorter length of the corner walls. As a
result, the observed peak axial forces of the tie-down rods of the corner walls
were substantially smaller than those of the corridor shear walls. The achieved
peak wall end vertical displacements of the corner shear walls were only ~2 mm
(compared to 5 mm for the corridor walls), whereas the peak tie-down rod axial
forces were slightly larger than 60 kN (~40% their yield strength of 170 kN). In
addition, the shear distortions of the corner shear walls were about 0.1%, which
is smaller than those of the corridor shear walls (0.15% – 0.2 %). However,
unlike the fact that the measured axial forces of the tie-down rods remained
similar for the shear walls at the two ends of the corridor, the tie-down rod axial
forces of the corner shear walls at the two sides of the building appeared less
correlated. This is partially due to the interaction between the tie-down rods of
the longitudinal corner shear walls with those of the adjacent transverse shear
walls.
Fig. 8 presents the ratios of the peak shear distortions of shear wall structural
panels over the PIDRs at the corresponding levels. It is noted that the positive
(or negative) peak panel shear distortions are correlated with the corresponding
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PIDR in the positive (or negative) directions. Comparison of the corridor walls
with the corner walls indicates that the peak panel shear distortions of the
corridor shear walls were consistently larger than those of the corner shear walls
at the same level. For the shear walls at level 2, the panel shear distortions
accounted for 20%~40% of the drift demands for the corridor walls but only
about 20% for the corner walls. This may be attributed to the differences related
to shear wall aspect ratios between the corridor and corner shear walls. The
corner shear walls, which were much slenderer than the corridor shear walls,
may lead to increased flexural deformation and reduced shear deformation
contribution in response to lateral drift loading. In addition, the shear distortion
ratios of the shear walls appeared to be smaller at higher levels. For instance, the
shear distortions of the corridor wall structural panels accounted for 40~60% of
the story drift at level 1, compared with 20~40% at level 4. This is likely
attributed to the axial force demands of the tie-down rod systems, as the
measured tensile forces of the tie-down rods of the level 4 shear walls was
significantly smaller than those of the lower two levels.

Figure 7. Local responses of the longitudinal corner shear wall pair at level 2
during the design event (EQ6): panel shear distortions (first row), wall end
vertical displacements (second row), and tie-down rod axial forces (third row).
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Figure 8. Normalized peak panel shear distortions of the corridor (first row) and
corner (second row) shear walls during the pre-fire earthquake test sequence.
Fig. 9 summarizes the measured peak tensile forces of the corridor and corner
shear wall tie-down rods during the pre-fire earthquake test phase. It is noted
that the tie-down rod axial forces of the northwest corridor shear walls were not
measured since no strain gages were installed on these walls. Data points
associated with the positive (eastward) PIDRs represent those of the measured
peak tensile forces of the tie-down rods at the west ends of individual shear
walls, whereas those associated with the negative (westward) PIDRs represent
the peak tensile forces of the tie-down rods at the east ends of the shear walls.
As a result of larger lateral force demands at the lower two levels, the measured
peak tensile forces of the shear wall tie-down rods at the lower levels were much
larger than those of the level 4 shear walls. The axial forces of the corridor walls
at the lower two levels achieved ~400 kN but only 200 kN at level 4. In
addition, the peak tensile forces of the corridor shear wall tie-down rods were
much larger than those of the corner shear walls at the same level. The achieved
peak tensile forces remained comparable for the corridor shear wall pairs (east
and west wall segments) each of the three levels, while the forces differed
apparently for the corner shear wall pairs. It is also important to note that the
measured axial forces of all instrumented tie-down rods remained smaller than
their respective yield strengths. During the pre-fire test phase, the tensile forces
of the corridor shear wall tie-down rods reached only ~40% their respective
yield strength, while those of the corner shear walls attained about 60%.
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Figure 9. Peak tie-down rod tensile forces the corridor (first row) and corner
(second row) shear walls during the pre-fire earthquake test sequence.
5 Physical Observations of Damage to Shear Walls
The shear walls systems at all levels performed satisfactorily during the pre-fire
earthquake tests. Following the completion of the pre-fire earthquake tests with
the PIDR exceeding 1% at all except the uppermost levels, representative
damage observed at the corridor shear walls involved extensive screw
withdrawal, sheathing crushing due to interactions with the adjacent gravity
walls, as well as local buckling steel sheathing of the structural panels (with
limited). As a result of smaller shear panel distortion demands for the corner
(exterior) shear walls (see Fig. 8), damage associated with the corner shear walls
was much less severe compared to that of the corridor shear walls at the
corresponding levels. Typical damage occurred only in the form of screw
withdrawal and crushed sheathing corner.
Since the largest story drift demand occurred at level 4 during the pre-fire test
sequence (PIDR reached 1.7%), the room-side gypsum panels of the corridor
and corner shear walls at the northwest compartment of level 4 were removed to
allow for inspection of the shear wall framing and steel sheathing. With a
measured panel shear distortion of 0.7%, the corridor shear wall underwent
localized buckling of the sheathing steel at the top of wall, while the framing
studs and tracks did not sustain visible damage (Fig. 10). In addition, loosening
of the bolts at the floor bearing connections was detected following the pre-fire
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earthquake tests. In contrast, the corner shear wall of the same room of level 4
attained a panel shear distortion of < 0.2%. Therefore, no visible damage of
either the framing or the sheathing steel was detected (Fig. 11). Comparison of
the steel sheathing damage collaborates the differences of the structural panel
shear distortion demands between the corridor and corner shear walls.

Figure 10. Longitudinal corridor shear wall framing following the pre-fire test
sequence: (a) wall framing, (b) localized buckling at the top of sheathing steel,
(c) and (d) close-up of the localized buckling.

Figure 11. Longitudinal corner shear wall framing following the pre-fire test
sequence: (a) upper corner, and (b) bottom track and studs.
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6 Conclusions
To advance the state of understanding regarding the seismic performance of
mid-rise CFS structures, a full-scale six-story cold-formed steel building was
constructed and tested on the UCSD Large High Performance Outdoor Shake
Table test facility in 2016. This paper provides a brief overview of the
earthquake test program and summarizes the system-level response of the test
building. Herein, the paper summarizes the component-level behavior of the
shear wall systems including cross-comparison between long-interior corridor
walls and shorter exterior walls. Important findings regarding the seismic
behavior and physical damage of the shear wall systems in this building-level
earthquake test program include the following:
1. The measured panel shear distortions of the corridor shear walls were
consistently larger than those of the corner exterior shear walls at the same
level. This may be attributed to the fact that very large aspect ratio (> 4:1)
of the corridor shear walls may lead to increased flexural deformation and
reduced shear deformation during lateral loading. Further experimental
studies may be conducted to understand the effect of aspect ratios on the
shear wall local behavior.
2. Shear wall segments located at the same wall line and of similar length
along the corridor of the building achieved comparable achieved
comparable local responses (i.e., structural panel shear distortions, wall end
vertical displacements, tie-down rod forces) during the earthquake tests.
This indicates that individual corridor shear walls performed as individual
wall segments (Type I system) in response to seismic lateral loads. In
contrast, the measured local responses of the longitudinal shear walls
located at the same wall line appeared less correlated (in particular the tiedown rod axial forces). This may be due to the interaction between the
longitudinal corner shear walls with the adjacent transverse shear walls.
3. The shear walls systems at all levels performed satisfactorily during the prefire earthquake test phase. However, as a result of different local behavior,
in particular smaller panel shear distortion demands, the corner (exterior)
shear walls sustained less severe damage compared to the corridor shear
walls at the same level. Inspection of the steel sheathing of the shear walls
at level 4 revealed the occurrence of buckling of sheathing steel of the
corridor shear wall structural panels following the pre-fire earthquake tests,
whereas those of the corner shear walls remained undamaged.
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Finite Element Modeling and Validation of Steel Sheathed
Cold-formed Steel Framed Shear Walls
Amanpreet Singh1, Tara C. Hutchinson2
Abstract
The objective of this paper is to validate the concept of utilizing a truss-element
based finite element model for capturing the in-plane cyclic response of steel
sheathed cold-formed steel (CFS) framed shear wall. The model is developed
within the OpenSees finite element platform. Steel sheathed CFS shear walls
show shear buckling of their sheathing as a tension field develops. This inelastic
behavior of the shear walls is replicated by using the Pinching4 material for truss
elements acting along the tension field. Importantly, the model employs beamcolumn elements for framing members, rotational springs for representing frame
stiffness and vertical springs for modelling hold-downs. The wall models were
calibrated using experimental data available for 0.030-in. and 0.033-in. steel sheet
sheathed shear walls with 2:1 and 4:1 aspect ratios and 6-in., 4-in. and 2-in.
fastener spacing at panel edges. The specimens were subjected to symmetric
reverse cyclic displacement-controlled loading using the CUREE protocol.
Comparison amongst the experimental and numerical models demonstrate a high
degree of accuracy in the estimated shear strength and hysteretic response of the
shear walls and as such has the potential to be an important building block towards
modeling full structural systems constructed of cold-formed steel framing.
Introduction
The need for low-cost, multi-hazard resilient, mid-rise buildings makes
Cold-Formed Steel (CFS) a popular choice for construction material offering
many benefits such as lightweight framing, high durability and ductility, low
installation and maintenance costs. Buildings framed with closely-spaced CFS
members repetitively placed in the walls develop lateral resistance through
sheathing attached to these members. CFS shear walls typically use wood panels
or steel sheets as sheathing on one or both sides of the wall. The in-plane response
of both of these systems has been explored extensively using component level
experiments (eg. Serrette 2010, Liu et al. 2012, Yu 2010 and Shamin et al. 2013).
Results from these and other experimental campaigns have been incorporated in
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structural design codes such as North American specifications AISI-S240 (2015)
and AISI-S400 (2015). These experimental programs have been followed up by
research on developing computational models that capture the non-linear behavior
of CFS shear walls. For example, Buonopane et al. (2014) presents a fastenerbased model for OSB sheathed shear walls in which every fastener is modeled by
a non-linear, radially-symmetric zero length spring element. The fastener
elements are assigned a material model which includes a softening backbone
curve, pinching, and loading and unloading parameters. Kechidi et al. (2016)
developed a new material model called CFSWSWP uniaxialMaterial
implemented in OpenSees, which can simulate the deteriorating behavior,
strength and stiffness degradation and pinched hysteretic response of woodsheathed cold-formed steel shear walls. To contribute to the growing body of
numerical modeling approaches for investigating the response of such systems,
the present study evaluates an efficient truss-element based model for steel
sheathed CFS shear wall system.
Experimental Program used for Numerical Validation
Fifteen sets each of monotonic and cyclic tests with two nominally identical shear
walls were conducted to obtain shear strengths for wind loads and seismic loads
(Yu et al. 2007). From these, nine sets of wall configurations tested cyclically
were modeled, based on full-scale specimen details (Table 1, Figure 1). Complete
details of the design and construction of the specimens can be obtained from Yu
et al. (2007); however, it is noted that the same notation for the wall specimens
adopted in the experiments have been used herein for consistency. The specimens
were subjected to lateral cyclic displacement history following the CUREE
protocol (Krawinkler et al. 2000) with no imposed vertical gravity load. The test
walls modeled include two aspect ratios: 2:1 (4 ft. × 8 ft.) and 4:1 (2 ft. × 8 ft.),
two sheet steel thicknesses: 0.033-in. and 0.030-in., and three fastener spacing on
panel edges: 6-in., 4-in., and 2-in. The framing members (350S162-43 for studs
and 350T150-43 for tracks, ASTM A1003 Grade 33 steel) were assembled using
#8 modified truss head self-drilling screws. Back to back double C-shaped
structural studs were used for chord studs with the webs of these studs stitched
together using 2-#8 self-drilling screws spaced at 6 in. o.c. Commercially
available hold downs at each chord stud were used. Two 1/2-in. diameter Grade
8 were used for each wall. Sheathing was installed on one side using #8
self-drilling screws. Complete details of the experimental program can be found
in Yu et al. (2007).

633

Table 1: Test matrix of shear walls modeled (test program of Yu et al. 2007)
Wall
Set

Test Label

1
2
3
4
5
6
7
8
9

4×8×43×33-6/12-C1/C2
4×8×43×33-4/12-C1/C2
4×8×43×33-2/12-C1/C2
4×8×43×30-6/12-C1/C2
4×8×43×30-4/12-C1/C2
4×8×43×30-2/12-C1/C2
2×8×43×33-6/12-C1/C2
2×8×43×33-4/12-C1/C2
2×8×43×33-2/12-C1/C2

Wall dimensions
(width × height ×
framing member
thickness)
4 ft. × 8 ft. × 43 mil
4 ft. × 8 ft. × 43 mil
4 ft. × 8 ft. × 43 mil
4 ft. × 8 ft. × 43 mil
4 ft. × 8 ft. × 43 mil
4 ft. × 8 ft. × 43 mil
2 ft. × 8 ft. × 43 mil
2 ft. × 8 ft. × 43 mil
2 ft. × 8 ft. × 43 mil

Steel sheet
thickness
33 mil
33 mil
33 mil
33 mil
33 mil
33 mil
33 mil
33 mil
33 mil

Fastener
spacing,
Perimeter/
Field
6 in./12 in.
4 in./12 in.
2 in./12 in.
6 in./12 in.
4 in./12 in.
2 in./12 in.
6 in./12 in.
4 in./12 in.
2 in./12 in.

(a)
(b)
Figure 1: (a) Dimensions of 4 ft. × 8 ft. wall assembly, (b) Typical screw
panel edge and field location schedule (See Table 1)
Description of Numerical Model
A schematic of the numerical model developed in OpenSees (McKenna et al.
2000) for capturing the in-plane cyclic response of the aforementioned shear wall
specimens is provided in Figure 2. The CFS frame members, studs and tracks, are
modeled using linear elastic, displacement beam-column elements. Chord studs
use the full composite section properties for back to back structural studs. The
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studs and top/bottom tracks are connected using a rotational spring zero-length
element to simulate a semi-rigid connection. The rotational stiffness of the spring
is defined as 100 kip-in./rad [11.3 kN-m/rad], based on approximations from the
measured lateral stiffness of bare CFS frame tests (Buonopane et al. 2014). Steel
sheathed shear walls show significant pinching of their hysteretic lateral
resistance with early onset of shear buckling in the sheathing, followed by
development of a tension field, and finally by loss in lateral resistance and
stiffness with damage at screw connections. The sheathing and connections are
modeled as truss elements assigned with a Pinching4 material (Lowes et al. 2003),
defined by a multi-linear backbone curve, stiffness and strength degradation,
unloading and reloading parameters (Figure 3). In the present work, the
cross-sectional area of the truss elements is assumed to be ten times the steel sheet
thickness to approximately represent the width of the tension field. Due to the
very large fastener spacing used for connecting the steel sheathing with the field
studs, the interaction between the steel sheathing (truss elements) and field studs
(beam-column element) is ignored in the numerical model. This had the added
benefit of allowing the orientation of the truss elements to be along the tension
field. The hold-downs are modeled as uniaxial vertical spring having an elastic
stiffness of 99.3 kips/in [17.4 kN/mm] in tension, calculated based on published
values of tensile strength and displacement (Simpson, 2017). In compression, the
hold downs are bearing against a rigid foundation and thus the compressive
stiffness is taken as 1000 times that of the tension stiffness (Leng et al. 2013). The
horizontal DOF is restrained at locations of shear anchors and hold-downs.

Figure 2: Numerical model of shear walls in OpenSees
(shown for the 4 ft long walls)
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Figure 3: Pinching4 uniaxial material model
(recreated from Lowes et al. 2003)
Results and discussion
The Pinching4 material requires definition of 39 parameters (Figure 3). To guide
the definition of these parameters, the backbone for lateral resistance versus
lateral displacement hysteretic response for each wall set was used to define the
Pinching4 backbone. The material can be assigned two different backbone curves
in the positive and negative excursions. However, since the hysteretic response of
the tested walls was nearly symmetric, a symmetric backbone curve was assumed
in the numerical representation. Similarly, unloading and reloading parameters
were calibrated by systematically changing the parameters until a good fit
between experimental and numerical model was obtained. The strength and
stiffness degradation parameters of Shamin et al. (2013) were adopted. Table 2
lists the Pinching4 reloading, unloading and degradation parameters which were
maintained for all sets of walls modeled. Table 3 lists the calibrated Pinching4
backbone curve parameters for all modeled walls. Figure 4, as an example, shows
the comparison of the hysteretic response of the tested walls to that obtained using
the best fit numerical model for wall set two.
Table 2: Pinching4 reloading, unloading and degradation parameters
r+δ
r-δ
r+V
r-V
u+V
u-V

0.01
0.01
0.1
0.1
-0.2
-0.2

gK1
gK2
gK3
gK4
gKlim
gE

0.5
0.5
1.5
1.5
0.8

gD1
gD2
gD3
gD4
gDlim
10.0

0.2
gF1
0.2
gF2
1.5
gF3
1.5
gF4
0.25
gFlim
Damage type

0.0
0.0
0.0
0.0
0.0
Energy
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Table 3: Calibrated Pinching4 parameters for positive branch (note that
symmetric behavior is assumed, thus these also apply for negative branch)
Wall
Set

+V

1
2
3
4
5
6
7
8
9

27.3
38.5
59.2
18.5
25.5
33.0
23.5
31.0
33.0

1

kN

+V

2

kN

56.5
61.0
79.2
43.0
50.8
58.5
57.0
55.0
50.0

+V

3

kN

71.0
77.3
88.3
55.5
64.9
69.0
69.9
79.9
89.1

+V

4

kN

21.6
32.1
40.2
19.0
26.0
31.0
22.0
26.0
26.0

+δ

1
(×10-3)

mm
6.9
7.5
1.5
11.0
14.0
17.0
0.40
0.65
1.0

+δ

2
(×10-2)

mm
3.3
3.5
0.20
6.0
5.5
5.0
2.8
2.0
1.5

+δ

3
(×10-2)

mm
9.1
9.0
8.4
14.1
13.2
10.1
8.8
6.4
5.6

+δ

4

(×10-2)
mm
18.2
19.8
20.0
28.0
30.0
31.0
22.0
24.0
24.0

Figure 4: Comparison of experimental and numerical hysteretic
response for wall set 2. (Specimens C1 and C2 are nominally identical)
Figures 5-7 show a comparison of experimental and numerical backbone curves
and energy dissipated versus cumulative displacement for all wall sets modeled.
These comparisons demonstrate the capability of the simple X-brace type
numerical models proposed herein. Importantly, the OpenSees models are able to
capture the highly pinched lateral resistance versus displacement hysteretic
behavior and energy dissipation through formation of the tension field as the cycle
amplitude increases and the behavior becomes highly non-linear. For walls with
4:1 aspect ratio, energy dissipation is not correctly captured after cycle with peak
strength, with error as high as 45% at the end of displacement history.
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(a) Wall set 1

(b) Wall set 2

(c) Wall set 3
Figure 5: Comparison of experimental and numerical backbone curves and
cumulative dissipated energy for wall sets 1-3
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(a) Wall set 4

(b) Wall set 5

(c) Wall set 6
Figure 6: Comparison of experimental and numerical backbone curves and
cumulative dissipated energy for wall sets 4-6
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(a) Wall set 7

(b) Wall set 8

(c) Wall set 9
Figure 7: Comparison of experimental and numerical backbone curves and
cumulative dissipated energy for wall sets 7-9

640

This modeling strategy can be extended to include other steel sheet thicknesses
and framing member sizes by calibrating against additional experimental datasets.
This shear wall model can also be used as a building block for models intended to
capture the coupled shear wall and gravity wall behavior and exploring the
contribution of gravity walls to the overall lateral resistance. In this study, the
framing members are modeled as linear elastic members. However, if the intent
was to capture framing member behavior and other sources of non-linearity and
energy dissipation, inelastic beam-column elements would be needed to model
studs and tracks.
Conclusions
A series of wall configurations tested cyclically by Yu et al. (2007) were modeled
using an efficient, and low degree-of-freedom truss-element based finite element
model in OpenSees. The parameters of the selected nonlinear Pinching4 material
model were calibrated to obtain a best fit to the experimental response. The
models were able to capture the severely pinched hysteretic response and energy
dissipated through displacement cycles. The study shows the capability of Xbrace type numerical models to capture steel sheathed shear wall behavior and a
set of calibrated Pinching4 parameters for nine sets of walls considered are
provided.
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PERFORMANCE OF COLD-FORMED STEEL SHEAR
WALLS WITH FRAME BLOCKING AND DOUBLESHEATHING
Robert Rizk 1, Vincent Briere 2, Veronica Santos 3, Colin A. Rogers 4
Abstract
This paper summarizes a laboratory based research program on blocked and
double-sheathed cold-formed steel framed shear walls. The intent was to develop
walls whose in-plane shear resistance exceeds that of configurations currently
listed in the AISI S400 Standard. The results showed that the frame blocking can
be used in the construction of walls whose resistance is at the limit of that found
in AISI S400; however, the blocking will not adequately restrain the framing
members if thicker sheathing is used. An approach was needed to minimize the
effect of the eccentric loading caused by the sheathing and to account for the
combination of axial compression and bending on the chord studs. Shear walls
with steel sheathing placed on both sides of the framing demonstrated resistances
up to twice those listed in AISI S400, without damage to the framing members,
and similar ductility characteristics to previously tested CFS shear walls.
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Introduction
To enter into the construction market for mid-rise buildings the cold-formed steel
(CFS) industry requires a solution to address the need to resist higher seismic shear
forces. The proven performance of steel-sheathed shear walls is required; i.e. all-steel
shear wall configurations capable of carrying lateral loads in the range of 60 kN/m, to
bridge the gap between CFS and hot-rolled steel lateral framing shear wall systems.
This will expand on the range of shear resistance values (maximum 30 kN/m) listed
in the American Iron and Steel Institute (AISI) S400 (2015) North American Standard
for Seismic Design of CFS Structural Systems. Various solutions exist to increase the
shear resistance of a CFS framed shear wall: 1) Use full blocking of the stud framing,
which has been shown to increase the resistance by up to 25% compared with an unblocked wall suffering from chord stud damage (DaBreo et al. 2013). The blocking
restrains the chord studs from a torsional failure mode caused by the eccentric loading
of the one-sided steel sheathing; and 2) Construct walls with heavier frames (1.73 to
2.5 mm), with sheathing on both sides of the wall and with sheathing of greater
combined thickness.
The existing AISI S400 design provisions for steel-sheathed shear walls were
developed through various research programs. Design values for the USA and Mexico
were based on research by Serrette et al. (1996, 1997), in addition to studies by Yu et
al. (2007), Ellis (2007), Yu & Chen (2009, 2011) and Yu (2010), among others. This
body of research was complemented by studies to develop a seismic design approach
specific for use in Canada. Laboratory research was completed by Shamim et al.
(2013) and DaBreo et al. (2013), which included tests of walls with frame blocking,
as well as dynamic shake table tests of single and double storey walls. Balh et al.
(2014) described the development of the design approach now found in the AISI S400
Standard. These test programs were supplemented by Shamim & Rogers (2013, 2015)
with the numerical modelling of representative CFS buildings subjected to ground
motions.
Tabulated shear resistance values are provided for steel-sheathed shear walls in the
AISI S400 Standard. The only construction configuration currently available is that of
a CFS framed wall sheathed on a single side with thin steel panels. Due to the eccentric
placement of the sheathing, the chord studs of the wall are subjected to torsional
moments, which can lead to their failure during ground motion excitation. As such,
the objective of the research presented in this paper was to improve upon the shear
resistance and behaviour of this standard wall configuration by constructing walls in
which the stud framing was blocked with horizontal steel members, as well as with
walls comprising a sheathing panel on both faces. This paper contains the results of a
laboratory-based research program on these blocked walls, ranging in size from 610
× 2440 mm to 2440 × 2440 mm (14 configurations), and double-sheathed walls 1220
× 2440 mm in size (8 configurations).
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Test program
Twenty-eight blocked walls and sixteen double-sheathed walls were tested in the
Jamieson Structures Laboratory at McGill University using the dedicated shear wall
test setup (Figure 1). The test frame is equipped with a 250kN MTS dynamic loading
actuator with a ±125mm stroke. Out-of-plane movements of the walls were prevented.
Monotonic and CUREE reversed-cyclic (Krawinkler et al. 2000) displacement-based
lateral loading protocols were applied.
A typical example of the construction of a blocked wall is provided in Figure 2, along
with a listing of test specimens in Table 1. Note the horizontal framing members used
to restrict the torsional movement of the studs. This construction technique is the same
as that employed by DaBreo et al. (2013), however their tests were limited to 1220
mm long walls (aspect ratio 2:1). In the test program described herein, the aspect ratios
of the blocked walls ranged from 4:1 to 1:1. The intent was to validate whether the
blocked design values given in AISI S400 were also valid for these other length walls.
ASTM A653 Grade 230 sheathing and Grade 340 framing member were specified.
The blocking members were the same size as the track members. No. 8 gauge selfdrilling pan head screws were used to fasten the sheathing panel to the cold-formed
steel frame with an edge distance of 9.5 mm. Simpson Strong-Tie S/HD10S holdowns
were utilized. A detailed description of the walls’ construction and test results can be
found in the thesis of Rizk (2017).

Figure 1 – Shear wall test setup showing double sheathed test specimen
A representation of a double-sheathed wall is shown in Figure 3, with a listing of the
test specimens available in Table 2. The design of these walls was different from that
of previously tested steel-sheathed shear walls. Given the symmetry of this
configuration, no eccentric loading would be applied on the chord studs, therefore
allowing for a higher shear resistance since the chord studs would in principle not
experience torque and hence would not become damaged if designed for the in-plane
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moment and axial forces. Numerical analyses were completed to determine the
specific framing member sizes. The higher resistance expected from the sheathing
placement and screw size / pattern would impose higher forces in the studs; therefore,
b)

a)

Figure 2 – Steel sheathed shear wall with frame blocking; a) full wall with cutaway sheathing panel, & b) chord stud-to-blocking connection detail
Table 1 – Steel sheathed shear wall with frame blocking – test configurations
Test ID

Wall
length
(mm)

Sheathing
thickness
(mm)

Framing
thickness
(mm)

Fastener
spacing
(mm)

Type of
test1

W1
1220
0.76
1.73
50
M&C
W2
1220
0.76
2.46
50
M&C
W3
610
0.76
1.37
50
M&C
W4
610
0.76
1.37
75
M&C
W5
610
0.76
1.37
100
M&C
W6
610
0.76
1.37
150
M&C
W7
1830
0.76
1.37
50
M&C
W8
1830
0.76
1.37
75
M&C
W9
1830
0.76
1.37
100
M&C
W10
1830
0.76
1.37
150
M&C
W11
2440
0.76
1.37
50
M&C
W12
2440
0.76
1.37
75
M&C
W13
2440
0.76
1.37
100
M&C
W14
2440
0.76
1.37
150
M&C
1 M: Monotonic; C: Reversed-cyclic displacement based test protocol
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a)

b)

Figure 3 – Double-sheathed shear wall; a) full wall with cut-away sheathing
panel, & b) base of wall with front sheathing not shown
Table 2 – Double-sheathed shear wall – test configurations
Test ID

Sheathing
thickness
(mm)

Framing
thickness
(mm)

Sheathing
screw size
(#)

Fastener
spacing
(mm)

W19
2 × 0.36
1.73
10
50
W20
2 × 0.36
1.73
10
100
W21
2 × 0.36
2.46
10
50
W22
2 × 0.36
2.46
10
100
W28
2 × 0.47
2.46
10
50
W29
2 × 0.47
2.46
10
100
W30
2 × 0.47
2.46
12
50
W31
2 × 0.47
2.46
12
100
1 M: Monotonic; C: Reversed-cyclic displacement based test protocol

Type of
test1
M&C
M&C
M&C
M&C
M&C
M&C
M&C
M&C

members of greater resistance were required. Furthermore, given the extent of the
anticipated tension field force in the sheathing, it was necessary to consider combined
axial and flexural loading on these framing members. Since this configuration had
never been previously tested, it was necessary to rely on existing design methods,
valid for standard cold-formed steel shear walls, to predict the forces expected in the
framing members. The Effective Strip Method (Yanagi & Yu, 2013) was developed
for walls such as those tested by Yu (2010), Yu & Chen (2011) and Balh (2010). The
method assumes that lateral forces applied to the wall are carried by a partial width of
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the sheathing, also called the tension field. It had been calibrated using the
experimental data of 70 monotonic and 72 cyclic full-scale tests of standard
construction CFS framed / sheathed shear walls. These tests covered different wall
building parameters having single-sided sheathing, using various framing thickness,
sheathing thickness, fastener spacing and wall aspect ratio, all varying within specified
ranges. An adaptation of this method, using strips to represent the tension field of the
wall, was used to develop a SAP2000 model in order to perform the structural analysis
of the test specimens. Although the new construction details and wall parameters are
different from those for which this method had been developed, the Effective Strip
Method was used in its original form to predict the strength and resulting frame
member forces for the test specimens. This resulted in the choice of built-up box
members for the chord studs, connected using vertical steel strips, whose resistance
was determined using AISI S100 (2016) / CSA S136 (2016). ASTM A653 Grade 230
sheathing and Grade 340 framing member were specified. No. 10 or 12 gauge selfdrilling pan head screws were used to fasten the sheathing panels to the cold-formed
steel frame with an edge distance of 38 mm. Simpson Strong-Tie S/HD15S holdowns
were used. A detailed description of the walls’ construction and test results can be
found in the theses of Brière (2017) and Santos (2017).
Test observations
In the blocked shear walls elastic shear buckling of the sheathing panels first took
place, in addition to the development of a tension field (Figure 4a); this was
followed by bearing deformations in the sheathing at fastener locations (Figure 4b).
In an overall sense, the blocking did restrain the chord studs from twisting, however,
it did not prevent the flange-lip component of the stud from being deformed. In
cases where a dense screw pattern was used, damage as illustrated in Figure 5a
occurred. Furthermore, in the longer walls, the out-of-plane forces arising from the
buckled sheathing caused the entire wall to bend inwards, which in some cases
resulted in the failure of the central studs (Figure 5b). The blocking did not fully
restrain the out-of-plane movement of the walls. These damage patterns indicate
that additional shear capacity of the blocked walls could not be achieved by
installing thicker sheathing, larger screws, or more screws, because the response to
in-plane loading was restricted by the capacity of the open framing members and
functionality of the blocking. Additional photographs and a complete description of
each test wall’s damage patterns are provided in the thesis of Rizk (2017).
The double-sheathed shear walls also experienced elastic shear buckling of the
sheathing, and the associated development of a tension field (Figure 6a). This was
typically followed by bearing damage in the panels at the screw locations (Figure
6b). The frame of the test walls remained undamaged for the most part (Figure
7b); it was capable of carrying the applied axial forces and in-plane moments. Of
note was the buckling of the sheathing, which under reversed-cyclic loading led
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a)

b)

Figure 4 – Typical damage to blocked shear walls due to; a) shear buckling of
sheathing panels & tension field, & b) bearing damage at sheathing screws
a)

b)

Figure 5 – Typical damage to blocked shear walls due to; a) torsional forces on
chord studs, & b) out-of-plane forces on blocked centre studs
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a)

b)

Figure 6 – Typical damage to double-sheathed shear walls; a) shear buckling of
sheathing panels & tension field, & b) bearing damage at sheathing screws
a)

b)

Figure 7 – Typical damage to double-sheathed shear walls; a) detachment of
sheathing from framing, & b) undamaged frame (front sheathing removed post-test)
to the sheathing disengaging from the frame (Figure 7a). The bearing / slotting of
the sheathing at the fasteners, followed by the out-of-plane distortion of the
sheathing (shear buckling) led to the loss of connectivity of a large portion of the
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panels. This limited the extent to which at increased drift the double-sheathed
shear walls could maintain their resistance to in-plane loading, and as such their
ductility. Additional photographs and a complete description of each test wall’s
damage patterns are provided in the theses of Brière (2017) and Santos (2017).
Measured test results
The measured properties of each wall were determined for both the monotonic
(Figures 8 & 10) and reversed-cyclic (Figures 9 & 11) loading protocols. Tables 3 and
4 contain the monotonic and reversed-cyclic, respectively, test data for the blocked
shear walls. This same information is provided in Tables 5 and 6 for the doublesheathed test specimens. The definitions of the measured parameters for a typical
monotonic or backbone curve of a reversed-cyclic test are illustrated in Figure 12.

Figure 8 – Representative monotonic force vs. deformation test results of
blocked shear walls (Test W9-M)

Figure 9 – Representative reversed-cyclic force vs. deformation test results of
blocked shear walls (Test W9-C)
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Figure 10 – Representative monotonic force vs. deformation test results of
double-sheathed shear walls (Test W31-M)

Figure 11 – Representative reversed-cyclic force vs. deformation test results of
double-sheathed shear walls (Test W31-C)
The shear resistance for the blocked walls was similar to that found by DaBreo et al.
(2013) for the matching configurations. This indicates that for walls with an aspect
ratio between 1:1 and 1:2 the listed design values in AISI S400 (2015) are appropriate.
There is a need for a reduction factor in shear design for the 4:1 aspect ratio walls, as
per AISI S400, to account for the ultimate strength being reached at high drift levels,
i.e. above 3%. Using thicker framing members (walls W1 & W2) did lead to higher
shear resistance, however deformations of the chord studs did still take place. As such,
further advances in shear strength are likely not achievable with this construction
configuration due to the eccentric loading condition on the open framing members.
The double-sheathed walls with a combined sheathing thickness approximately
equaling that of the blocked walls (0.72 mm vs. 0.76 mm), were able to attain at least
the same resistance level or higher, without damage to the frame. More importantly,
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Table 3 – Blocked frame shear walls : monotonic test results
Test ID

Ultimate
Resistance
Su (kN/m)

Drift
Ratio
at Su
(%)

Drift
Ratio
at 0.4Su
(%)

Drift
Ratio
at 0.8Su
(%)

Total
Energy
Dissipated
ETOT (J)1

W1-M
34.9
2.2
0.47
3.4
3370
W2-M
39.1
2.1
0.40
3.5
4121
W3-M
35.3
4.2
0.69
4.12
2114
W4-M
30.0
3.5
0.54
4.12
1820
W5-M
25.4
2.4
0.40
3.4
1474
W6-M
20.1
2.4
0.53
3.4
1018
W7-M
33.5
1.2
0.21
3.1
5671
W8-M
27.9
1.3
0.33
2.4
3973
W9-M
25.6
1.6
0.22
2.7
3030
W10-M
18.9
1.6
0.22
2.1
1790
W11-M
32.9
1.5
0.20
3.6
7742
W12-M
28.8
1.3
0.27
2.2
3836
W13-M
24.7
1.0
0.16
1.7
3088
W14-M
19.5
1.2
0.13
1.8
2310
1 Total energy as defined by area under resistance-deformation monotonic curve
2 4% drift limit reached

Table 4 – Blocked frame shear wall : reversed-cyclic test results
Test ID

Ultimate
Resistance
Su (kN/m)1

Drift
Ratio
at Su
(%)1

Drift
Ratio
at 0.4Su
(%)1

Drift
Ratio
at 0.8Su
(%)1

Total
Energy
Dissipated
ETOT (J)2

W1-C
36.7 / 35.2
1.7 / 1.8
0.40 / 0.39 2.5 / 2.7
17470
W2-C
40.4 / 41.5
2.0 / 2.0
0.32 / 0.37 2.6 / 2.3
16150
W3-C
38.7 / 36.0
3.5 / 3.3
0.71 / 0.64 4.1 / 4.13
12642
W4-C
29.0 / 27.6
2.9 / 2.9
0.57 / 0.62 4.1 / 4.13
5807
W5-C
26.7 / 26.4
1.9 / 2.8
0.34 / 0.42 3.0 / 4.13
4958
W6-C
20.0 / 19.6
2.8 / 3.2
0.30 / 0.44 3.3 / 3.9
4353
W7-C
31.3 / 30.2
1.2 / 1.3
0.21 / 0.25 3.2 / 3.5
32114
W8-C
29.2 / 28.0
1.3 / 1.5
0.19 / 0.23 2.4 / 2.2
22742
W9-C
25.7 / 24.3
1.1 / 1.1
0.20 / 0.24 2.1 / 1.8
18462
W10-C
20.5 / 19.4
1.2 / 1.2
0.16 / 0.13 2.0 / 1.9
14748
W11-C
35.2 / 32.1
1.3 / 1.5
0.22 / 0.17 2.6 / 2.7
42939
W12-C
30.2 / 29.0
1.3 / 1.3
0.18 / 0.19 2.0 / 1.7
25814
W13-C
24.8 / 23.8
1.2 / 1.0
0.21 / 0.20 1.7 / 1.5
19645
W14-C
19.2 / 18.1
1.0 / 1.0
0.16 / 0.15 1.6 / 1.4
16022
1 Positive and negative values listed (+ve / -ve)
2 Total energy as defined by area within complete resistance-deformation hysteretic curves
3 4% drift limit reached
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this configuration allowed for thicker sheathing to be installed without a negative
impact on the framing members. With these walls, resistances double the maximum
of that found in AISI S400 were achieved. The drift measurements, however, were
not improved with the use of the double sheathing, even though the framing remained
largely undamaged. This is attributed to the detachment of the sheathing panels from
the frame due the bearing / slotting damage in the panel at fastener locations combined
with the shear buckling of the panels.
Table 5 – Double-sheathed shear walls : monotonic test results
Test ID

Ultimate
Resistance
Su (kN/m)

Drift
Ratio
at Su
(%)

Drift
Ratio
at 0.4Su
(%)

Drift
Ratio
at 0.8Su
(%)

Total
Energy
Dissipated
ETOT (J)1

W19-M
39.6
1.2
0.19
2.3
4230
W20-M
27.3
1.6
0.13
2.7
3158
W21-M
45.9
1.1
0.18
2.3
4980
W22-M
28.4
1.7
0.14
3.1
3606
W28-M
61.0
1.3
0.22
2.5
6463
W29-M
38.2
1.4
0.14
3.5
4674
W30-M
65.4
1.6
0.29
2.8
7248
W31-M
39.3
1.2
0.13
3.1
4783
1 Total energy as defined by area under resistance-deformation monotonic curve

Table 6 – Double-sheathed shear wall : reversed-cyclic test results
Test ID

Ultimate
Resistance
Su (kN/m)1

Drift
Ratio
at Su
(%)1

Drift
Ratio
at 0.4Su
(%)1

Drift
Ratio
at 0.8Su
(%)1

Total
Energy
Dissipated
ETOT (J)2

W19-C
46.5 / 42.9
1.4 / 1.0
0.26 / 0.26 2.1 / 1.9
15062
W20-C
29.9 / 30.3
1.1 / 1.0
0.14 / 0.15 2.1 / 1.5
10508
W21-C
47.6 / 44.8
1.2 / 0.9
0.25 / 0.20 2.1 / 1.7
13970
W22-C
29.8 / 29.8
1.1 / 1.0
0.13 / 0.14 1.8 / 1.6
9493
W28-C
61.4 / 62.1
1.2 / 1.1
0.23 / 0.25 2.1 / 1.6
18482
W29-C
40.8 / 39.9
1.1 / 1.0
0.14 / 0.20 1.7 / 1.5
12611
W30-C
71.0 / 68.6
1.6 / 1.3
0.28 / 0.27 2.5 / 1.8
24628
W31-C
45.7 / 44.4
1.3 / 1.1
0.16 / 0.16 2.0 / 1.8
14282
1 Positive and negative values listed (+ve / -ve)
2 Total energy as defined by area within complete resistance-deformation hysteretic curves
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Figure 12 – Definition of measured properties as obtained from a monotonic test
curve or the backbone curve of a reversed-cyclic test
Conclusions
The focus of this paper was to summarize the general findings of a laboratory
based research program on blocked and double-sheathed cold-formed steel
framed shear walls. A total of 28 walls with a blocked frame and 16 walls with
sheathing panels on both faces were tested under monotonic and reversed-cyclic
displacement based loading protocols. The results showed that the frame blocking
functions for walls whose resistance is at the limit of that found in AISI S400,
with a range of aspect ratio between 1:1 and 1:2. Given the observed damage in
the framing members, it is apparent that the blocking will not adequately restrain
the framing members if thicker sheathing or a more dense fastener pattern is used.
As such, the potential for walls with sheathing on one side to achieve higher shear
resistance levels is quite limited. To address the eccentric loading scenario in these
CFS shear walls, specimens with steel sheathing placed on both sides of the
framing were also tested; the frames of these walls were designed for the
anticipated forces based on the Effective Strip Method. The damage observed in
the sheathing was similar to that for the blocked walls; however, the frame
remained largely undamaged. The measured properties of these test walls
demonstrated resistances up to twice those listed in AISI S400. In terms of
ductility, i.e. the ability of the wall to carry and maintain in-plane shear forces
over large drift, the double-sheathed walls behaved in a similar fashion to the
previously tested CFS shear walls.
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THE DESIGN AND DEVELOPMENT OF LIGHTWEIGHT
COMPOSITE PANELS FOR RIGID WALL SHELTERS
Jeremy J. Artman 1 and Dr. Cheng Yu 2
Abstract
The paper presents a research effort aimed at developing a stronger,
lighter, and more economic shelter for both military and civilian use. Reported
herein are the research results on developing solid wall panels using coldformed steel corrugated sheathing and members, as well as polyurethane spray
foam for insulation. This research includes calculating uniform load density,
determining the overall strength of the panel, and investigating the flexural
strength of the roof panels. Research incorporated different connection methods,
with varied stud spacing, to determine the safest design for the new mobile
facilities. Previous research has shown that cold-formed steel corrugated
sheathing performs better than thicker flat sheathing of various construction
materials, with screw and spot weld connections. Full scale shear wall tests on
this type of shear wall system have been conducted, and it was found that the
corrugated sheathing had rigid board behavior before it failed in shear buckling
in sheathing and sometimes simultaneously in screw connection failures.
M.S Construction Management Structural Research Laboratory-Lab
Manager, University of North Texas, Denton, Texas
2
Professor and Program Coordinator, University of North Texas,
Denton, Texas
1
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Another aspect of the research is on the insulation of the wall panels. Research
was conducted on many different insulation options for the mobile facilities.
Specifically, insulation made of lightweight material, is non-combustible, added
rigidity to the structure, and has high thermal properties. Closed cell
polyurethane spray foam was selected for full-scale testing in this research.
Closed cell polyurethane adds extra rigidity, is lighter than common honeycomb
insulation, and has a higher R-value. Several polyurethane foam companies were
studied for this research, and promising products were identified. The research
studies the impacts of the polyurethane foam to the structural performance of the
wall panels. Both shear and 4-point bending tests were completed to investigate
the strength and behavior of the cold-formed steel framed wall panels with
polyurethane foam insulation. The material studies, specimen details, and test
results are reported in this paper.
Introduction
The soldiers of our military need better equipment, and facilities to make
their already difficult and dangerous job more bearable. The Army Standard
Family of Rigid wall Shelters, ASF-RWS, are outdated and in need of a makeover.
The objective of this research is to design, and develop the next generation of
tactical shelters for the U.S. Military. The research engulfs the design of the roof,
walls, floor, connections, and insulation of the new shelters. The Joint Committee
on Tactical Shelters, JOCOTAS, was formed in 1975 by the Department of
Defense. The purpose of JOCOTAS was to eliminate non-standardized shelters,
prevent duplication of shelters, and maximize usage throughout the Armed
Services. Prior to its formation, the military serviced over 100 types of Rigid Wall
Shelters (RWS). Once JOCOTAS was formed that number was reduced to just 21
types.
The authors are tasked with designing the new models cheaper, lighter,
and stronger. The current rigid wall shelters are made of mostly aluminum, with
a honeycomb insulated core. Many types of shelters exist in the military, for many
different purposes. They range from living containers, to medical facilities. Some
shelters exist to ride on top of tactical vehicles, to conduct forward operations on
the move. The research at the University of North Texas will concentrate on the
expandable and non-expandable rigid wall shelters, using cold-formed steel (CFS)
sheathing and members.
The current ISO shelter is built mainly with aluminum paneling, with
Kraft paper honeycomb insulation that is dipped in a phenolic resin, for
waterproofing purposes. The walls and roof have a thickness of 2.09 inches, and
the floor is a total 8.12 inches. The floor has a sub-part that is 5 inches and a panel
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on top at 3.12 inches. The dimensions on the current non-expandable shelter are
8’ x 8’ x 19’-11”, Figure 1, shows the current shelter. The expandable shelters can
be “unfolded”, during a tedious process, on one or both sides.

Figure 1 Current Non-Expandable Shelter (US Department of Defense 2014)
Cold-formed steel (CFS) is flat steel formed, shaped, or rolled, after it
has reached room temperature. A zinc coating covers members to add strength
and non-corrosive properties to the steel. CFS has a plethora of advantages over
other construction materials. They include: high-strength and stiffness properties,
lightweight, dimensional stability, durability, non-combustible, insect resistant,
energy efficient, simple and fast construction, recyclable, and not extremely
expensive. CFS is easily fabricated, in a consistent nature. The modular
capabilities of CFS, make it easy to erect almost all structures. The researcher
decided to use CFS members for these reasons. Past research has also showed
corrugated decking makes the structure much stronger, with the use of thinner
panels. The research adopts corrugated decking for use on the new shelters.
Research also looks at the connections of the members to the decking, using spot
welds, screw connections, and rivets. CFS will hold up better in war zones than
their aluminum counterparts. This material will allow lighter structures, with
higher strength, at a consistent and affordable rate.
Insulation is another aspect of this research. The research objective
concentrated on five main parameters; lightweight, energy efficiency, noncombustible, cost, and added a structural value to the next generation shelter as
well. However, due to the use of corrugated sheathing a sixth parameter was
added, formability to the corrugation. Currently, honeycomb core insulation is
used in all panels of the structure. Although honeycomb is not a bad option, this
option is not conducive for corrugated decking. The insulation needs to form
around the corrugated CFS decking. Insulation research conclude with a
concentration on polyurethane closed-cell spray foam (PCS). Polyurethane has
high energy efficiency, adds rigidity, is formable, and more cost effective than
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honeycomb. The research aims to show that shelters built with our design will be
lighter, stronger, and cheaper. Keeping in mind the necessities of the troops and
the requirements set forth by the Department of Defense.
Insulation Materials
The goal of the insulation research centers around five main parameters.
The insulation shall be lightweight, add rigidity to the structure, energy efficient,
non-combustible, and an acceptable cost. Since the new structure will incorporate
CFS corrugated sheathing, a sixth parameter was included. The sixth parameter is
the insulation must be formable. The insulation must form around the “peaks and
valleys” of the corrugation. The current ISO tactical shelter uses honeycomb made
from Kraft paper, dipped in a phenolic resin after expansion to increase strength
and water resistance (Bitzer 1997). The insulation is sandwiched between
aluminum sheets. The type and thickness of aluminum varies, depending on the
panel type. Figure 2 shows a typical honeycomb sandwich design.

Figure 2 Honeycomb sandwich design (Bitzer 1997)
Energy efficiency for insulation is discerned by the R and U value. The
R-value, or thermal resistance, is the insulating materials capacity to resist heat
flow, measured in

ℎ𝑟𝑟∗𝑓𝑓𝑓𝑓 2 ∗°𝐹𝐹
𝐵𝐵𝐵𝐵𝐵𝐵

. In the case of R-values, the higher the number the

better. The R-value is generally defined, by

𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚𝑚 𝑡𝑡ℎ𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖

𝑡𝑡ℎ𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐

. Thermal

conductivity is the property of materials to conduct heat. The U-value, or thermal
transmittance, is the reciprocal of the R-value, as such, the lower the value the
𝐵𝐵𝐵𝐵𝐵𝐵
. Because of
better the heat insulator. The U-value is measured by
2
ℎ𝑟𝑟∗𝑓𝑓𝑓𝑓 ∗°𝐹𝐹

thermal bridging, which is an area that has higher thermal conductivity than
surrounding materials, thus resulting in a reduction of the overall R value of the
component, 𝑅𝑅𝑒𝑒𝑒𝑒𝑒𝑒 , or the effective R-value must be obtained. The entire structure
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effective R-value is calculated by dividing the entire area by the sum of the
components
multiplied
by
the
corresponding
U-value,
𝑇𝑇𝑇𝑇𝑇𝑇𝑎𝑎𝑎𝑎 𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴
.
or
)+(𝐴𝐴
(𝐴𝐴
)]
[(𝐴𝐴1 ∗𝑈𝑈1

2 ∗𝑈𝑈2)+⋯+

𝑛𝑛 ∗𝑈𝑈𝑛𝑛

Many types of insulation exist in the world today, and each serves a
purpose for certain jobs. For this project, conducting research on a multitude of
insulation types to find the right insulation for the parameters set forth was
required, Table 1. Research on the current insulation of the ISO tactical shelter,
the aforementioned Kraft paper honeycomb. With any honeycomb a high
compression strength will be achieved, but the tensile strength is very low. This
option was removed due to the formability, cost, and non-combustible parameters.
Weight was also an issue with honeycomb, as it tends reach higher weights
compared to other options. Polyurethane closed-cell spray foam proved the best
choice. The difference between open and closed cell is the density and R-value.
This is a 2-component spray, where the components mix in a nozzle and
chemically react to form the insulation. The difference between the two is
component B has a different chemical make-up. Open cell is not an option with it
adding minimal structural value to the panel. So closed cell was selected.
Although this is not the most economic option, it met all other standards required
by the project. Highest of all the R-values, added strength and rigidity, and will
form to the corrugation, as needed. The weight was a concern, but when
researching insulation, the best of each parameter was difficult to achieve for any
type. Closed cell is not the least cost effective, nor the most cost effective but it
does lie in the middle and we accepted the cost. Any organic material is
combustible, so this parameter was hard to achieve when determining the
insulation. The next section will dive into that aspect further. Table 1 shows the
average values found while investigating types of insulation.
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Table 1 Insulation types
Types of
Insulation
Batt
Polyurethane,
Spray Foam
Closed Cell
Polyurethane,
Spray Foam
Open Cell
Polystyrene,
Foam Board
Blown In, Loose
Fill Cellulose
Blown In, Loose
Fill Fiberglass
Honeycomb

R-Value,
at 1"
(avg.),

Cost, board
foot

Density,
lbs./𝑓𝑓𝑓𝑓 3

Compressive
Strength, psi

Tensile
Strength, psi

3.3

$0.16

1.8

N/A

N/A

6.5

$1.00

2

31

57

3.7

$0.65

0.65

2.4

3.1

4.2

$0.52

2

31

58

3.5

$1.39

2

N/A

N/A

2.5

$1.73

0.75

N/A

N/A

1.9

$2.15

3+

High

Low

Polyurethane closed-cell spray foam (PCS) met each parameter set forth
by the project. The cost is not the least expensive, nor the most expensive.
However, cost is lower than the current insulation cost per board foot, so this is
acceptable. Cost is derived by board foot, which is 1’ by 1’ by 1” of insulation
sprayed. Furthermore, the weight is lower than the current insulation. Weight is
also calculated by board foot. As Table 1 shows, the polyurethane spray foam
does add extra structural support. The closed cell foam has a compressive strength
over 25 psi, and a tensile strength of 57 psi. The foam is sprayed in semi-liquid
state, allowing it to form to any cavity applied, and expands to twice the thickness
sprayed. Making the foam ideal for this research objective.
Non-combustibility is generically defined as, not flammable. This is not
the case in construction. According to ASTM E136 (2017) “Standard Test Method
for Behavior of Materials in a Vertical Tube Furnace at 750°C”, a noncombustible material falls into one of three groups, based on flame spread rating
generated from ASTM E84 (2017), “Standard Test Method for Surface Burning
Characteristics of Building Materials”, test method. Group A is materials no part
of which will burn or ignite when subjected to fire. Group B is materials that have
1
a flame spread rating not higher than 50, with a surface not over " thick. Lastly,
8
Group C is materials not listed in Group A or B, having flame spread rating no
higher than 25. Appendix A shows the companies researched for polyurethane
closed cell foam. CertaSpray by CertainTeed is the product chosen for this
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research. Polyurethane closed-cell spray foam (PCS) has the highest R-value
rating of the materials research, the product also meets the standards for noncombustible use. Using ASTM E84 (2017), Polyurethane closed-cell spray foam
has a flame spread rating less than 25. Making it a non-combustible material as
defined in ASTM 136. Furthermore CeraSpray polyurethane closed-cell spray
foam also passed the National Fire Protection Association (NFPA) standards 285
(2012) Standard Fire Test Method for Evaluation of Fire Propagation
Characteristics of Exterior Non-Load-Bearing Wall Assemblies Containing
Combustible Components, and NFPA 259 (2018) Standard Test Method for
Potential Heat of Building Materials. Which certifies the product for use in noncombustible construction. The product allows use in Types 1-5 construction, in
accordance with the International Building Code. Figure 3 shows a panel sprayed
with CertaSpray for testing.

Figure 3 CertaSpray Wall Panel
Shear and Flexural Panel Testing
All specimens tested, for roof and wall, had a consistent width, height,
and thickness of 4-feet wide by 8-feet tall by 2.25 inches thick. Each specimen
used sheet-in corrugated sheathing. For this reason track members are used
vertically instead of stud members, the difference is the track members do not
have the lip. As mentioned before, with the sheet-in corrugation configuration
track members are required, to achieve a flush connection result. Early tests used
all 33 mil (20 gauge) framing members. For Shear tests, the 8’ perimeter members
consisted of two 200T125-33 members, rested back-to-back. These two members
1
were connected with two parallel #12 x 1 " hex washer head (HWH) self-tapping
4
screws, starting 3” from the top, then every 6” along the length of the member.
Stopping just above the placement of the hold-down. The top and bottom track
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members consisted of 4’ 225T125-33 members. The 200T members inserted into
3
the 225T members, at the outer edge, and connected with #8 x " modified truss
4
screws (MTS). The center member is an actual stud member, a 150S125-33. The
corrugation rests on this member so the lip can exist. Variations of the middle stud
spacing, consisting of 24”, 16”, and 12” equidistant spacing. Another variation is
the corrugated decking thickness. Two were compared in testing, 26 and 28 gauge
sheathing (16 mil and 13 mil respectively). Connections of the tests ranged from
3
the #8 x " MTS, welds, and resistance spot welds (RSW). These configurations
4
connected every 3” on the bottom and top track, and every 2.5” edge spacing
along the 8’ direction, with a 5” field spacing. Insulation was sprayed on multiple
walls to see the difference in peak values. One important note, the primary reason
for placing the studs back-to-back, was to increase the strength of the perimeter
vertical members to attempt and achieve failure in the sheathing. Four tests added
tension and/or compression bracing to the perimeter studs. Ultimately, the
thickness of the members was increased to achieve failure in the sheathing. For
bending tests, the back-to-back members are unnecessary. All other connections
are consistent with the shear tests.
The Shear wall tests are conducted at the University of North Texas on
a self-equilibrating steel test frame. According to AISI S240-15, a CFS shear wall
contains structural sheathing attached to CFS structural members and designed to
resist lateral forces parallel to the wall. Monotonic testing procedure complies
with ASTM E564 (2012) “Standard Practice for Static Load Test for Shear
Resistance of Framed Walls for Buildings”. The frame is 16’ wide by 13.3’ tall,
with a MTS 35 kip hydraulic actuator equipped with a 10” stroke. The loading
system is controlled by a Shore Western SC 6000 desktop control system, and a
20-GPM MTS hydraulic power unit. The loading system is pin-connected, from
the actuator shaft to the T-bar of the specimen, will be a calibrated 30 kip
Transducer Techniques SWO compression/tension load cell. The panels are
attached at the base with a bolted connection, and loaded horizontally along the
top. Rollers, attached to the support structure, are tightened along the T-bar to
provide support for out-of-plane movement. Five total NOVOTECHNIC 10
position transducers are placed strategically on the specimens to measure
horizontal displacement at the top of the wall, and vertical and horizontal
displacements along the bottom of the boundary members. Position transducers
are calibrated prior to each test through the Labview software. Monotonic tests
were performed for this research. Figure 4 depicts the shear test set-up. Table 2
illustrates the results of the monotonic wall tests. The monotonic analysis used the
EEEP model, or the equivalent energy elastic plastic model. Note: RSW stands
for resistance spot welds, and MTS denotes modified truss head screws.
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Figure 4 Shear Test Set-Up
Table 2 Monotonic Test Results
Test

Configuration

Connection
and spacing

Peak
Load,
lbs.

Displacement,
inches

Center
Stud

1

4x8x26-33/20

MTS #8
2.5” edge
5” field

3,845

0.797

1 @ 24”

2

4x8x28-33/20

MTS #8
2.5” edge
5” field

4,381

1.069

1 @ 24”

3
4
5

4x8x28-68/14
4x8x28-68/14
4x8x28-68/14

RSW
RSW
RSW

3,871
4,949
5,673

0.844
2.166
0.900

1 @ 24”
2 @ 16”
1 @ 24”

To determine the strength of the new design for the roof, a 4-point
bending test was required. The requirements for the next generation shelter are to
achieve a 40 psf rating for the roof. The design also accounts for a 2.0 safety
factor, therefore the new design must achieve an 80 psf result. The set-up and
procedure are in accordance with ASTM E72-15 “Standard Test Methods of
Conducting Strength Tests of Panels for Building Construction”. Two steel rollers
welded to a four inch wide steel plate simply support the specimen at both ends.
At the two loading locations on top, 25 inches from the each of the specimen, two
more steel rollers welded to the four inch wide steel plate are placed. Directly on
top of the roller supports on top of the specimen, a steel I-beam is used to apply
an equal load to the specimen through the steel roller supports. A 30 kip, and 50
kip Transducer Techniques SWO universal compression/tension load cell
connects the I-beam to a 30 kip hydraulic cylinder. This cylinder has an eight inch
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stroke with a 20 Gpm MTS hydraulic power unit that supports the loading system.
This flexural test uses two NOVOTECHNIC position transducers. The
transducers were placed at the center location of the wall, on each side. They
measure the vertical displacement at the center of the beam as force is increased
through the hydraulic system. The force and displacement are measured
instantaneously, and recorded through the National Instruments Labview
program. The results were then interpreted and analyzed through Matlab. Figure
5 depicts the bending test set-up elevation. Table 3 shows the results of the 4-point
bending tests performed. Bending test configurations are 4’ (W) x 8’ (H) x 28
gauge sheathing

Figure 5 Bending Test, Elevation View

Test
1
2
3
4

Connection
and Spacing
RSW
2.5” edge
5” Field
RSW
2.5” edge
5” Field
RSW
2.5” edge
5” Field
RSW
2.5” edge
5” Field

Table 3 4-point Bending Test Results
Peak Load,
lbs.

Displacement
Sensor 5 (inches)

Displacement
Sensor 6 (inches)

Center
Stud

5,453

2.653

3.294

3 @ 12”

2,441

3.064

2.797

1 @ 24”

3,470

2.067

3.123

3 @ 12”

2,932

2.296

2.331

2 @ 16”
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Using the peak load results from the tests, calculating the uniform load
density (ULD) is completed. To ensure a stronger and safer design a 2.0 safety
factor is attached to our requirement. The nominal flexural strength requirement
for the roof is 40 psf, however our goal is to achieve 80 psf to include the safety
factor. The first phase in finding the ULD is to use the peak loads achieved from
the bending tests to find the coinciding moments. Table 4 shows the 4-bending
test conversion to the uniform load density.
Table 4 Uniform Load Density
Test #

Moment, lbs.-inch

ULD, P, psf

1

62,706

163.3

2

28,070

73.1

3

39,910

103.9

4

33,723

87.8

Since the strength requirement is known for the shelter floor, the proper
members for the design are calculated using this method. The strengths required
have two parts, the 8’ and 20’ directions. In the 8’ direction, the required strength
is 230 kip-inch, while the 20’ direction requires 576 kip-inch. The members
selected, for each direction, must achieve greater strength than the required
strength. Including a safety factor, which gives us security against certain risks. A
safety factor of 1.6 is used for this project. For example, the 8’ direction has a
strength requirement of 230 kip-inch. If eleven members are used in that direction,
230/11 gives a strength requirement of 20.9 kip-inch per member. Multiply that
result by 1.6 safety factor and the strength of the member must equal roughly 33.5
kip-in to achieve the required strength in the 8’ direction. The same calculation is
completed for the 20’ direction of the floor.
Direct Strength Method (DSM) works with a finite element modeling
software, like CUFSM, to predict strength of CFS members by taking into account
local, distortional, and global buckling loads (Chen, et al. 2007). Following AISI
Direct Strength Method Design Guide, DSM gives three values, nominal lateraltorsional (global) flexural strength, (𝑀𝑀𝑛𝑛𝑛𝑛 ), nominal local flexural strength (𝑀𝑀𝑛𝑛𝑛𝑛 ),
and nominal distortional flexural strength (𝑀𝑀𝑛𝑛𝑛𝑛 ). The minimum of the values
control, because this value will reach failure first. Therefore, ultimate failure is
reached prior to the other modes achieving their flexural strength. In our design,
nominal lateral-torsional flexural strength (𝑀𝑀𝑛𝑛𝑛𝑛 ), will equal 𝑀𝑀𝑦𝑦 , due to the fact
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that the 8’ members will brace the 20’ member every 2’. The equidistant bracing
eliminates the twisting, or lateral torsion, caused by global buckling. 𝑀𝑀𝑦𝑦 is the
first yielding moment, found in CUFSM or by solving 𝑀𝑀𝑦𝑦 = 𝑆𝑆𝑔𝑔 ∗ 𝐹𝐹𝑦𝑦 . Where 𝑆𝑆𝑔𝑔
references to the extreme fiber in the first yield. The Direct Strength Method
initiates with solving 𝑀𝑀𝑛𝑛𝑛𝑛 . Solving 𝑀𝑀𝑛𝑛𝑛𝑛 requires obtaining 𝑀𝑀𝑐𝑐𝑐𝑐𝑐𝑐 and 𝑀𝑀𝑦𝑦 . These
values were acquired through CUFSM (Schafer 2006). The nominal flexural
strength, 𝑀𝑀𝑛𝑛𝑛𝑛 , for lateral-torsional buckling equals 𝑀𝑀𝑦𝑦 for all floor calculations.

Upon completion of DSM, member selection and testing of the design
can commence. Note, the 800 I-beam is a combination of a stud and track member.
The track member faces internally, so the sheathing attached is flush with the
flange for proper connection capability. The corrugation will connect to the top
of the 750S200-68 I-beam. Figure 6 illustrates the floor design after completion
of the DSM. This model was designed in Revit, created with CFS members. This
family was created by a group led by Dr. Cheng Yu, from a grant by American
Iron and Steel Institute (Johnson 2016)

Figure 6 Floor Concept Design
Conclusions
The core objectives of this research is to find a stronger, lighter, and more
cost effective design for the next generation tactical shelters. Beginning with
insulation, the research concluded that polyurethane closed-cell spray foam (PCS)
meets all parameters necessary for the shelter insulation. Polyurethane closed-cell
spray foam, is non-combustible, lighter and more cost effective than honeycomb
insulation, formable to corrugated sheathing, adds rigidity, and is highly energy
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efficient. Of the insulation types researched, polyurethane closed-cell spray foam
has the highest R-value. The new shelter design will meet all of the strength and
weight requirements. The roof requirement of 40 psf will be met with 68 mil
members, spaced at 16” in the 8’ direction, and 3 members spaced at 24” running
in the 20’ direction. The test achieved 87 psf for this design. Using the same theory
on the wall design, the same end result, as the roof, is conceived with 68 mil
members. However, in the 20’ direction, no 150T members are used. Modeling of
the floor design theorizes this design will meet the 120 psf. requirement for the
new shelter. CUFSM analysis, and the ensuing direct strength calculations, aid in
selecting the correct thickness for the member dimensions chosen. The eight inch
thick floor is slightly smaller than the current shelter floor, but adds the strength
necessary. Table 24 depicts the final design of each section. Table 5 illustrates the
design of the new shelter.
Table 5 Final Concept Design
225T125-68 (2@20'), top and bottom track
Wall Members, 20' Sides
(amount per side @ length)

200T125-68, (2@8') end “studs”
150S125-68, 16" spacing (14@8')
225T125-68 (2@8'') top and bottom track

Members 8' Sides (amount per
side @ length)

200T125-68, (2 @8') end “studs”
150S125-68, 16" spacing (5@8')
225T125-68 (2@20') 20’ perimeter members

Roof Members (amount per
side @ length)

200T125-68, (2@8') 8’ perimeter members
150T125-68, 16" spacing (14@8') internal 8’ members
150T125-68, 24" spacing (3@20') internal 20’ members
800S200-68 I-beam (2@20') 20’ perimeter members
800S200-68 (2@8') 8’ end members

Floor Members (amount per
side @ length)

750S200-33 24" spacing (9@8') 8’ internal members

Sheathing

750S200-68 I-beam 24" spacing (3@20') 20’ internal
members
0.6C28 Gauge

Insulation

Polyurethane Closed-Cell Spray Foam
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Experimental study on uplift capacity of purlins considering
restraints from standing seam roof systems
Wei Luan 1, Yuanqi Li 2*
Abstract
A total of 32 specimens of single-span purlin roof assemblies considering uplift
wind load were tested to investigate the structural behavior of cold-formed steel
purlins with one flange fastened to standing seam roofs. Failure modes and
failure loads of purlins with different parameters were obtained. Full finite
element models, incorporate purlins, clips and standing seam roof panels, were
developed, and the analysis results were consistent to a high degree with the test
results. Using the same element type and material model, the rotational restraint
of test roof systems and corresponding influence factors were investigated by
finite element models. Finally, using the rotational restraint rigidities and
comparing with the test results, the lateral restraint of test roof systems were also
studied through a simple finite element model incorporates pure the purlin and
presents the rotational restraints and lateral restraints by rotational and lateral
springs. It is shown that the standing seam roofs do provide some extent of
rotational restraints and lateral restraints to purlins at the connection points,
especially for purlins without sag rod.
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Introduction
Cold-formed C- and Z-purlins are widely used in metal buildings due to their
economy, ease of fabrication, and high strength-to-weight ratios. However, these
sections are weak in the lateral direction and in torsion. Previous work shows
that conventional roof panels which are directly through-fastened to the purlins
by self-tapping screws can provide full lateral bracing and some extent of
torsional restraint to the purlins by virtue of their shear rigidity and resistance to
local bending at the connections[1-3]. In recent years, standing seam roof
systems are very prevalent since they are well adapted to the thermal expansion
and contraction deformation caused by temperature changes. In these roof
systems, the roof panel are attached to the purlins with clips, through which the
movement of the purlins relative to the roof panels is permitted. Therefore the
behavior of purlins in these roof systems lies in between full lateral support and
no lateral support. An experimental procedure used for determining system
strength under gravity loading has been proposed by Murray et al. [4-6]. The
procedure is referred to as the "base test method" and uses the results of single
span tests to predict the capacity of continuous muti-span systems. Based on
eight rows of single span and three-span tests, Anderson [7] proved that for
uplift loading the failure load of a multi-span standing seam roof system can not
be effectively and accurately predicted by the base test method, a reduction
factor for the base test method and a lap length modification were proposed.
Fisher and Nunnery [8] investigated the effects of the diaphragm on base test
results through several tests, and found that an average increase in strength of 32
percent occurred when the edge angle was used in the base test. Trout [9]
investigated the possibility of eliminating some of the roof system parameters
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from the required test matrix, and found that clip type, purlin flange width, and
roof panel thickness all have an effect on the strength of standing seam roof
systems, none of the roof components can be completely eliminated.
Because of the variety of the deck profile, standing seam configuration and clip
details in standing seam roof systems, it is difficult to develop analytical
methods to predict the strength of purlins attached to them. Thus in this paper
the uplift capacity of Z-and C-purlins supporting standing seam roof systems
were studied through 32 tests, and the rotational restraints and torsional
restraints provided by two test standing seam roof systems were investigated
using finite element models.
Experimental Investigation
Test Specimens
Representative standing seam roof systems from two different manufactures
were used for the tests. These were LSⅢ sheeting with LS003 clip and SS360
sheeting with S3PC-1 clip as shown in Fig. 1 and Fig. 2. Z-purlins and C-pulins
were used in the tests with the depth, flange width and thickness varied. Each
test specimen consists of a type of standing seam roof system and four Z-purlins
spaced 1.2m or three C-purlins spaced 1.5m. All the Z- and C-purlins were 7.2m
in length and their flanges face to the same direction. Sag rods were used in
some test specimens with location at middle point or third points, as shown in
Fig. 3. Standard two-hole cleats were used for all tests except test Z20322-L-0S,
in which only one bolt was installed at the lower hole with the upper hole
attaching to a sag rod. With a repeat specimen designed for each test, a total of
32 specimens were tested, the configuration details of test specimens are given
in Table 1.
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Figure 1. Representative configuration of LSⅢ sheeting and LS003 clip

Figure 2. Representative configuration of SS360 sheeting and S3PC-1 clip

Figure 3. Sag rod configuration
Table 1: Configuration details of test specimens
Test

Purlin

Purlin

Purlin

Purlin

roof

Bracing

identification

shape

Depth

Width

Thickness

type

points

(mm)

(mm)

(mm)

Z20322-L-0

Z

203

64

2.2

LSⅢ

Z20379-L-0

Z

203

79

2.2

LSⅢ

Z23322-L-0

Z

233

64

2.2

LSⅢ

Z20322-L-1

Z

203

64

2.2

LSⅢ

Middle

Z20322-L-2

Z

203

64

2.2

LSⅢ

Third
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Z20315-S-0

Z

203

64

1.5

SS360

Z20322-S-0

Z

203

64

2.2

SS360

Z20322-S-1

Z

203

64

2.2

SS360

Middle

Z20322-S-2

Z

203

64

2.2

SS360

Third

Z20322-L-0S

Z

203

64

2.2

LSⅢ

C20316-L-0

C

203

65

1.6

LSⅢ

C20320-L-0

C

203

65

2.0

LSⅢ

C20325-L-0

C

203

65

2.5

LSⅢ

C25420-L-0

C

254

65

2.0

LSⅢ

C20320-L-1

C

203

65

2.0

LSⅢ

Middle

C20320-L-2

C

203

65

2.0

LSⅢ

Third

Test Rig and Operation
The tests were conducted mainly with reference to the procedures outlined in
AISI S908-13 'Base Test Method for Purlins Supporting a Standing Seam Roof
System'. The simulated wind uplift loading was applied by means of a test
chamber, which was 7.4m in length, 4.5m in width, 0.6m in height and made of
shaped steel and steel plates. The purlins were placed inside the test chamber,
and the roof panels were installed over the purlins. To provide an airtight seal
over the test assembly, the chamber was covered with a continuous piece of 0.15
mm polyethylene sheeting between the purlins and roof panels as shown in Fig.
4.
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Figure 4. Fully assembled roof system

on test rig with plastic sheeting

A motor driven blower was used to inflate the chamber so that the effect of
uniform upward pressure was acted on the roof system. Vertical displacement
(δv) and horizontal displacement (δhb) at the intersection of the web and the

bottom flange in the middle span of purlins, horizontal displacement (δhu) at the
intersection of the web and the upper flange in the middle span of purlins, the

strains of the bottom flange in the longitudinal direction at the middle span of

central purlins, and the pressure (P) in the test chamber were measured and
recorded.
Test Results
In general, the failure modes of Z-purlins and C-purlins in the tests were nearly
the same and mainly related to the number of sag rods being used. For tests
without sag rods, the failure of purlins generally took place near the mid span
and with an apparent local buckling at the web to bottom flange junction after
considerable lateral movement, as shown in Fig. 5. For tests with one row of sag
rods, the failure mode of purlins was buckling of lip stiffener and distortional
buckling of lip and bottom flange adjacent to the location of sag rods, as shown
in Fig. 6. For tests with two rows of sag rods, the failure mode of purlins was
buckling of lip stiffener and distortional buckling of lip and bottom flange near
the third points of purlins, with local buckling at the web to bottom flange
junction occurred near the mid span simultaneously, as shown in Figure 7.
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(a) Considerable lateral movement of Z-purlin and C-purlin

(b) Local buckling of Z-purlin and C-purlin
Figure 5. Failure modes of Z-purlin and C-purlin without sag rods

Figure 6. Failure modes of Z-purlin and C-purlin with one row of sag rods
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Figure 7. Failure modes of Z-purlin and C-purlin with two rows of sag rods
Typical load-displacement curves of Z-purlins and C-purlins are plotted in Fig.
8~10. For purlins without sag rods, the curves are initially linear and shows
prominent nonlinearity as the load increases. For purlins with one row or two
rows of sag rods, the curves stay linear until lip buckling and local buckling
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(a) curve of Z20322-L-0

(b) curve of C20320-L-0

Figure 8. Typical load-displacement curves of purlins without sag rods
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Figure 9. Typical load-displacement curves of purlins with one row of sag rods
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Figure 10. Typical load-displacement curves of purlins with two rows of sag
rods
The failure load (Pu) and corresponding bending bearing capacity (Mts) of
Z-purlin tests and C-purlin tests are summarized in Table 2 and 3. For each
given test, the reduction factor (Rt) was also calculated according to AISI
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S908-13. The reduction factors of C-purlins are generally greater than that of
Z-purlins, especially for tests with one row or two rows of sag rods. For tests
without sag rods, the reduction factors are also related to the flange width, depth
and thickness of the purlins. The nominal flexural strength (Mne) for global
(lateral-torsional) buckling calculated using the relevant sections of AISI S100
F2[10], the bending bearing capacity (MGB) calculated using Chinese Code
(GB50018)[11], and the test flexural capacity (Mts) of purlins are compared and
presented in table 4. The material properties of purlins acquired through tensile
coupon tests are used in calculating both of the design strengths. For purlins
without sag rods, both the nominal flexural strength and bending bearing
capacity for global (lateral-torsional) buckling calculated using the AISI
specification and Chinese Code are overly conservative, because the
considerable torsional and lateral restraints provided by the standing seam roof
systems are not considered. For purlins with one row or two rows of sag rods,
both of the specification calculated results are smaller than the test results，
except for Z-purlins with two rows of sag rods, the test results are slightly
smaller, which means the lateral deflection of the purlin at bracing points may
not be effectively restrained by the sag rods.
Table 2: Test results of Z-purlin specimens
Test

Failure

Self

Tributary

Failure

Test

Flexural

Rt

specimen

load

weight

width of

load on

flexural

strength

(Mts/Mnt)

identification

Pu

Pd

purlin

purlin

strength

Mnt

S

wts

Mts

(kNm)

(m)

(kN/m)

(kNm)

(kN/m )
2

(kN/m )
2

Z20322-L-0

1.211

0.116

1.200

1.314

8.51

14.52

0.586

Z20322-L-0R

1.204

0.116

1.200

1.3056

8.46

14.52

0.583

Z20322-L-0S

1.188

0.116

1.200

1.2864

8.34

14.52

0.574

Z20322-L-0SR

1.202

0.116

1.200

1.3032

8.44

14.52

0.581

Z20379-L-0

1.416

0.119

1.200

1.5564

10.09

15.17

0.665

Z20379-L-0R

1.412

0.119

1.200

1.5516

10.05

15.17

0.663
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Z23322-L-0

1.494

0.119

1.200

1.65

10.69

18.14

0.590

Z23322-L-0R

1.477

0.119

1.200

1.6296

10.56

18.14

0.582

Z20315-S-0

0.910

0.099

1.200

0.9732

6.31

9.83

0.641

Z20315-S-0R

0.894

0.099

1.200

0.954

6.18

9.83

0.629

Z20322-S-0

1.205

0.116

1.200

1.3068

8.47

14.52

0.583

Z20322-S-0R

1.184

0.116

1.200

1.2816

8.30

14.52

0.572

Z20322-L-1

1.319

0.116

1.200

1.4436

9.35

14.52

0.644

Z20322-L-1R

1.333

0.116

1.200

1.4604

9.46

14.52

0.652

Z20322-S-1

1.288

0.116

1.200

1.4064

9.11

14.52

0.628

Z20322-S-1R

1.252

0.116

1.200

1.3632

8.83

14.52

0.608

Z20322-L-2

1.613

0.116

1.200

1.7964

11.64

14.52

0.802

Z20322-L-2R

1.561

0.116

1.200

1.734

11.24

14.52

0.774

Z20322-S-2

1.581

0.116

1.200

1.758

11.39

14.52

0.784

Z20322-S-2R

1.556

0.116

1.200

1.728

11.20

14.52

0.771

The last letter R of the specimen identification represents the repeat test
specimen for corresponding test.
Table 3: Test results of C-purlin specimens
Tributary

Failure

Test

width of

load on

flexural

purlin

purlin

strength

S

wts

Mts

(m)

(kN/m)

(kNm)

0.092

1.500

1.151

7.46

10.61

0.702

0.850

0.092

1.500

1.137

7.37

10.61

0.694

C20320-L-0

1.102

0.101

1.500

1.502

9.73

13.47

0.722

C20320-L-0R

1.106

0.101

1.500

1.508

9.77

13.47

0.725

C20325-L-0

1.333

0.110

1.500

1.835

11.89

20.80

0.571

C20325-L-0R

1.360

0.110

1.500

1.875

12.15

20.80

0.584

C25420-L-0

0.911

0.106

1.500

1.208

7.82

19.28

0.406

C25420-L-0R

0.906

0.106

1.500

1.200

7.78

19.28

0.403

Failure

Self

load

weight

Pu

Pd

(kN/m2)

(kN/m2)

C20316-L-0

0.859

C20316-L-0R

Test
specimen
identification

Flexural
strength

Rt

Mnt

(Mts/Mnt)

(kNm)

686
C20320-L-1

1.245

0.101

1.500

1.716

11.12

13.47

0.825

C20320-L-1R

1.202

0.101

1.500

1.652

10.70

13.47

0.794

C20320-L-2

1.297

0.101

1.500

1.794

11.63

13.47

0.863

C20320-L-2R

1.295

0.101

1.500

1.791

11.61

13.47

0.861

The last letter R of the specimen identification represents the repeat test
specimen for corresponding test.
Table 4: Test results of C-purlin specimens
Test

Mts

MGB

Mne

Mts

Mts

identification

(kNm)

(kNm)

(kNm)

/MGB

/ Mne

Z20322-L-0

8.49

2.12

1.86

4.005

4.553

Z20322-L-0S

8.39

2.12

1.86

3.960

4.501

Z20379-L-0

10.07

3.23

3.10

3.114

3.253

Z23322-L-0

10.63

2.53

2.14

4.193

4.966

Z20315-S-0

6.24

1.41

1.30

4.441

4.799

Z20322-S-0

8.39

2.12

1.86

3.958

4.499

Mean

3.945

4.429

Z20322-L-1

9.41

7.56

8.52

1.245

1.104

Z20322-S-1

8.97

7.56

8.52

1.188

1.053

Z20322-L-2

11.44

12.09

12.11

0.947

0.945

Z20322-S-2

11.29

12.09

12.11

0.935

0.933

Mean

1.078

1.009

4.417

4.861

C20316-L-0

7.41

1.68

1.52

C20320-L-0

9.75

2.32

1.92

4.211

5.082

C20325-L-0

12.02

3.89

2.40

3.087

5.016

C25420-L-0

7.80

3.13

2.56

2.491

3.047

Mean

3.551

4.501

C20320-L-1

10.91

7.36

8.63

1.483

1.264

C20320-L-2

11.62

10.10

11.51

1.150

1.009

Mean

1.317

1.137
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Finite Element Analysis
The finite element program ANSYS was used to develop finite element models
and perform nonlinear analysis of the test purlin roof systems subjected to wind
uplift load. The finite element models incorporated purlins, clips and standing
seam roof panels with the dimensions exactly the same as the test specimens.
Element Type and Mesh
The SHELL181 element, a 4-node shell element with six degrees of freedom at
each node was used for modeling purlins, standing seam roof panel and clips.
Based on reasonable consideration of the stress stiffening, large rotation and
large strain, the SHELL181 element is well-suited for analyzing thin to
moderately-thick shell structures. The sag rods were modeled using the LINK10
element, a 2-node 3-D spar element with the tension-only option. The stiffness is
removed if the element goes into compression, which is in line with the actual
working condition of sag rods. To simulate the contact and sliding between the
base and tab of the clips, contact pairs were established using the CONTA 173
element and TARGE 170 element. The finite element mesh size of the model
was investigated to provide both accurate and time-efficient results.
Material Model
Standing seam roof panels, clips and sag rods were all modeled as non-linear
materials using the ideal elastic-plastic model, the yield stresses were obtained
from product reports provided by the manufactures. The measured material
properties of purlins obtained from the coupon tests were included in the finite
element model using a mathematical model, in which the true stress and the
logarithmic plastic strain were adopted. The material properties of the flat
potions were also used for the round corners of the purlin sections.
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Boundary Condition and Loading Condition
To model the simply supported boundary condition, at both ends of each purlin,
the translation in the vertical direction of the central point and the translations in
the lateral direction of the web line points were constrained. The translation in
the longitudinal direction of the central point at one end of the purlin was also
constrained to avoid rigid body displacement. Uniformly distributed loads
vertical the bottom surface of the standing seam roof panels were applied to
simulate the wind uplift load
Verification of Finite Element Models
The developed finite element models were verified against the experimental
results. The load-displacement curves and failure modes predicted by the finite
element analysis were compared with the test results. In general, the finite
element models showed to be accurate in terms of failure load, failure mode, and
load-displacement curve. Take specimen Z20322-L-0 as an example, The
comparison of load-displacement curves and failure modes are shown in Fig. 11.

(a) Considerable lateral movement of Z-purlin
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Figure 11. Comparison of test results and FEA results for specimen Z20322-L-0
Rotational Restraint of Standing Seam Roof Systems
Finite Element Models
Based on the verified finite element models of the test purlin roof systems and
using the same element type and material model, a finite element model used for
analyzing the rotational restraint of standing seam roof systems were established
as shown in Fig. 12. A pair of concentrated forces with same value and opposite
direction were applied at two screw connection points of each clip base to
simulate the torque transmitted from the purlin.
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Figure 12. Finite element model for analyzing rotational restraint of standing
seam roof systems
Calculation of Rotational Restraint Rigidity
Using the analysis results from the finite element model, the rotational restraint
rigidity can be calculated according to Equation 1.
𝐾𝐾 =

𝑇𝑇

𝜃𝜃

= |𝛿𝛿

𝐹𝐹×𝑠𝑠

1 −𝛿𝛿2 |/𝑠𝑠

(1)

in which T is the torque applied at the clip base, θ is the corresponding

rotation angle of the clip base, F is the concentrated force applied at the

screw points, s is the space between the screws, δ1 and δ2 are the

corresponding displacements of screw points.

The rotational restraint rigidity to unit length of purlin can be calculated
according to Equation 2.

𝐾𝐾𝑡𝑡𝑡𝑡𝑡𝑡 =

𝐾𝐾

𝑤𝑤𝑟𝑟𝑟𝑟

(2)

in which wrf is the width of corresponding standing seam roof panel.
Analysis of Influence Factors
Using the finite element models, the influence of different factors on the
rotational restraint rigidity provided by two test standing seam roof systems
were studied. The variables include the relative sliding of clip tab and clip base
Stb, roof panel thickness trf and clip tab thickness tct. Analysis results are shown
in Fig. 13. It is shown that the rotational restraint rigidity is mainly depend on
the clip tab thickness, because the clip tab is the weakest link in the rotational
restraint transmission path of the standing seam roof system. The roof panel
thickness also has some influence but not very much, and the influence of the
relative sliding of clip tab and clip base can be neglected except for LS003 clip,
when the relative sliding value is larger than 40mm, half of the clip tab is
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Figure 13. Correlation between the rotational restrain rigidity Ktor and factors
Lateral Restraint of Standing Seam Roof Systems
Simple Finite Element Model
The accuracy and reliability of full finite element models incorporated purlins,
clips and standing seam roof panels have been verified by the test results.
However, the full model required both a large amount of computer memory and
considerable running time. Therefore a simple finite element model incorporated
purely the purlin was then established. In the simple model, the rotational
restraints and lateral restraints provided by roofs were represented by rotational
and lateral springs placing at locations where the roof panels attaching to purlins
through clips.
Analysis of Lateral Restraint Rigidity
Based on the rotational restraint rigidity obtained from above analysis, and
through the comparison of failure modes, failure loads and load-displacement
curves obtained from finite element analysis with test results, the lateral restraint
rigidities provided by test roof systems were investigated. The lateral restraint
rigidity of the test standing systems can be described using a mathematical
model as shown in Fig. 14. The values for corresponding parameters are given in
Table 5.
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Figure 14. Model for calculation of lateral restraint rigidity
Table 5: Values of parameters
Subscript

LSⅢ roof system

SS360 roof system

U

F

Kl

U

F

Kl

(m)

(N)

(N/m/m)

(m)

(N)

(N/m/m)

1

0.002

13

10500

0.001

31

51000

2

0.018

56

4469

0.023

224

14977

3

0.031

201

18628

0.047

700

32796

number

Conclusion
A total of 32 specimens of single-span purlin roof assemblies considering uplift
wind load were tested. Failure modes, failure loads and load-displacement
curves of Z- and C-purlins were obtained. For each given test, the reduction
factor was also calculated according to AISI S908-13. The bending bearing
capacity of purlins for global buckling calculated using AISI Specification (AISI
S100) and Chinese Code (GB50018) were compared with the test results. In
general, both of the specification calculated results are smaller than the test
results, especially for purlins without sag rod, the specifications are overly
conservative. Full finite element models, incorporate purlins, clips and standing
seam roof panels, were developed and verified by the test results. Rotational
restraint and lateral restraint provided by the standing seam roof systems were
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also analyzed using simple finite element models. It is shown that the standing
seam roofs do provide some extent of rotational restraints and lateral restraints
to purlins at the connection points, especially for purlins without sag rod. The
rotational restraint rigidity is mainly depend on the clip tab thickness.
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Localised Screw Connection Failures in Cold-formed Steel
Roofing Systems
Mayooran Sivapathasundaram1 and Mahen Mahendran2
Abstract
Lightweight roofing systems made of thin and high strength steel roof sheeting
and battens are commonly used in low-rise buildings. However, they often fail
frequently at their screw fastener connections during wind storms due to
inadequate connection capacities. Two localised failures, known as pull-through
and pull-out failures at the screw fastener connections, have been the root cause
for extensive loss of roofing systems under high wind uplift loads. Such premature
connection failures often cause partial or even complete loss of steel roofing
systems and severe damage to building contents. Therefore many experimental
studies have been conducted to investigate the pull-through failures of roof batten
to purlin/rafter connections and the pull-out failures of roof sheeting to batten and
roof batten to rafter connections. The roof batten connections involve multiple
(two or four) screw connections between the two bottom flanges of roof battens
and rafters. This paper reports the details of experimental studies on one of the
localised screw connections failures, the pull-out failures. More than 750 small
scale pull-out tests were conducted for this purpose using a range of screw fastener
sizes and many thicknesses of thin steel roof battens and purlins. This paper
presents the important details of the experimental studies and the pull-out capacity
data obtained from the tests. It then presents suitable design equations and
capacity reduction factors to accurately determine the pull-out capacities of both
single and multiple screw fastener connections commonly used in steel roofing
systems. They can also be used for the screw fastener connections in steel wall
cladding systems.
Keywords: Cold-formed steel roof and wall systems, Steel roof battens and
purlins, Screw fastener connections, Wind loads, Localised pull-out failures,
Experimental study, Design equations
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Introduction
Cold-formed steel roofing systems made of high strength and thin steel are
commonly used in low-rise building construction. Thin steel roof sheeting is
screw fastened to the top flanges of roof battens whose bottom flanges are screw
fastened to rafters or trusses (Fig.1). The high wind uplift loads on these light
gauge steel roofing systems during wind storms must be transferred safely.
However, they often cause premature failures of these roof connections, which
lead to extensive loss of steel roofing systems and damage to building contents.
Two types of localised roof connection failures commonly occur at the roof
sheeting to batten or purlin connections, known as pull-through failure and pullout failure. In the pull-through failure, the screw fasteners connecting the roof
sheeting to batten or purlin pull through the thin steel roof sheeting (Fig.2).
However, suitable test and design method have been developed for pull-through
failures (Beck and Stevens, 1979; Mahendran, 1990,1994; Mahaarachchi and
Mahendran, 2004, 2009) while protective cyclone washers are also being used to
enhance the pull-through capacity of those connections. However, this has then
made the other localised roof connection failure, the pull-out failure, more critical.

Roof sheeting

Roof sheeting to
batten
connection

Rafter

Roof Batten

Fig. 1. Steel roof connections
In the pull-out failure, the screw fasteners connecting the roof sheeting to batten
or purlin pull out from the thin steel roof battens or purlins (Fig.2). Recent wind
damage studies have highlighted the occurrences of such localised pull-out
failures, which caused partial or even complete loss of steel roofing systems.
Mahendran and Tang (1998) experimentally investigated pull-out behaviour, but
their study was incomplete. Therefore, a detailed experimental study consisting
of 187 pull-out tests was conducted using a range of screw fastener types and sizes
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(Table 1) and many thicknesses of steel roof battens and purlins (0.55 and 0.75
mm thick battens, and, 1.0, 1.2 and 1.5 mm thick purlins) made of three high
strength steels G450, G500 and G550. Another experimental study was also
conducted to investigate the pull-out capacity of multiple screw connections (two
or four) between the two batten bottom flanges and the rafter. This paper presents
the details of these experimental studies into the behaviour of roof battens and
purlins subjected to pull-out failures. It proposes suitable design to accurately
determine the pull-out capacities of single and multiple screw fastener
connections in thin steel roof battens and purlins.
Table 1: Screw Fastener Details
Screw
Fastener
Teks

T17

Zips

Screw Type

TPI

p
(mm)

D
(mm)

d1
(mm)

10g-16
12g-14
12g-24
14g-10
14g-14
14g-20
10g-12
12g-11
14g-10
M6-11
12g-11
14g-12

16
14
24
10
14
20
12
11
10
11
11
12

1.59
1.81
1.06
2.54
1.81
1.27
2.12
2.31
2.54
2.31
2.31
2.12

4.73
5.39
5.42
6.38
6.18
6.17
4.86
5.60
6.38
6.00
5.30
6.38

3.51
3.99
4.32
4.61
4.79
4.95
3.25
4.07
4.61
4.20
4.18
4.58

DD
(mm)
3.85
4.70
5.12
5.15
4.98
5.98
0.00
0.00
0.00
3.10
3.20
3.80

Note: TPI – Threads per Inch, p – Pitch, d – Thread Outer Diameter, d1 – Thread
Inner Diameter and DD – Thread Drill Point Diameter
Experimental Studies
Pull-out failures of roof battens or purlins occur under a tensile action in the screw
fasteners connecting the roof sheeting to batten or purlin and a bending moment
in the batten or purlin. Therefore, small scale roof batten pull-out tests using a
single span system were conducted by simulating both screw fastener tension and
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batten bending actions (Fig. 2). The test screw fastener was inserted in the batten
top flange at the mid-span and, was pulled up vertically using a special 20 mm
diameter nut with a 1.5 mm thick steel plate welded to it. The nut with a 7 mm
diameter hole at its centre was placed on top of the roof batten top flange and the
test screw fastener was located through the centre hole and inserted into the batten
top flange. The nut was then connected to a threaded rod and a tensile load was
applied using a testing machine. Three or more tests were conducted in each case.
The effect of member bending action on the pull-out failures was first investigated
by varying the batten spans (300 and 700 mm), which showed that the bending
action of batten does not influence the pull-out capacity. Therefore a small scale
roof batten test method based on 300 mm span batten subjected to a mid-span load
via a single screw fastener was used to determine the pull-out failure loads.

Batten testing and failure Purlin testing and failure

Fig.2 Pull-out tests of battens and purlins and failures

14g-10
Teks
12g-11
10g-12 T17
Batten
Zips
14g-10 T17
14g-12
14g-14 14g-20
M16 Roof Roof Zips
Teks Teks 12g-24
12g-11 T17
Zips
Teks

Fig.3 Screw fasteners used in the tests

12g-14
Teks

10g-16
Teks
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Table 2: Mean Pull-out Capacity Results
d
(mm)

p
(mm)

t
(mm)

fu
(MPa)

Pu
(N)

0.55
0.75
1.03
1.21
1.52

710
700
590
581
551

923.7
1478.6
2415.1
2510.2
3471.7

710
700

Pu/ Eqs.
1 or 2

Pu/ Eqs.
3 or 4

Pu/
Eq. 8

Pu/
Eq.11

0.59
0.70
0.99
0.89
1.03

1.11
1.32
1.87
1.68
1.95

0.80
0.87
1.12
0.96
1.04

0.70
0.76
0.98
0.84
0.91

895.6
1447.5

0.57
0.69

1.08
1.30

0.78
0.85

0.68
0.75

710
700
590
581
551

898.9
1370.8
2130.1
2519.3
3641.3

0.50
0.57
0.77
0.78
0.95

0.95
1.08
1.45
1.48
1.79

0.80
0.82
1.01
0.98
1.11

0.70
0.72
0.88
0.86
0.97

710
700

883.4
1417.2

0.49
0.59

0.93
1.11

0.78
0.85

0.69
0.75

710
700
590
581
551

874.4
1365.7
1923.1
1895.9
3142.2

0.49
0.56
0.69
0.59
0.81

0.92
1.07
1.30
0.77
1.06

0.84
0.89
0.99
0.80
1.04

0.74
0.78
0.87
0.70
0.91

710
700
590
581
551

1361.2
1805.5
2207.0
3124.7
4132.9

0.64
0.63
0.67
0.82
0.91
0.77
0.24

1.21
1.20
1.26
1.55
1.72
1.43
0.26

1.00
0.90
0.86
1.00
1.04
1.00
0.15

0.87
0.79
0.75
0.88
0.91
1.00
0.19

10g-16 (Teks)
4.73
4.73
4.73
4.73
4.73

1.59
1.59
1.59
1.59
1.59

10g-16 (long Teks)
4.73
1.59
0.55
4.73
1.59
0.75
12g-14 (Teks)
5.39
1.81
0.55
5.39
1.81
0.75
5.39
1.81
1.03
5.39
1.81
1.21
5.39
1.81
1.52
12g-14 ( long Teks)
5.39
1.81
0.55
5.39
1.81
0.75
12g-24 (Teks)
5.42
1.06
0.55
5.42
1.06
0.75
5.42
1.06
1.03
5.42
1.06
1.21
5.42
1.06
1.52
14g-10 (Teks)
6.38
2.54
0.55
6.38
2.54
0.75
6.38
2.54
1.03
6.38
2.54
1.21
6.38
2.54
1.52
Mean
COV
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DD

Fig.4 Screw fastener thread details: d – major (thread outer) diameter, d1 –
minor (thread inner) diameter, p – pitch and DD – drill point diameter
Following the initial investigations, the main roof batten pull-out tests were
conducted for 14 different types and sizes of screw fasteners (Table 1). T17 screw
fasteners are used to connect thin steel roof sheeting to timber battens or purlins.
However, they are also recommended to connect the roof sheeting to thin steel
battens (0.55 and 0.75 mm battens). Teks screws are used to connect roof sheeting
to both thin and thick steel purlins. Zips screws were introduced recently to
connect roof sheeting to either timber battens/purlins or thin steel battens/purlins.
Figure 3 shows all the screw fasteners used in this research. Figure 4 and Table 1
present the other important screw fastener details such as pitch (p) and, outer
diameter (d), inner diameter (d1) and drill point diameter (DD) of the threads.
Tests of lipped channel roof purlins were also conducted (Fig.2) using eight
suitable types of Teks and Zips screws. The bottom flange of purlin was restrained
in position and the screw fastener was inserted into the top flange, and was then
pulled vertically up. The purlin top flange was allowed to deform freely in the
tests, reflecting the real situation. The test results are presented and discussed next.
Results and Discussion
Table 2 presents the mean pull-out failure loads obtained from the roof batten and
purlin tests for selected combinations of batten/purlin thickness and screw type.
Other details including all the test results are presented on our research group
website (QUT Wind and Fire Lab, 2018). The pull-out failure modes of roof
battens and purlins are essentially similar, but they can still be categorized into
two groups. In most cases, they showed a permanent bending deformation of the
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top flange at the screw hole region whilst in a few other cases, they were observed
without any significant bending deformation (Fig.5). In fact, the steel material
trapped inside the screw fastener threads resists the applied tensile load and causes
significant or insignificant bending deformation of the top flange based on the
batten or purlin thickness. Mahendran and Tang (1998) defined these two failure
modes based on the steel thickness (t) to thread pitch (p) ratio, ie. if t is less than
p, it will cause a pull-out failure associated with a significant bending deformation
of steel at the screw fastener hole and vice versa. The pull-out failure modes in
this study agree very well with them. The pull-out failure modes in Fig.5(a) are
related to t/p ratio values of 0.24 to 0.48 whilst this ratio is 1.20 for the pull-out
failure mode shown in Fig.5(b). This confirms that when the t/p ratio exceeds one,
the threads shear the steel material and cause pull-out failure without a significant
bending deformation. However, when it is less than one, the steel material trapped
inside the threads bears the load and causes a significant bending deformation
before the pull-out failure. These pull-out failure mode observations lead to two
theoretical approaches based on thread bearing and shearing of steel material.
Bending deformation

(a)
(b)
Fig.5 Two types of pull-out failure modes (a) Thin battens (b) Thick battens
The pull-out failure load mainly depends on the steel thickness and grade (t and
fu in Table 2) and, screw fastener parameters relating to threads (Fig.4). The effect
of steel thickness and strength on the failure load was significant and must be
included in the pull-out capacity equations. However, since the screw parameters
such as outer diameter (d), inner diameter (d1), drill point diameter (DD) and pitch
(p) of the thread vary among them, their individual effects on the pull-out failure
load could not be investigated separately. However, some suitable test
combinations were chosen to examine the effects of these important parameters.
The 12g-11 batten zips and M6-11 roof zips have almost similar screw parameters
such as pitch (2.31 vs. 2.31 mm) and inner diameter (4.18 vs. 4.20 mm) except
the outer diameter (5.30 vs. 6.00 mm). Hence the test results obtained for these
screws and 0.55 and 0.75 mm thick battens were used to examine the effect of d
on the pull-out failure load. These results showed the effect of d is significant and
it should be included in the pull-out capacity equations.
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The difference between the thread outer and inner diameters (d-d1) is likely to
increase the pull-out capacity since it increases the steel material captured
between the screw threads. This understanding indicates that smaller inner
diameters (d1) are likely to increase the pull-out capacity. To investigate this, only
d1 should be varied whilst keeping the other screw parameters constant. However,
it was difficult to assess the effect of d1 since it varies randomly with other screw
parameters such as outer diameter, drill point diameter and thread pitch (Table 1).
Therefore, a theoretical approach was considered next. The drill point diameters
(DD) also vary randomly among the screws (Table 1). Although DD is smaller
than d1 for T17 and Zips screws, it is larger than d1 for Teks screws. The effect of
DD on the theoretical understanding of pull-out failure is also discussed next.
The T17 screw fasteners appear to provide higher pull-out failure loads compared
to the same size Teks screw fasteners. This comparison highlights that the type of
screw drill point (Fig.3) might have caused this difference in the pull-out failure
load. However, since T17 screw fasteners are only used to fasten thinner steel
battens and hence only a few test results are available, a separate categorization
based on the type of screw fastener drill point was not considered.
Smaller thread pitches (p) are expected to increase the pull-out capacity. This is
because more threads within the thickness increases the steel material captured
between the screw threads. However, it was difficult to evaluate the influence of
p separately, since it also varies randomly with other screw parameters (Table 1).
Therefore, a theoretical approach was used and, the details are presented next.
Same size screw fasteners are also available in different lengths (Fig.3). However,
test results showed that the effect of screw fastener length is insignificant.
In summary, the steel material thickness and grade (t and fu) and the screw fastener
parameters such as thread outer diameter (d), inner diameter (d1), drill point
diameter (DD) and pitch (p) govern the pull-out failure loads and should be
considered in the pull-out capacity equations. The screw thread parameters d, d1
and p were considered as independent as indicated by the current thread designs.
Current Design equations
The pull-out failure loads obtained from the tests in this study (Table 2) were
compared with the pull-out capacities (Pu) predicted using the design equations in
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the current cold-formed steel design standards, AS/NZS 4600 (Equation 1), AISI
S100 (Equation 2) and Eurocode 3 Part 1-3 (Equations 3 or 4).
Pu = 0.85 t df fu

(1)

for t > 0.9 mm, where t - thickness of the sheet not in contact with screw fastener
head, df - nominal diameter of the screw fastener (3.0 < df < 7.0 mm) and fu tensile strength of the sheet not in contact with the screw head in MPa.
Pu = 0.85 t d fu

(2)

where t - thickness of member not in contact with screw fastener head or washer,
d - nominal screw fastener diameter (2.03 < d < 6.35 mm) and fu - tensile strength
of the member not in contact with screw head or washer.
If t / p < 1: Pu = 0.45 t d fu

(3)

If t / p > 1: Pu = 0.65 t d fu

(4)

where t - thickness of the member into which a screw fastener is fixed, d - nominal
diameter of the fastener (3.0 < d < 8.0 mm), fu - ultimate tensile strength of the
supporting member into which a screw fastener is fixed and p - thread pitch.
The measured ultimate tensile strengths (fu) of steels (Table 2) were used in these
calculations. Table 2 shows significant overestimations and underestimations of
the pull-out failure loads when these design equations are used. Equations 1 and
2 show a significant overestimation of 23% (mean and COV of average pull-out
failure load/pull-out capacity ratio = 0.77 & 0.24) whilst Equations 3 and 4 show
significant underestimations of 43% (mean and COV of average pull-out failure
load/pull-out capacity ratio = 1.43 & 0.26). Although the comparisons made for
Equations 1 and 2 based on the mean pull-out failure loads are valid, the
comparisons made for Equations 3 and 4 require further modifications since the
statistical level considered in the derivation of Equations 3 and 4 is different from
that of Equations 1 and 2. In the latter comparison, the characteristic pull-out
failure load should be considered instead of the mean pull-out failure load. Using
a suitable reduction factor of 0.8 to allow for this difference (Eurocode 3, 2006)
will effectively lead to underestimations of only 14% for Equations 3 and 4.
However, the comparisons with Equations 3 and 4 still indicate a higher variation
in the predictions of pull-out failure loads (ie. higher COV of 0.26). Since similar
levels of variations were also observed by Mahendran and Tang (1998), they
developed a new design equation to determine the pull-out capacities.
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Pu = k d p0.2 t1.3 fu

(5)

where k = 0.70 for thinner steel battens made of G250, G500 and G550 steel of
thickness t < 1.5 mm; k = 0.80 for thicker steel purlins and girts made of G450
steel thickness 1.5 < t ≤ 3.0 mm; and k = 0.75 for all steel battens and purlins/girts
made of G250, G450, G500 and G550 steels of thickness t ≤ 3.0 mm.
Although Equation 5 predicted the pull-out failure loads accurately with mean
values ranging from 0.96 to 1.04 and COV values of less than 0.18, it was not
developed in a non-dimensional format. Further, it did not include the new types
of screw fasteners such as Zips screws. Further, their study did not investigate or
include the effects of thread inner and drill point diameter. Hence this paper used
the pull-out capacity test data from both this study (187 tests) and Mahendran and
Tang (1998) (592 tests) to develop improved pull-out capacity equations.
Proposed Design Equations
The theoretical understanding of screw fastener pull-out behaviour is complex as
it depends on many parameters such as thread design (inner and outer diameters,
drill point diameter and pitch), thread length captured within batten/purlin
thickness and steel strength. This can be defined into two cases based on the two
observed failure modes: thread shearing and thread bearing. The pull-out force
due to thread shearing can be determined by calculating the shear force needed to
strip the steel material. The ASTM (FED-STD-H28/2B) presents Equation 6 to
calculate this shear failure force Fs in N (Chapman et al. 1996, Patel et al. 2010)
Fs = S × As = S × {L × ∏ × Dmajor} × TSF

(6)

where S – material ultimate shear stress in MPa taken as 0.75 fu, As – thread shear
area, L – embedment length (mm), Dmajor – major (outer) diameter, (L × ∏ ×
Dmajor) – area of a cylinder with a diameter of Dmajor and length of L, TSF
(dimensionless) = 0.5 + 0.57735 d/p, d – thread depth (mm) = (Dmajor – Dminor)/2,
Dminor – minor (inner) diameter and p – thread pitch (mm).
The pull-out force P due to thread bearing can be determined by multiplying the
projected thread area by the material strength and number of threads in contact
with the material (Juvinall and Marshek, 2010).
P = ∏/4 × (Dmajor2 - Dminor2) × σ × (t/p)

(7)

where t, p, Dmajor and Dminor are as defined for Eq.6 and σ – bearing stress
(equivalent to fu – tensile strength).
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The thread shearing case appears to be more suitable for thicker batten/purlins
(t>p). However, since only a few cases depict this behaviour in this study,
Equation 6 seems unsuitable for many cases (t/p ratio<1). Therefore, the thread
bearing case (ie. Eq. 7) can be considered as a reasonable option to calculate the
pull-out capacities. However, the pull-out capacities were determined using both
Eqs. 6 and 7 and compared with the test results. As expected, Equation 6 predicted
the pull-out failure loads with a lower test to predicted mean of 0.39
(overestimation of 61%) whilst Equation 7 predicted them with a higher test to
predicted mean of 0.67 (overestimation of 33%). Overall, both equations failed to
provide accurate predictions of the pull-out capacities of roof battens and purlins.
However, these equations highlight the effects of influential parameters on the
pull-out capacity, ie. t, fu, d and d-d1 (increasing) and p (decreasing). Although all
the current design equations (Eqs. 1 to 5) include the effects of t, fu and d, only
Eurocode equations (Eqs. 3 and 4) and Mahendran and Tang’s (1998) Equation 5
include the effect of p. Although the Eurocode equations indicate that the pull-out
capacity decreases with increasing pitch (same as theory), Mahendran and Tang’s
(1998) equation indicates an increment in the pull-out capacity with increasing
pitch. This contrasting behaviour might have occurred since Mahendran and Tang
(1998) did not consider the effects of thread inner and drill point diameters.
DeCoster et al. (1990) conducted pull-out failure tests for synthetic bone materials
using both standard and custom made screw fasteners. Their test results showed
that the pull-out capacity decreases with increasing thread pitch (p) whilst it
increases with decreasing minor diameter d1 (same as theory). Defino et al. (2007)
investigated the effect of pilot hole size (drill point diameter DD) on the pull-out
capacity of animal bones and stainless screws. They used a range of DD that are
smaller and larger than the thread inner diameter d1. Their test results showed that
the smaller DD (smaller than d1) provided higher pull-out failure loads. Oktenoglu
et al. (2001) also showed that decreasing DD (< d1) increased the pull-out capacity
through their tests on cancellous bones. Since the effects of d1, DD and p could
not be investigated separately in our tests, the understanding gained from theory
and past research studies was used in developing a new pull-out capacity equation
by including the effects of p and (d-d1) or (d-DD) on the pull-out capacity (Pu).
Considering the complicated nature of pull-out failures, the differences between
theory and tests are more likely. Further, the design of screw fasteners (in terms
of thread and drill point) appears to create such differences between theory and
tests. The drill point in the Teks screws creates a pre-drilled hole initially, which
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eases the threading process, particularly in thick steels. However, no guidelines
are available in AS 3566.1 (SA, 2002) or in the literature about the design of drill
point and its sizes. However, Fig.4 from AS 3566.1 shows that the drill point
diameter is equal to the thread inner diameter, which is not true for commercial
screw fasteners (Table 1: larger DD than d1). Since the pilot hole is created before
the threading process, the larger DD creates a larger pre-drilled hole than d1. This
causes a small gap between the thread inner diameter and the steel at the inner
diameter level and leads to a weaker steel connection for Teks screws. This issue
causes inconsistencies in the pull-out failure loads from the many tests undertaken
using Teks screws and also complicates the understanding of the pull-out failure
behaviour. However, it is clear that drill point diameter (DD) should be considered
instead of thread inner diameter (d1) for Teks screws. In summary, the effect of
(d-d1) should be considered for Zips and T17 screws whilst the effect of (d-DD)
should be considered for Teks screws in the new pull-out capacity equation.
The above discussions show the necessity of developing new design equations for
the pull-out capacities of all the types of screw connections in thin steel roof/wall
cladding systems based on only the most critical parameters such as t, fu, d, d1,
DD and p. The efforts were first made to modify the current design equations
(Eqs. 1 or 2). Although it was possible to achieve a mean of 1.00 by reducing the
constant from 0.85 to 0.65, it will still have a higher COV of 0.24 and high error
margins (+58% and -77%). Therefore, engineering curve fitting technique was
used to obtain improved pull-out capacity equations (Equation 8). The effect of d1
was considered for Zips and T17 screw fasteners, while the effect of DD was
considered for Teks screw fasteners.
High strength steel roof battens/purlins with t ≤ 1.52 mm:
Pu = 1.42 t1.3 d0.7 fu [(d-d*)/p]0.3

(8)

where d* = larger of d1 or DD (d1 for Zips & T17 screws; DD for Teks screws)
Equation 8 provides better predictions of test pull-out failure loads with overall
mean and COV of 1.00 and 0.15 (Table 2) and can be used to predict the pull-out
capacities. However, since it is limited to purlin thicknesses up to 1.5 mm, the 592
pull-out capacity data from Mahendran and Tang (1998) for battens and purlins
(thicknesses of 0.4 to 3.0 mm and steel grades of G250 to G550) and T17 and
Teks screw fasteners (10g to 14g) (not Zips screws) were also considered. Suitable
design equations were first developed using only their data. Since they conducted
pull-out tests using both high strength (G550, G500 and G450) and low strength
(G250) steel roof battens and purlins, design equations were developed separately.
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High strength steel roof battens/purlins with t ≤ 2.93 mm:
Pu = 1.65 t1.3 d0.7 fu [(d-d*)/p]0.3

(9)

Low strength steel roof battens/purlins with t ≤ 0.95 mm:
Pu = 1.85 t1.3 d0.7 fu [(d-d*)/p]0.3

(10)

Both Equations 9 and 10 predicted the test pull-out failure loads with the same
mean and COV of 1.00 and 0.16. They show good agreements except the constant
(1.42 versus 1.65 and 1.85). Finally Equation 11 was developed by considering
all the 779 test data from this study and Mahendran and Tang (1998).
Pu = 1.62 t1.3 d0.7 fu [(d-d*)/p]0.3

(11)

Predicted Pull-out Capacity
(N)

Equation 11 predicted the test pull-out failure loads with mean and COV of 1.00
and 0.19. Although the COV has increased to 0.19, this design equation covers a
wide range of thin steel roof/wall connections (both high and low strength steelsG250, G450, G500 and G550, thicknesses from 0.4 to 3.0 mm and 17 types and
sizes of screw fasteners). Figure 6 compares the pull-out capacities predicted
using Equation 11 with test pull-out failure loads.
14000
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y = 0.9237x
R² = 0.9278

6000
4000
2000
0

0
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8000

10000 12000 14000

Test Pull-out Failure Load (N)
Fig.6 Comparison of pull-out failure loads with Equation 11
The accuracy of the curve fitting process used to derive Equation 11 was found to
be adequate when assessed independently by choosing and comparing suitable
test combinations. However, comparisons made for thinner high strength steel
thicknesses (0.43 to 0.75 mm) showed that the predictions are not as accurate as
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for low strength steels and thicker (≥ 0.95 mm) high strength steels. The reduced
ductility of thinner high strength steels might have caused this. Since Equation 11
was derived using many low strength steels and thicker high strength steels, the
power coefficient of one can still be considered suitable overall. To allow for the
reduced ductility effect, AS/NZS 4600 suggests suitable reduction factors, 90%
of fu for t < 0.9 mm and 75% of fu for t < 0.6 mm. However, our pull-out test
results showed the possibility of using larger reduction factors than those given in
AS/NZS 4600. Hence Equation 12 is proposed by including a new factor, k, in
Eq.11 to allow for the effects of ductility. The test to predicted ratios were used
first to choose the relevant steel groups, and then suitable predictive equations
were developed for each group, from which the required k factor was determined.
Pu = 1.62 k t1.3 d0.7 fu [(d-d*)/p]0.3

(12)

where k = 0.88 for t < 0.9 mm high strength steels (G550), 0.96 for 0.9 mm ≤ t ≤
1.21 mm high strength steels (G550 and G500), 0. 91 for t ≤ 1.21 mm high strength
steels (G550 and G500), 1.07 for 1.21 mm < t ≤ 2.93 mm high strength steels
(G450) and 1.14 for low strength steels (G250).
To calculate design pull-out capacities, a suitable capacity reduction factor is
required. For this purpose, the procedure in AISI S100 Chapter F was used, which
gave a capacity reduction factor of 0.55 for use with Equation 11. The same factor
(0.55) can also be used with Equation 12 conservatively. However, accurate
capacities can be determined by using the relevant k factors and corresponding
capacity reduction factors (0.56, 0.57, 0.56, 0.58 and 0.58 for the five cases).
Multiple Screw Connections
Previous sections of this paper have discussed the pull-out capacities of single
screw connections between roof/wall sheeting and battens/purlins. However,
batten to rafter connections include one or two screws on each bottom flange (total
of two or four screw connections) as shown in Fig.7. A series of 80 pull-out tests
of such multiple screw connections was undertaken to determine their pull-out
capacities (Fig.7). Test results showed that their capacity cannot be obtained by
multiplying by the number of screw fasteners. It was found that the total pull-out
capacity of roof batten to rafter connection improves by only 40 and 29% when
two- and four-screw connections were used. A suitable reduction factor was
therefore introduced to Equation 11 to determine the pull-out capacity per fastener
in multiple screw connections. Using the test results, it is recommended that
reduction factors 0.70 and 0.45 are used with Equation 11 to determine the pullout capacities of two- and four-screw connections.
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Two-screw
batten
connections

Four-screw
batten
connections

Fig.7. Multiple screw connection pull-out tests
Conclusions
This paper has presented the details of a detailed experimental study on the pullout failures occurring in the thin steel roofing systems including the effects of
steel thickness and strength, screw fastener thread outer diameter, inner diameter,
drill point diameter, drill point type and thread pitch. The design equations
available in the current cold-formed steel design standards were found to be
inadequate in accurately predicting the pull-out capacities. The use of available
theoretical approaches was also shown to be inadequate. Suitable design equations
and capacity reduction factors were then developed for single and multiple screw
connections using the pull-out failure test results. For cyclic wind uplift loads,
fatigue effects should be included based on Mahendran and Mahaarachchi (2002)
who recommend a conservative reduction factor of 0.30. The new design
equations can be satisfactorily used to design safer steel roof cladding systems
subject to high wind uplift loads. They can also be used to design safer wall
cladding systems subject to high wind suction loads.
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Abstract
Cold-formed steel roof claddings are subjected to significant suction/uplift pressures during high wind
events. In New Zealand, the strong prevailing winds makes this a common occurrence. Suction pressures are
generated by the turbulence of the wind flow around the building which can vary both spatially and temporally.
The weakest link in the roofing system is the connection between roof sheeting and screw fasteners, which if
fails, can lead to progressive collapse of the whole roofing assembly. Fluctuating high wind suction pressures
can result in either static or fatigue pull-through failure of the roof sheeting at its screw fastener connections.
Current literature has covered the static and fatigue wind uplift performance of crest-fixed corrugated and
trapezoidal roof claddings. However, no research has been undertaken to understand the wind uplift performance
of the typical crest-fixed cold-formed steel drape curved roof claddings used in New Zealand. This issue is
addressed herein. In total, 35 large scale experimental tests are presented for crest-fixed drape curved steel roof
claddings subjected to static and cyclic wind suction/uplift loads applied using a Pressure Loading Actuator. The
material properties of claddings were determined using tensile coupon tests while the initial geometric
imperfections of claddings were measured using a laser scanner. The critical fastener reactions were determined
using a three axis load cell. Crack initiation, propagation of cracks, crack patterns and the number of load cycles
to failure are discussed for such claddings under different load levels. Tests showed that the drape curved roof
claddings are also subjected to localised dimpling and pull-through failures at their screw connections under
static and cyclic wind uplift loads with the occurrence of low cycle fatigue failures under cyclic loading.
Keywords: Cold-formed steel, Drape curved roof, Roof claddings, Fatigue, Crest-fixed, Fastener
1 Introduction
Cold-formed, thin steel roof and wall claddings are commonly used in low-rise residential and commercial
buildings because of their superior strength to self-weight ratio, higher span capacity, good durability, high
resilience in earthquakes and ease of construction. These steel claddings are mostly fastened to the purlins/battens
at their crests with screw fasteners. In such an arrangement, crest-ﬁxed steel claddings suffer from either local
dimpling failure and/or pull-though failures at the screw fastener holes when subjected to wind uplift/suction
pressures during high wind events [1]. Pull-through failures are initiated by transverse splitting/fracture or low
cycle fatigue cracking at the fastener holes, which lead to disengagement of roof sheeting. Therefore, winduplift/suction capacity of crest-fixed steel claddings is governed by localised pull-through failures at the screw
connections.
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In the literature, significant research has been described for crest-fixed corrugated and trapezoidal steel
claddings under wind-uplift/suction pressures to understand the failure mechanisms of such claddings [2-5].
Mahendran [2-3] investigated the static and fatigue behavior of crest-fixed corrugated roofing under simulated
cyclonic wind loading. Xu [4] considered both corrugated and trapezoidal profiles in investigating the fatigue
performance of crest-fixed light gauge steel claddings under fluctuating wind uplift loading.
To extend this work, Mahendran [5] studied the fatigue loading sequence for roof claddings in cyclone
prone areas and developed a simplified loading matrix. Similar investigations were also carried out by Kumar
and Stathopoulos [6] and Kumar [7] to study the fatigue performance of roof cladding under simulated wind
loading. All these investigations were based on expensive laboratory tests. However, Jancauskas et al. [8]
presented an analytical model to simulate the fatigue behavior of roof cladding during the passage of a tropical
cyclone. On the other hand, Mahaarachchi and Mahendran [9-10] developed a shell finite element model which
can predict the pull-through failure of crest-fixed trapezoidal steel claddings. The finite element model included
an appropriate splitting criteria for trapezoidal claddings, which was developed by Mahaarachchi and Mahendran
[11]. Henderson and Ginger [12] studied the low-cycle fatigue response of corrugated metal roof cladding by
using more realistic application of static, cyclic and simulated wind loads. In their research, they characterized
the different crack patterns of crest-fixed corrugated roof claddings. Lovisa et al. [13] extended this work by
performing an experimental investigation into the fatigue behavior of corrugated cladding and quantitatively
characterized the crack initiation using a strain criterion. However, it is worth mentioning that all these
investigations were either for the conventional corrugated or for trapezoidal steel claddings.
In New-Zealand and neighbouring countries, the crest-fixed drape curved roofs (see Fig.1) are
increasingly being used in low-rise buildings. No research has been undertaken on this roofing profile under
wind uplift loading. Also, there are no adequate design guidelines available, for drape curved roofs under wind
uplift loading. Eurocode [14] and American Iron and Steel Institute (AISI) [15] include design recommendations
for valley fixed drape curved roofs made with thicker (>0.6 mm) and softer (yield stress <450 MPa) materials,
which may not be applicable to New-Zealand’s drape curved roofs which are made of thin, high strength steels
and are crest-fixed.
In this research, large scale experiments were conducted on drape curved claddings, subjected to two
types of loading: (a) Static wind uplift pressure and (b) Cyclic wind uplift pressure. Although the wind uplift
pressure on roof cladding fluctuates randomly in space and time during high wind events, in the experimental
tests it is difficult to simulate higher wind pressure along the edge of the roof, therefore a static uniform winduplift/suction pressure and a constant amplitude cyclic wind uplift/suction pressure were used in this study. More
than 30 large scale experimental tests were conducted and the results are reported herein. The important fastener
reactions were measured by using a 3-axis load cell. Local dimpling, transverse splitting, crack initiation,
propagation of cracks and crack types are discussed in detail for such claddings under different load levels.
Material properties of the claddings were determined using tensile coupon tests while initial geometric
imperfections were measured using a laser scanner. This paper presents the details of this experimental
investigation on the drape curved steel claddings subject to static and cyclic wind uplift/suction pressure loading
and the results.
2 Experimental investigation
2.1 Cladding specimens
The drape curved roof/wall claddings were rolled from a G550 coil, which refers to the specified minimum
yield strength of 550 MPa. Two different base metal thicknesses (BMT) were considered: 0.40 mm and 0.55
mm. Fig. 2 shows the cross-sections of the cold-formed steel drape curved claddings considered in this research.
Three sheets were used in the experimental tests to consider the overlap between two cladding sheets.

Figure 1: Nominal cross-sections of cold-formed steel drape curved claddings considered in this paper
2.2 Cladding fixings
The claddings were fixed to battens/purlins at different spacing, varying from 500 to 2000 mm as shown in Fig.
2. They were attached to the batten or purlin using either self-drilling timber or metal screws (screw head
diameter of 14 mm) depending on the type of support. No 14-10×65 mm Type 17 self-drilling screws with EPDM
washers were used for cladding fixings. The cladding screws had a weather sealed washer, which is
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approximately12 mm in diameter. Claddings were fixed by self-drilling screws at the middle of each crest and
set perpendicular to the plane of the sheet. All the screws were tightened using a torque controlled screw gun to
the manufacturer’s recommended installed torque to avoid over-tightened or loose screws.

(a) Elevation

(b) Plan view
Figure 2: Cladding fixings
2.3 Specimen labelling
The crest-fixed cold-formed steel drape curved claddings were labelled such that the type of cladding
assembly, cladding span and thickness were expressed by the label. For example, the label “DCR- S600 -t0.55
is explained as follows:
• “DCR” indicates the type of cladding profile, which is drape curved roof.
• “S600” represents the cladding span of 600 mm, i.e. the spacing between adjacent purlins/battens.
• “t0.55” represents the nominal thickness of the cladding profile of 0.55 mm.
2.4 Cladding material properties
In order to determine the material properties of cladding specimens, tensile coupon tests were conducted.
The tensile coupons were prepared from the centre of the cladding sheets tested herein, in accordance with ISO
6892-1:2009 [16]. Five coupons were obtained from both longitudinal and transverse directions of the cladding
sheets. The coupons were tested in an Instron 4469 tensile testing machine which has a capacity of 50 kN. A
calibrated extensometer of 50 mm gauge length was used to determine the tensile strain of the coupons. The
average Young’s modulus and yield strength from these tests were 205 GPa and 568 MPa, respectively for 0.40
mm thick profile claddings, whereas for 0.55 mm thick claddings, Young’s modulus and yield strength were 201
GPa and 557 MPa, respectively.
2.5 Test-rig and testing procedure
Simply supported crest-fixed drape curved roof claddings were tested under static and cyclic wind-uplift
pressures in a rectangular pressure box of dimensions 5000 mm×2000 mm×320 mm. Four-span roofing
assemblies were tested as shown in Fig. 3. The end spans were taken as two-thirds of the intermediate span
according to the manufacturer’s recommendation. A vacuum pump and pressure loading actuator (PLA) was
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used to simulate the required wind pressure inside the pressure box. Polystyrene foam was used to fill the gaps
on both side of drape curved steel cladding assembly to stop any leakage of air.
Pull-through or local-dimpling failure is the most common failure mode [10] of such claddings when
subjected to wind uplift pressure, which is controlled by the load per screws at the central and edge supports.
Therefore, two 5 kN S-type load cells and one 15 kN 3-axis load cell (see Fig. 4) were used to determine the
screw fastener loads at three of the central support screws. Eight LVDTs were used to measure the deflections
at central support and mid-pan. LVDT positions are shown in Fig. 4. Three pressure sensors of each 20 kPa
capacity were used measure the uniform pressure inside the pressure box. As shown in Fig. 3, four mounting
frames were used to place the LVDTs and load cells on top of the cladding sheets. It is expected that wind uplift
pressure will cause large longitudinal and transverse strains around the screw fastener holes. Therefore, four
strain gauges (gauge length of 2 mm), one on each side of the fastener hole, were used to measure the longitudinal
and transverse strains of three critical central support screws (see Fig. 4(d)). As the wind pressure is increased,
the large stress concentration will cause dimpling failure initially around the fastener holes, which will lead to
pull-through failure finally under increasing uplift pressure.

Figure 3: Photograph of the pressure box

(a) LVDTs

(b) 3-Axis load cell
(c) S-type load cell
Figure 4: Locations of sensors

(d) Strain gauges
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2.6 Measurement of initial geometric imperfections
Fig. 5 shows the details of the laser scanner assembly used to measure the initial geometric imperfections
present in the drape curved claddings. As can be seen in Fig. 5, it is comprised of a 5500 x 2500 x 1500 mm steel
frame which supports a travelling platform mounted on precision rails in the longitudinal (5500 mm) direction.
The platform supports a stepper motor (see Fig. 5(a)), which allows displacement controlled motion using a rack
and pinion system. The platform is designed to have a precision shaft in the transverse (2500 mm) direction
which guides a moveable laser scanner. The laser scanner records reading at every 0.0001 mm along each of the
mid-crest and mid-pan of the cladding profiles. A typical plot of the initial geometric imperfections versus length
is shown in Fig. 5(c). The maximum initial imperfections of the cladding specimens are shown in Table 1.

(a) Stepper motor

(b) Laser scanner assembly

(b) Photograph of imperfection measuring setup
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(c) Typical imperfection profile (DCR-S2000-t0.55)
Figure 5: Measurement of initial geometric imperfections using a laser scanner

Table 1: Measured initial geometric imperfections
Specimen
Maximum
imperfections (mm)
DCR-S500-t0.55
DCR-S800-t0.55
DCR-S1200-t0.55
DCR-S1500-t0.55
DCR-S2000-t0.55
DCR-S500-t0.40
DCR-S800-t0.40
DCR-S1200-t0.40
DCR-S1500-t0.40
DCR-S2000-t0.40

0.28
0.16
0.29
0.22
0.09
0.14
0.18
0.16
0.22
0.24

2.7 Loading procedure
The drape curved steel claddings were loaded under two types of wind pressures as described below:
2.7.1 Static wind uplift pressure
All test specimens were loaded under a steadily increasing, spatially-uniform uplift pressure as shown in
Fig. 6(a). The uplift pressure was increased by 2 kPa after stabilizing the pressure for 30 seconds each time.
Initially, the cladding deflection increased linearly with uplift pressure up to a pressure of 1.43 kPa. Local
deformation of cladding near the screw head was observed during that period. As the pressure was increased
beyond 1.43 kPa, non-linear behaviour was observed; i.e. the deflection of cladding increased non-linearly with
wind-uplift pressure because of the localised dimpling of the cladding under the screw head.
2.7.2 Cyclic wind uplift pressure
Cyclic tests were conducted by means of applying sinusoidal loads to the test specimens (see Fig. 6(b))
The sinusoidal pressures were applied at a frequency of 1.2 Hz. The fatigue behaviour of the drape curved steel
claddings was studied in terms of the number of cycles to failure, fastener reactions, crack initiation, crack
propagation and different types of crack patterns. Cyclic uplift pressure loading applied to the drape curved steel
claddings until fatigue failure occurred with the cladding pulling over/through at least one of the screws as per
AS/NZS 1170.2 [17].
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(a) Static uplift pressure applied in steps (DCR-S1200-t0.55)

(b) Cyclic uplift pressure (DCR-S500-t0.55)
Figure 6: Static and cyclic uplift pressures applied to the drape curved steel claddings
2.8 Experimental results
Experimental results are discussed separately for static and cyclic wind uplift pressures as shown next.
2.8.1 Cladding response under static wind uplift pressure
Fig. 7 shows the deflected shape of the DCR-S2000-t0.55 under static wind-uplift pressure. The load in
the screw fastener along the Z-axis is given by the equation below:
(1)
F Z = C R × P× A
where C R is the reaction coefficient, P is the uniform uplift pressure and A is the tributary area of the
fastener (i.e., cladding span ×fastener spacing). For a two-span wind load test, the value of C R is recommended
in between 1.15 to 1.25 from previous research [1]. The value of C R depends on the level of loading and the
cladding profile. For these four-span tests, an average C R value of 1.11 provided the best agreement between the
experimental fastener load and the fastener load calculated from equation-1 (see Table 2).
The deflected shape of the DCR-S2000-t0.40, subjected to wind uplift pressure is shown in Fig. 7. The
screw fastener loads, F X , F Y and F Z in x, y and z directions were measured by the 3-axis load cell at the fastener
F 3 (see Fig. 2a) for a stepped static applied pressure and the results are shown in Fig. 8. As can be seen from Fig.
8, first spike in F X , F Y and F Z happened at 44.8 seconds when the cladding adjacent to the fastener dimpled. The
lateral load (F X ) on the “fastener” is approximately 8% of F Z . Another spike is seen in F X , F Y and F Z values at
75 seconds when the cladding profile starts splitting transversely at the fastener hole. This reduces the stiffness
of the cladding profile and hence reduces the reaction coefficient. During the fourth load step, the cladding splits
completely at the fastener hole. Pull-through failure loads as fastener loads and wind uplift pressures are shown
in Table 2 for all cladding specimens tested under static uplift wind pressures.

720

Figure 7: Deflected shape of the drape curved roof cladding (DCR-S800-t0.55)
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Figure 8: Loads in the critical fastener F 3 of central support under static step pressure loading
Specimen

Table 2: Fastener loads at failure under static wind-uplift pressure
Span
Thickness
Failure pressure
Experimental
(S)
(t)
(P)
fastener load, F Z-EXP
(mm)
(mm)
(kPa)
(N)

DCR-S500-t0.55
DCR-S800-t0.55
DCR-S1200-t0.55
DCR-S1500-t0.55
DCR-S2000-t0.55
DCR-S500-t0.40
DCR-S800-t0.40
DCR-S1200-t0.40
DCR-S1500-t0.40
DCR-S2000-t0.40

500
800
1200
1500
2000
500
800
1200
1500
2000

0.55
0.55
0.55
0.55
0.55
0.40
0.40
0.40
0.40
0.40

12.36
10.14
8.45
7.46
6.24
10.21
8.57
7.28
6.23
5.16

2795.8
2710.4
2547.6
2415.4
2335.7
2434.8
2348.7
2194.7
2078.9
1824.6

Design fastener load
from eq-1, F Z-eq-1
(N)

Comparison
F Z-EXP / F Z-eq-1

2662.7
2657.3
2449.6
2322.5
2224.5
2297.0
2236.9
2070.5
1979.9
1721.3

As shown by Table 2 results, the wind uplift pressures and the critical screw fastener loads at failure
reduce with increasing span, although the differences are small for shorter spans in the range of 500 to 1200 mm.
When the cladding thickness was reduced from 0.55 to 0.40 mm, the reduction in failure load/pressure was small
for shorter spans, but increased significantly for long spans by about 40%.

-

1.05
1.02
1.04
1.04
1.05
1.06
1.05
1.06
1.05
1.06
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2.8.2 Cladding response under cyclic wind uplift pressure
Cladding response was observed under the cyclic wind uplift pressure loading applied to the specimens
and the number of cycles to failure was recorded. The corresponding fastener loads, F X , F Y and F Z under the
applied cyclic wind uplift pressure, are shown in Fig. 9. As can be seen, a spike in F X and F Y at about
35.6 seconds, indicates the local dimpling failure of the cladding in the vicinity of the fastener holes. The
dimpling of the claddings at the screwed crests transfers a lateral load (F X and F Y ) to the screws, typically in the
order of 50 to 200 N. When the number of cycles is increased, local dimpling of cladding initiates the pullthrough failure by means of transverse splitting of the cladding at the fastener holes.
Cold-formed steel roof claddings are susceptible to low-cycle fatigue failure. Low-cycle fatigue is
generally known as the failure within 10,000 load cycles [18]. Cladding failure may occur either from a large
number of low pressure load cycles or from a low number of high wind pressure cycles.
Cyclic tests were carried out at a similar peak load as static wind uplift tests but with different R values
of 0.1 to 0.5. R is the load ratio, defined as R= S min /S max , where, S max is the maximum load and S min is the
minimum load applied during the tests. About five cyclic tests were conducted for each load ratio, giving a total
of 25 cyclic tests. The maximum wind uplift pressures applied in each test can be seen in Fig. 10. Five different
spans were tested for each load ratio. Only 0.55 mm thick claddings were tested under cyclic loading (see Table
3). From the experiments, it was observed that the cyclic failure pressure was approximately 70% of the static
failure pressures on average for all tests. The number of load cycles to failure is dependent on the load ratio (R).
Fig. 10 shows the maximum cyclic uplift pressures (P max ) versus the number of cycles to failure (N i ) for different
values of load ratios (R).
Table 3: Maximum uplift pressure applied at failure during cyclic tests
Maximum uplift pressure (kPa)
Specimen

Load Ratio
(R= 0.1)

Load Ratio
(R= 0.2)

Load Ratio
(R= 0.3)

Load Ratio
(R= 0.4)

Load Ratio
(R= 0.5)

4.53
4.23
3.81
3.21
2.58

5.23
4.88
4.06
3.61
2.91

6.01
5.09
4.31
3.87
3.25

6.84
5.46
4.89
4.08
3.64

7.36
6.89
6.23
5.42
4.28

DCR-S500-t0.55
DCR-S800-t0.55
DCR-S1200-t0.55
DCR-S1500-t0.55
DCR-S2000-t0.55

1900

Fastener load (N)

1400

900

400

-10032.64

33.64

34.64
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36.64

37.64
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Figure 9: Loads in the critical fastener F 3 of central support under cyclic wind pressure loading
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Figure 10: Maximum cyclic wind pressure versus the numbers of cycles to failure for varying R values
As shown in Fig. 10, roof cladding suffered low cycle fatigue failures at lower load ratios of 0.1 and 0.2,
i.e. the number of cycles to failure was less than 10000. However, as expected with increasing load ratios (0.5),
the number of cycles to failure increased to about 18,000 even with higher maximum wind uplift pressure.
3. Types of Failure
The static and cyclic wind uplift loading produced different types of failure patterns in drape curved
claddings. Failure patterns from both static and cyclic tests are discussed separately in the following sections:
3.1.Static wind uplift pressure loading
Drape curved roof claddings were subjected to static wind uplift pressure until the failure in terms of
either local dimpling or transverse splitting occurred around the fastener holes. Drape curved roof failure modes
under static wind uplift pressures are discussed below.
3.1.1 Dimpling failure
Dimples were formed near the edges of the deformed crests in the cladding profile at a pressure greater
than 3 kPa, however complete dimpling failure was observed at uplift pressure greater than 5kPa. As the wind
pressure was increased, longitudinal and transverse bending actions near the fastener hole were observed, leading
to the large cross-sectional deformation of the drape curved steel claddings. These cross-sectional deformation
results in large stress concentrations around the fastener holes leading to the local dimpling failure of cladding
profile. Most of the dimpling failures occurred at uplift pressure less than 6.24 kPa for static tests. Dimpling
failure of a drape curved roof under static wind-uplift loading is shown in Fig. 11(a).
3.1.2 Initiation of transverse splitting along with dimpling failure
When the local dimpling displacement goes beyond 5 mm [19], the transverse splitting starts at the
fastener hole. This is mainly a transition phase between the dimpling failure and splitting failure (see Fig. 11(b)),
when the non-linear behaviour starts with increase in wind-pressure. This failure occurred in static tests at a
pressure higher than 6.24 kPa. A second spike in F Z , F Y and F X was observed at 74 second, when the transverse
splitting initiated at the drape curved claddings around the fastener holes (see Fig. 8).
3.1.3 Transverse splitting failure
When the wind pressure was increased beyond 6.24 kPa , the cladding profile started splitting in Y
directions around the fastener hole (see Fig. 11(c)). As a result of this, the fastener load in Y direction (F Y )
increased by around 36%. However, no longitudinal splitting was observed, the drape curved roofs did only split
in the transverse direction (Y-direction), this is because of the discontinuity of the crest in the transverse
direction. The transverse strains were recorded from the strain gauges installed near the fastener holes to develop
a suitable strain criterion for drape curved steel claddings under static wind-uplift pressure (see Fig. 11(c)).
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(a) Dimpling failure

(b) Initiation of transverse splitting following dimpling

(c) Transverse splitting failure
Figure 11: Different types of failures in drape curved claddings under static uplift loading
3.2 Fatigue failure
Fatigue failure starts with dimpling and splitting failure which is the same failure pattern as observed in
static tests. However, at higher loads, different crack patterns were observed in cyclic tests. A crack initiates, if
the length of the crack is more than 1 mm in either direction (X or Y). The numbers of load cycles for crack
initiation and for ultimate failure may not necessarily be for the same fastener in the cladding . It is expressed as
the threshold numbers of load cycles for crack initiation and ultimate failure of any one of the four fasteners i.e.
F 1 -F 4 , as shown in Fig. 2(a) in each test. Fig. 13 characterizes the number of load cycles at which different types
of failures are initiated and the maximum pressure at failure is recorded. The different types of failures in cyclic
tests are discussed below:
3.2.1 Dimpling failure
For cyclic tests, dimpling failure (see Fig. 13) occurred at number of load-cycles less than 3500 and at a
minimum pressure of 2.58 kPa. Fig. 12(a) shows the picture of dimpling failure occurred in cyclic tests for DCRS2000-t0.55. Cladding deflection was linear up to a wind pressure of 1.6 kPa, after which non-linear behaviour
was observed i.e. the longitudinal and transverse bending was observed near the fastener hole. The bending
action resulted in large cross sectional deformation around the fastener holes, when the wind pressure was
increased up to 2.58 kPa, leading to the dimpling failure of cladding profile.
3.2.2 Splitting failure
When the wind load was increased beyond 5.42 kPa for cyclic tests, the cladding profile started splitting
in both X and Y directions around the fastener hole (see Fig. 12(b)). As a result of this, the fastener load in X
direction (F X ) increased by around 16%. The longitudinal and transverse strains were recorded from the strain
gauges installed near the fastener holes to develop a suitable strain criteria for drape curved steel claddings (see
Fig. 12(c)). Two dimensional splitting of drape curved steel claddings occurred at load cycles in the range of
5500 to 10000, as shown in Fig. 13. As expected, splitting failure was observed for DCR-S800-t0.55, DCRS1200-t0.55 and DCR-S1500-t0.55 at the highest load ratio (0.5).
3.2.3 T-type cracks
T-type cracks were initiated near the screw head of the fastener in the cladding profile under sinusoidal
loading (cyclic loading). T-type cracks are shown in Fig. 12(c). X and Y fastener loads i.e. F X and F Y varies
linearly up to 3.5 kPa, after which non-linear behaviour was observed until T-type cracks were formed. T-type
cracks were formed in between the load-cycles of 4500 and 8,200 for DCR-S1500-t0.55 and DCR-S2000-t0.55
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The load ratio (R) was in the range of 0.1 to 0.3 for DCR-S1500-t0.55, while for DCR-S1500-t0.55, the load
ratio (R) was from 0.3 to 0.5. From the strain gauge readings, it was observed that, the strain values were
increased linearly up to a pressure of 3.5 kPa, after which longitudinal strain values increases in a much faster
rate than transverse strain around the fastener hole, leading to pulling over of drape curved steel cladding in the
form of T-type cracks. T-type cracks were formed in a pressure range of 3.87 to 4.28 kPa.
3.2.4 Star-type cracks
Star-type cracks were formed in the drape curved steel claddings under cyclic loading, at the screw hole
as shown in Fig. 12 (d). Star-type cracks formed at higher pressure than T-type cracks (in between 4 to 5 kPa).
Longitudinal and transverse strain values were measured with the help of strain gauges, which were installed in
the cladding, near the screw head (see Fig. 12(d)). Most of the star-type cracks were formed at number of load
cycles in between 10000 to14000 for DCR-S500-t0.55, DCR-S800-t0.55 and DCR-S1200-t0.55, when the load
ratios (R) were in the range of 0.1 to 0.3.
3.2.5 O-type cracks
O-type cracks were observed in the cladding near the vicinity of screw head under cyclic loading. Ocracks were formed at much higher wind-uplift pressure than for star-type crack patterns i.e. in the range of 4.46
kPa to 7.36 kPa (see Fig. 13). Number of load cycles were also the highest (from 14000 to 17000) for O- type
cracks to be formed. DCR-S500-t0.55 and DCR-S800-t0.55 showed this type of cracks during cyclic tests. For,
DCR-S500-t0.55, load ratio (R) was in range of 0.3 to 0.5 (maximum), while for DCR-S500-t0.55, O-type crack
was observed at load ratio (R) of 0.4. The lateral loads F X and F Y increased linearly with pressure and increasing
number of load-cycles until the O-type crack was formed (see Fig. 12(e)). However, non-linear variation of X
and Y fastener loads were observed during the growth of crack as number of load cycles go past 14225.

(a) Dimpling failure

(b) Splitting failure

(c) T-type crack
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(d) Star-type crack

(e) O-type crack
Figure 12: Different types of failures and cracks patterns in drape curved claddings under and cyclic loading
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Figure 13: Maximum uplift pressure versus the number of load cycles for different types of failure patterns in
cyclic tests
4. Conclusions
This paper has presented the details of an experimental investigation into the pull-through failure
mechanisms of crest-fixed drape curved cold-formed steel claddings, commonly used in New-Zealand, under
wind uplift/suction pressure loading. The results from more than 30 full scale pressure-box tests on drape curved
cladding profiles have been used to characterize the localised pull-through failures under both static and cyclic
wind uplift pressure loading. The material properties of the claddings were determined using tensile coupon tests
while their initial geometric imperfections were measured using a laser scanner. The imperfection values would
be used in the finite element model to be developed for such claddings under wind uplift loads. The paper also
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discusses the static and fatigue behaviour of drape curved cladding assemblies in terms of localised dimpling,
transverse splitting, crack initiation and different types of cracks at failure. The results reported in this paper
show that the crest-fixed drape curved steel cladding assemblies are also subjected to localised dimpling and/or
cracking around the screw fastener holes leading to pull-through failures under wind uplift loading. Unlike
corrugated and trapezoidal profiles, drape curved claddings showed T- and O-type cracks under cyclic loading.
The screw fastener reaction at the critical supports were determined using 3-axis load cells and it was
found that the lateral loads are also important along with the vertical uplift loads as they contributed to the
different failure patterns, i.e. dimpling, transverse splitting, non-uniform crack growth. The critical central
fastener loads could not be predicted accurately using the simple engineering formulae available in the literature
unless appropriate modifications are made to the reaction coefficient. With suitable modification to the reaction
coefficient, the design equation is only 5% conservative with respect to the experimental results.
5. Future work
The first author is currently developing a numerical model to investigate the different parameters affecting
the pull-through failure of drape curved cold-formed steel claddings subjected to static and cyclic wind uplift
loads. A second focus is to consider the effect of fluctuating cyclic wind uplift loading as generated by actual
winds. It is important to determine the influence of fluctuating wind loading on the pull-through mechanism of
drape curved claddings. A splitting criterion is to be developed to include in the numerical models. Ongoing
work will aim to develop better design methods for drape curved roof cladding used in New Zealand.
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A Finite Element Study of Corrugated Steel Deck Subjected to
Concentrated Loads
Vitaliy V. Degtyarev1
Abstract
An extensive parametric study was initiated to get a better understanding of steel
deck behavior under concentrated loads and to develop design recommendations
for a wide range of deck profiles. This paper presents first results from the study
related to 1.5-in. deep roof decks of types B and F. The study was performed on
non-linear finite element models of deck validated against available test data.
Deck gage, span length, span condition, concentrated load locations along and
across the deck span were varied in the study. The observed deck behavior under
concentrated loads, as well as the effects of the studied parameters on the effective
distribution widths governed by the deck strength and stiffness, was presented and
discussed. Design equations for predicting the effective distribution width for the
studied deck profiles were presented.
Introduction
In modern construction, mechanical, electrical and plumbing (MEP) components
are often suspended directly from corrugated steel deck and induce heavy
concentrated loads to it (Fig. 1). Design of the deck for concentrated loads requires
knowledge of load distribution across the deck panels, published information on
which is very limited.
Johansson (1986) proposed a simple analytical model for computing bending
moments and deflections of single- and double-span trapezoidal profiles under a
point load applied at the mid-span of the deck. Deck deflections and strains
predicted by the proposed model were compared with those obtained
experimentally for nine different deck types; and a fairly good agreement was
reported. However, it was pointed out that the model calibration against the test
data might be required. The laboratory tests showed that nearly only the loaded
1

Design and Research Engineer, New Millennium Building Systems, LLC,
Columbia, SC, USA
729

730

flute and two adjacent flutes of the deck are active in carrying the concentrated
load applied at the deck mid-span.

Fig. 1. MEP components suspended from steel roof deck
The behavior of simply supported 1.5-in. (38 mm) deep steel deck of type B with
plywood overlay was studied experimentally at the University of Missouri-Rolla
(Bahr 2006). Several parameters were varied in the study, such as: deck steel
thickness, plywood thickness, the load bearing plate size, the point load location
along the deck span, as well as attachments of the plywood to the deck and the
deck to the supports. Design recommendations for predicting transverse
distribution width for the studied deck-plywood assemblies were developed.
Šorf and Jandera (2017) reported results of experimental and finite element (FE)
studies of trapezoidal deep decks with hanging loads applied to the deck webs.
Formulas for predicting hanging load distribution between the loaded and
adjacent deck flutes were proposed. It was concluded that the developed formulas
provided good and safe results for the load located at the mid-span. The formulas
gave more conservative results for the load located at L/7 from the support. It was
also concluded that FE model can predict the deck behavior under concentrated
loads reasonably well.
A user note in ANSI/SDI RD-2017 gives the following guidelines for the
transverse distribution width of a concentrated load in the middle half of the span
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of a 1.5-in. (38 mm) deep deck: the load footprint width plus 12 in. (300 mm) but
not less than 18 in. (460 mm) distribution width. The standard references SDI
RDDM1 (2012) for more information. SDI RDDM1 presents equations for
determining the transverse distribution width for the 1.5-in. (38 mm) deep decks,
which are functions of concentrated load location along the deck span and the load
footprint width. The SDI RDDM1 equations were developed based on the
University of Missouri-Rolla study (Bahr 2006), where the concatenated load was
applied through plywood overlay. The applicability of the equations to the loads
applied directly to the deck is questionable.
Several deck manufacturers have ICC-ES evaluation reports for wedge hangers
installed into re-entrant steel deck profiles. The evaluation reports contain
allowable hanging loads for different deck types, which are based on physical
testing in accordance with ICC-ES AC379.
The presented literature review shows that research on this subject is scarce; and
design recommendations are limited. To get a better understanding of the steel
deck behavior under concentrated loads and to develop design recommendations
for a wide range of steel deck profiles, an extensive numerical parametric study
was initiated. This paper presents first results from the study related to 1.5-in. (38
mm) deep roof deck profiles of types B and F. The study was performed on nonlinear FE models of steel deck validated against available test data. In addition to
the deck type, the following parameters were varied in the study: deck gage, deck
span length, deck span condition and concentrated load locations along and across
the deck span.
Finite element model
Nonlinear three-dimensional FE models of different steel deck profiles were
developed in ANSYS using 4-node structural shell elements SHELL181 with the
elastic-perfectly plastic bilinear isotropic hardening material behavior (BISO)
using von Mises plasticity. An elastic modulus of 29500 ksi (2.03×105 MPa) and
a Poisson’s ratio of 0.3 were used for the deck. The models were discretized with
quadrilateral meshes. The mesh density was selected based on convergence
studies. The deck boundary conditions represented those in real structures.
Vertical translations of all bottom flange nodes at the locations corresponding to
the deck supports were restrained. In addition, longitudinal and transverse
translations of one node of each bottom flute were restrained at the deck support
locations to model deck attachments to supports.
The elastic buckling analysis was performed to obtain the elastic shear buckling
mode of the deck, which was used for modeling the initial geometric imperfection
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of the deck. The initial geometric imperfection magnitudes of 0.15t, 0.64t and
btf/150 recommended by Camotim and Silvestre (2004), Schafer and Pekoz
(1998), and Keerthan and Mahendran (2011), respectively, were considered. The
studied imperfection magnitudes showed no significant difference in the behavior
and strength of the deck under concentrated loads. Therefore, the initial geometric
imperfection magnitude of 0.64t was used in the study. The deck models were
loaded by imposed vertical displacements applied in small increments to the node
coinciding with the concentrated load location.
The developed models were validated against allowable concentrated loads for
wedge hangers published in ICC-ES evaluation report ESR-3477 (2017). The
ESR-3477 allowable loads were obtained from physical tests by dividing the
maximum load supported by the deck by a safety factor of five. Therefore, the
allowable concentrated loads from the report were multiplied by five and
compared with the maximum load obtained from the FE analyses. The
comparison results presented in Table 1 show that the developed models predicted
the test results reasonably well.
Table 1. Model validation results
Deck Type

Gage L, in. (mm)
31 (787)
20
144 (3658)
31 (787)
Versa-Dek S
18
165(4191)
Acoustical
31 (787)
16
189 (4801)
31 (787)
20
228 (5791)
31 (787)
Versa-Dek 3.5
18
LS Acoustical
240 (6096)
31 (787)
16
261 (6629)

Pa, lbs (N)
171 (761)
51 (227)
266 (1183)
94 (418)
334 (1486)
153 (681)
186 (827)
53 (236)
360 (1601)
121 (538)
521 (2318)
225 (1001)

Pn, lbs (N)
855 (3803)
255 (1134)
1330 (5916)
470 (2091)
1670 (7429)
765 (3403)
930 (4137)
265 (1179)
1800 (8007)
605 (2691)
2605 (11588)
1125 (5004)

PFEA, lbs (N)
1022 (4546)
206 (916)
1471 (6543)
580 (2580)
1972 (8772)
764 (3398)
1010 (4493)
222 (988)
1853 (8243)
665 (2958)
2846 (12660)
1094 (4866)
MIN
MAX
MEAN
COV

PFEA/Pn
1.20
0.81
1.11
1.23
1.18
1.00
1.09
0.84
1.03
1.10
1.09
0.97
0.81
1.23
1.05
0.126

Parametric study
The parametric study described in this paper was performed on FE models of 1.5in. (38 mm) deep roof decks of types B and F shown in Fig. 2. A preliminary study
showed that the profile corner radii had negligible effects on the deck strength and
behavior under consternated loads. Therefore, the corner radii were not included
into the models.
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a)

b)

Fig. 2. Studied a) type B and b) type F decks with point loads at different
locations across the deck span (bottom flange, web and top flange)
The following parameters were varied in the models:
- deck steel thickness: 22GA (0.0295 in. (0.75 mm)); 18GA (0.0474 in.
(1.20 mm)); and 16GA (0.0598 in. (1.52 mm));
- deck span condition: single and triple;
- deck span: 3 ft (914 mm), 6 ft (1829 mm), and 9 ft (2743 mm);
- concentrated load location along deck span:
o L/8, L/4, 3L/8, and L/2 for single spans;
o L/8, L/4, 3L/8, L/2, 5L/8, 3L/4, 7L/8, 9L/8, 5L/4, 11L/8 and 3L/2
for triple spans;
- concentrated load location across deck span: at the bottom flange, at the
top flange and at the web.
Concentrated loads were applied at the center of the panel width as shown in Fig.
2. The FE models were as described in the previous section with the yield stress
of 40 ksi (276 MPa). The top flanges and webs of the models were discretized
with eight and four elements, respectively. The bottom flanges of the B and F
decks were meshed with four and two elements, respectively. The length of the
shell elements along the deck span were 1.5 in. (38 mm) in all models. The
analyses were performed as described in the previous section.
Behavior of steel deck under concentrated loads
Figure 3 shows typical load-deflection curves for a 0.0474-in. (1.2 mm) thick B
deck of different spans subjected to concentrated loads applied at different
locations along and across the deck span. The typical structural response of the
deck is characterized by an initial elastic phase, followed by a non-linear plastic
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phase, and finally by a hardening phase due to the membrane action. As known
from the large-deflection theory of thin plates (Ventsel and Krauthammer 2001),
the membrane action (that is, tension of the plate middle surface) becomes
comparable with the bending action when the plate deflection reaches the order
of the plate thickness. Further increase in the plate deflection makes the membrane
action predominant. The structural response of the deck presented in Fig. 3, shows
that the membrane action in the corrugated steel deck becomes predominant when
the deck deflections were in the order of the deck height.

Fig. 3. Load-deflection curves for type B deck
As can be seen from Fig. 3, steel deck can support very heavy concentrated loads
when the membrane action occurs. However, to allow for the membrane action,
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the membrane forces shall be considered in the design of the deck connections to
the supporting members, as well as in the design of the supporting members,
which is not typically done in the engineering practice. Therefore, in this study,
the maximum concentrated load that can be supported by the deck was limited to
the load at the hardening phase onset. Figure 3 also shows that the structural
response of the deck depended on the location of the point load along and across
the deck span, as well as on the deck span length.
Effective transverse distribution width of a concentrated load
The effective transverse distribution widths for each analyzed model were
determined using maximum concentrated loads from the FE analyses and section
properties of the deck. The effective distribution widths governed by deck
strength and stiffness were considered. The positive moment capacity of the deck
controlled the maximum load applied to the deck. Therefore, the effective width
governed by the deck strength was determined using Eq. (1) based on the deck
positive moment capacity. The effective width governed by the deck stiffness was
determined from Eq. (2) using deck deflection under the concentrated load
corresponding to 60% of the maximum load.
⁄(
=
(∆) = ∆ (0.6

)
−
)⁄ ∆ (0.6

)−∆

(1)
(2)

Effects of parameters
Figures 4 and 5 show plots of the effective transverse distribution width versus
the relative point load location along the deck span for single and triple span
decks, respectively. For all considered cases, the effective distribution width
increased when the point load location approached the mid-span of the deck.
Concentrated loads distributed over wider widths for the decks with longer spans
and thicker base steel. These results were expected based on the available
information about concentrated load distribution in composite deck slabs
(ANSI/SDI C-2017).
Figures 4 and 5 show that the load location across the deck span significantly
affected the effective distribution width. Wider distribution widths were obtained
for the load applied at the deck bottom flange, followed by the load applied at the
deck web. Smaller distribution widths were obtained for the load applied at the
deck top flange.
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Fig. 4. Effect of point load location along deck span on effective distribution
width for single span deck
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Fig. 5. Effect of point load location along deck span on effective distribution
width for triple span deck
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Two factors are deemed to play key roles in the effective width reduction for the
load at the deck top flange: the effect of the web crippling and moment interaction,
and the local bending of the deck top flange. When a concentrated load is applied
at the top flange, significant local compression stresses are induced in the deck
webs, especially when the load is located near the deck support, which may result
in significant moment and web crippling interaction. The deck moment capacity
and the effective distribution width reduce as a result of the interaction. The top
flanges of the considered profiles were wider than the bottom flanges. A heavy
concentrated load applied to the deck top flange caused the top flange local
bending, which resulted in the section depth reduction at the point load location
and contributed to the local buckling strength reduction of the compressed top
flange of the deck.
The distribution widths for the loads applied at the bottom flanges were greater
than those for the loads applied at the web because the loads were distributed to
two deck webs through relatively narrow deck bottom flanges. The rigid (for inplane bending) deck webs transferred the concentrated loads further across the
deck panels. When a load was applied at the web, it was distributed through the
relatively wide and flexible top flange of the deck, whose bending stiffness and
the ability to distribute concentrated loads across the deck panel are limited.
The effective distribution widths of the concentrated loads applied to type F deck
were generally greater than those for type B deck. It was also found that the
effective transverse distribution widths governed by strength may differ
significantly from the effective distribution widths governed by stiffness. The
effective distribution widths governed by stiffness were considerably smaller than
the effective widths governed by strength in many cases.
Design equations for predicting effective transverse distribution width
Shapes of the curves shown in Figs. 4 and 5 imply that the obtained effective
distribution widths could be described by a parabolic function of the load location
along the deck span represented by Eq. (3). To capture the effects of deck
thickness and span length observed in the study, the coefficient k in Eq. (3) was
expressed through those parameters by Eq. (4).
= (1 − ⁄ ) ⁄
(3)
)(
),
+
+
(4)
=(
where ≥ 0.5 in. (12.7 mm) for the effective width governed by stiffness.
,
,
and
were determined using a nonlinear
The coefficients
regression analysis of the FE simulation results. Different deck types, different
point load locations across the deck span and different span conditions were
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considered separately. Values of the coefficients obtained from the regression
analysis are given in Table 2. Comparisons of the effective transverse distribution
widths from the FE simulations and calculated using Eq. (3) are shown in Fig. 6
a) and b) for the effective widths governed by strength and stiffness, respectively.
The comparisons show that Eq. (3) can predict the effective widths reasonably
well, but it tends to underestimate the effective distribution widths of the
concentrated loads located near the supports.
Table 2. Coefficient values in Eq. (4)
Load
Deck
Span
Governed by Strength
Governed by Stiffness
Type Condition1) Location2)
B
S
B
24.16
1.88
1.64
16.68 19.49
2.66
3.33
-5.50
B
S
T
34.65
1.37
2.01
5.50
37.23
3.21
2.05
-4.20
B
S
W
38.55
1.55
2.46
3.51
29.68
2.57
2.56
-0.02
B
T-E
B
41.43
3.45
0.94
10.02 14.22
2.53
3.17
-6.06
B
T-I
B
20.54
2.54
1.22
18.54 10.43
2.35
3.30
-6.77
B
T-E
T
33.54
2.20
1.39
7.02
28.90
1.36
3.11
-7.43
B
T-I
T
19.51
1.53
2.06
11.25 28.20
1.54
2.68
-6.74
B
T-E
W
28.27
1.61
2.35
6.13
25.61
2.15
2.86
-1.56
B
T-I
W
23.35
1.76
2.22
7.74
31.25
2.45
2.41
-1.90
F
S
B
31.23
2.65
1.66
15.47 26.76
2.52
3.36
1.95
F
S
T
36.61
1.13
2.9
8.81
41.9
1.79
3.42
-7.53
F
S
W
46.69
2.03
2.48
6.9
29.79
2.34
3.46
-0.14
F
T-E
B
27.26
2.23
1.36
19.56 21.84
2.59
3.12
1.04
F
T-I
B
23.18
2.69
0.76
21.22 18.63
2.52
3.21
0.5
F
T-E
T
35.58
1.92
1.67
9.11
35.11
1.22
3.56
-8.1
F
T-I
T
32.6
2.06
1.45
10.05 29.23
1.03
3.78
-9.1
F
T-E
W
57.75
1.88
1.92
7.42
25.24
2.42
3.16
-1.31
F
T-I
W
32.23
1.28
3.04
12.98
22.6
2.23
3.24
-1.91
Notes: 1) S = single span; T-E = triple exterior span; T-I = triple interior span.
2) B = bottom flange; T = top flange; W = web.

The effective transverse distribution width can be better approximated by a quartic
function described by Eqs. (5)-(8) with the coefficients as shown in Table 3.
Comparisons of the effective transverse distribution widths from the FE
simulations with those predicted by Eqs. (5)-(8) are shown in Fig. 6 c) and d). The
comparisons demonstrate that Eqs. (5)-(8) provide better approximations of the
effective transverse distribution widths from the FE simulations when compared
with Eqs. (3) and (4).
= ( ⁄ ) + ( ⁄ ) + ( ⁄ ) − ( + + )( ⁄ )
)(
)
=(
+
+
)(
)
=(
+
+
)(
)
=(
+
+
where ≥ 0.5 in. (12.7 mm) for the effective width governed by stiffness.

(5)
(6)
(7)
(8)
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Table 3. Coefficient values in Eqs. (6)-(8)
Deck
Type

Span
Load
Condition1) Location2)

Governed by Strength
-6.36
0.37 -129.97 -5.82
5.71 -15.07 -85.59 -6.34
2.69 17.88 -47.88 -3.42
-5.60 -5.06 -96.81 -6.16
-5.40 -3.18 -25.25 -11.01
3.72 -15.28 171.62 6.42
4.36 -11.44 101.47 6.20
-4.54 -0.97 -90.08 -1.22
2.98
-6.97 110.74 4.91
-5.78 -16.67 -179.97 -2.92
5.97 -20.59 -130.57 -6.15
3.79 26.06 -31.74 -7.07
-2.63 -37.69 72.18 6.41
-2.65 -52.24 -26.00 9.23
6.91 -27.36 46.78 10.99
4.46 -13.80 89.88 7.22
-5.58 -2.27 20.86 -8.93
4.07
-0.89 17.28 8.01
Governed by Stiffness
B
S
B
-42.68 -5.76
5.32 -23.28 -60.77 -7.96
B
S
T
-164.74 -7.57
1.65
-8.76 254.74 13.02
B
S
W
-84.85 -4.21
8.29 -18.38 -107.16 -5.21
B
T-E
B
24.33 4.86
-4.59 21.32 -38.63 -7.19
B
T-I
B
-71.32 -10.2
1.56
-7.88 107.51 16.26
B
T-E
T
6.33
5.00
-2.44 12.52 -31.59 -6.93
B
T-I
T
-33.20 -1.81
1.35 -13.50 -54.00 -2.84
B
T-E
W
-109.49 -2.69
7.18 -17.22 -130.84 -3.24
B
T-I
W
-112.55 -1.57
7.53 -19.37 -144.18 -1.97
F
S
B
-11.09 -7.96
9.09
-8.65 -14.24 -10.27
F
S
T
-102.98 -2.51
4.57 -20.68 -152.48 -3.95
F
S
W
-105.36 -4.62
8.55 -17.11 -132.53 -5.78
F
T-E
B
-69.31 -7.41
7.44 -14.10 -81.74 -8.40
F
T-I
B
-97.38 -4.81
9.13 -21.03 -120.75 -5.94
F
T-E
T
97.10 1.95
-3.58 17.97 -135.63 -2.81
F
T-I
T
-141.25 -3.46
1.36
-7.98 237.12 6.20
F
T-E
W
-109.61 -3.40
8.21 -18.80 -134.69 -3.95
F
T-I
W
-108.61 -3.40
8.36 -22.69 -137.98 -4.29
Notes: 1) S = single span; T-E = triple exterior span; T-I = triple interior span.
2) B = bottom flange; T = top flange; W = web.
B
B
B
B
B
B
B
B
B
F
F
F
F
F
F
F
F
F

S
S
S
T-E
T-I
T-E
T-I
T-E
T-I
S
S
S
T-E
T-I
T-E
T-I
T-E
T-I

B
T
W
B
B
T
T
W
W
B
T
W
B
B
T
T
W
W

92.54
-61.77
-37.13
61.25
19.87
-123.77
-74.41
47.33
-80.81
125.62
-105.65
-22.89
44.41
-18.30
-12.18
-60.89
-17.17
-11.90

4.10
-4.56
-2.55
4.46
7.99
-3.80
-4.30
1.02
-3.60
2.07
-5.15
-4.98
4.51
6.50
-6.34
-5.30
5.95
-6.25

-8.99
-8.22
-4.06
-7.84
-7.91
5.03
6.20
-5.73
4.36
-8.12
-9.83
-5.33
3.76
3.73
7.47
6.35
-7.22
6.25

0.51
21.71
-27.17
-6.13
-4.60
-20.73
-16.26
-0.65
-10.20
-23.22
33.89
-37.04
50.75
73.57
-28.98
-19.66
-4.68
-1.17

100.15
-79.22
-49.63
85.02
23.42
-98.96
-70.57
-91.22
-72.21
141.64
-111.04
-42.78
75.67
-12.89
-75.15
-73.93
-13.89
-37.82

4.97
-5.14
-3.15
4.86
7.87
-5.40
-4.87
-1.38
-3.84
3.13
-4.55
-6.28
5.71
8.52
-7.15
-5.11
-6.20
-5.73

-7.24
6.52
4.05
-6.51
-7.02
5.03
5.66
4.83
4.58
-6.45
8.35
4.58
-3.13
-2.66
6.41
5.74
6.37
5.56

-4.84
-13.55
19.27
-9.73
-10.98
-16.09
-9.84
3.12
-5.60
-22.78
-23.29
26.88
-40.01
-55.35
-19.00
-11.68
10.10
4.20

-7.64 33.43 -72.17 -9.31
2.02 -10.73 -125.8 -8.79
-13.27 29.43 -105.08 -5.45
-6.22 28.20 -48.40 -8.37
1.98 -10.02 -51.74 -9.71
-3.24 15.63 -82.38 -6.18
-1.69 16.93 -72.52 -4.15
-11.87 27.92 -124.9 -3.85
-11.81 30.44 -152.71 -2.95
-14.10 13.42 -21.06 -8.87
-6.04 27.32 -185.98 -6.10
-13.64 27.30 -126.58 -5.99
-12.71 23.34 -70.75 -7.05
-14.75 34.00 -108.08 -6.02
-5.27 25.68 -172.41 -4.47
1.58
-9.30 -130.82 -4.26
-13.50 29.88 -131.77 -4.36
-13.19 35.82 -136.80 -5.05

4.89
2.77
8.93
4.22
2.88
2.62
1.74
7.85
7.13
10.79
3.61
9.41
9.91
10.36
3.28
2.47
8.93
8.45

-18.83
-12.48
-17.65
-16.13
-12.25
-9.87
-9.86
-16.17
-16.75
-8.31
-14.33
-16.72
-15.04
-21.46
-13.38
-11.51
-16.91
-20.97

Conclusions and future work
Strength and behavior of corrugated steel decks of types B and F subjected to
concentrated loads were studied on FE models. The developed non-linear FE
models were validated against available test data. The following parameters were
varied in the study: deck gage, span length, span condition, concentrated load
locations along and across the deck span. The observed deck behavior under
concentrated loads, as well as the effects of the studied parameters on the effective
transverse distribution widths governed by the deck strength and stiffness, was
presented and discussed. Design equations for predicting the effective distribution
width for the studied deck profiles were presented.
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Fig. 6. Comparisons of the effective distribution widths obtained from FE
simulations and calculated using developed equations: a) and b) Eq.(3) strengthand stiffness-controlled, respectively; c) and d) Eq.(5) strength- and stiffnesscontrolled, respectively
A numerical parametric study on the strength and behavior of different deck types,
including deep deck and dovetail-shaped deck profiles, subjected to concentrated
loads is currently underway. The developed design equations will be extended to
other studied deck profiles. An attempt will be made to simplify and generalize
the developed equations. An equivalent orthotropic shell model of corrugated
steel deck is planned to be developed to allow engineers to model corrugated steel
deck subjected to concentrated loads in general purpose structural analysis
software available to practicing engineers.
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Appendix. – Notation
effective transverse distribution width;
effective transverse distribution width governed by deck
positive moment capacity;
effective
transverse distribution width governed by deck
,
, .( )
positive moment capacity predicted by Eq. (3) and Eq. (5),
, .( )
respectively;
effective transverse distribution width governed by deck
,
positive moment capacity obtained from FE analysis;
(∆)
effective transverse distribution width governed by deck
deflection;
effective transverse distribution width governed by deck
, .( ) (∆),
deflection predicted by Eq. (3) and Eq. (5), respectively;
(∆)
, .( )
(∆)
effective
transverse distribution width governed by deck
,
deflection obtained from FE analysis;
deck top flange width;
btf
COV
coefficient of variation;
L
span length;
deck nominal moment capacity per one foot of width;
positive moment in deck due to
;
positive moment in deck at the point load location due to
the deck self-weight;
n
number of simulations;
P
concentrated load;
allowable concentrated load;
Pa
ultimate concentrated load obtained from FE analysis;
PFEA
nominal (ultimate) concentrated load;
Pn
maximum concentrated load from FE analysis;
t
deck base steel thickness;
coefficient of determination;
R2
x
coordinate of concentrated load along the deck span;
) deck deflection at the point load location due to the point
∆ (0.6
, obtained from FE analysis;
load of 0.6
)
deck deflection at the point load location due to the point
∆ (0.6
, obtained analytically for one foot wide
load of 0.6
deck strip;
theoretical deflection of one foot wide strip of deck at the
∆
point load location due to the deck self-weight.
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Stressed skin design of steel sheeting panels – Part 1: Shear
resistance and flexibility of screw lapped joints
A.M. Wrzesien 1, J.B.P. Lim 2, I.A. MacLeod3 & R.M. Lawson4
Abstract
The shear resistance and flexibility of a steel roof diaphragm depend largely on
shear resistance and slip flexibility of the single screw lap joint. In this paper,
screw connections relevant to modern roof construction are investigated. The
tests provided experimental values of shear/tearing resistance and joint
flexibility of seam connections, cladding/purlin connections and purlin/rafter
connections. The novel aspects of the experimental research include
investigation of the behaviour of shear connections in 0.5mm thick sheeting and
thick-to-thin connections in S550 high tensile steel. Overall, six series of tests
were conducted and each test was repeated five times in order to demonstrate a
scatter of test results. Test results were examined against existing semi-empirical
formulas for predicting the shear resistance of screw joints. It was demonstrated
that the design equation presented by Toma et al. (1993), without the additional
condition included in Eurocode 3, offers the closest prediction in terms of joint
shear resistance. In terms of joint flexibility, it was demonstrated that existing
formulas developed for bolted connection (Zadanfarrokh and Bryan (1992) and
Dubina and Zaharia (2006)) can be successfully used for screw connections.
The flexibility reduction factor npf=0.4 was also proposed to take account of
perfect fit screw connections.
Lecturer, School of Engineering & Computing, University of the West of Scotland, Paisley, UK
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3
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Introduction
The research on stressed skin action started at the University of Manchester in
late 1960’s proved that clad portal frames behave much differently from bare
frames due to the stiffening effect of the cladding diaphragm (Bates et al.
(1965)), Bryan and Mohsin (1972), Bryan (1973). The main motivation for this
research was that, due to the introduction of higher grades of steel, portal frames
had become more flexible. Depending on the ratio of the frame to cladding
stiffness, the load is redistributed between adjacent frames and in some design
cases, the failure can occur in the cladding first, rather than in the frame itself.
Stressed skin design was extensively researched and published by Bryan (1973)
and design recommendations were first presented in the ‘European
recommendations for the stressed skin design of steel structures’ ECCS - XVII 77-1E (1977). This document formed the foundation for later publications such
as: ‘Manual of stressed skin diaphragm design’ Davies and Bryan (1982), BS
5950-9 (1994), ECCS TC7 (1995) and subsequently Eurocode 3 BS EN 19931-3 (2006).
The shear resistance and flexibility of a steel diaphragm depend largely on shear
resistance and slip flexibility of the single fastener lap joint. Some of the
diaphragm failure modes and deformations which are a result of the behaviour
of the screw connection are presented in Figure 1.
In practice, the mechanical characteristic of each joint could be established
experimentally. However, design shear values for some popular fasteners are
presented in Table 5 of BS 5950-9. A considerably larger database on the
subject of resistance and slip of different fasteners can also be found in Davies
and Bryan (1982) and Baehre and Ladwein (1994). Fan et al. (1997) focused on
predicting the shear behaviour of single screw lap connections using Finite
Element Analysis (FEA). Generally, good agreement between analytical and
experimental results was observed but due to the complexity of the model, its
computational effort/cost may exceed the cost of testing.
Roof systems are consistently evolving often leaving existing standards out-ofdate. In this paper screw connections relevant to modern roof construction are
investigated. The novel aspects of the experimental research include
investigation of the behaviour of shear connections in 0.5mm thick sheeting and
shear connections in S550 high tensile steel.
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a) Seam fasteners

b) Sheet/shear connector fasteners

c) Sheet/purlin fasteners ( 4 sides
fastened)

d) Sheet/purlin fasteners ( 2 sides
fastened)

Figure 1 Shear resistance and flexibility design issues according to BS 5950-9
(1994), pp.18
Single lap screw connections
Considering that the shear resistance and stiffness of the roof panel are largely
dependent on the ultimate resistance and flexibility of individual connections,
this section presents the component tests on connections used in full panel
assemblies. All the connections can be classified as single lap screw
connections. Parameters such as: thickness of the connected parts, grade of steel,
screw diameter, size and type of the washer, are expected to contribute to the
performance of such joints. For this reason, the analytical study is carried out
parallel with the experimental investigation to allow comparisons. In terms of
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establishing the slip in individual fixings, BS 5950-9 (1994) advises that this
parameter should be obtained experimentally for each particular connection.
In order to use the calculation method to predict the shear flexibility and the
shear resistance of the full-scale panel assembly, the shear characteristic of each
individual joint must be analysed. The typical shear panels contain the following
single lap connections:
a) Seam connection joining two adjacent sheets through the use of 6.3mm
stitching screws (see Figure 2a);
b) Cladding/purlin connection joining cladding profile and usually thicker
purlin member through the use of 5.5mm diameter screws (see Figure
2b);
c) Cladding/shear connector connection joining cladding profile and usually
thicker purlin member through the use of 6.3mm diameter stitching
screws (see Figure 2c);
d) The purlin/rafter connections shown in Figure 2d were made using four
6.3mm diameter frame screws.

a) Seam connection

c) Cladding/shear connector
Figure 2 Different types of connections

b) Cladding/purlin

d) Purlin/rafter
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Fasteners
The self-drilling, self-tapping screws were used in order to form a variety of
joints in the investigated shear roof panels. The screws are classified based on
the different joints they are used for and their dimensions are presented in Figure
3. Two different diameters are considered: 5.5mm and 6.3mm following the
industry standards. All the screws passing through the weather sheets contain
metal washers with EPDM rubber seals. The diameter of the washer was 16mm
for the single skin sheeting. The mechanical characteristics of each screw
including ultimate shear strength (Fv,Rd) and ultimate tensile strength (Fv,Rd), as
provided by the manufacturer, are presented in Figure 3.

ds - 6.3mm, ls – 25mm

ds - 6.3mm, dw – 16mm,
ls – 22mm

ds - 5.5mm, dw – 16mm
ls – 25mm

Fv,Rd =8.36kN

Fv,Rd = 12.70kN

Fv,Rd = 8.36kN

Ft,Rd = 14.10kN

Ft,Rd = 17.20kN

Ft,Rd =12.50 kN

a)Frame screw

b) Seam screw

c) Cladding screw

Figure 3 Dimensions and mechanical properties of screws
Lap joint testing methodology
In order to establish shear characteristic of different lap joints the testing
procedure described in Section 11 of BS 5950-9 (1994), using two fasteners per
lap joint, was adopted. The details of the test arrangement are presented in
Figure 4. For these tests, the standard Zwick Roell tensile machine was used.
The displacement between two points outside the jointed part was measured by a
set of LVDTs. The load was applied to the specimen continuously at a rate of
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0.01mm/s to meet standard requirements. The load and a corresponding slip of
the joints were logged during the experiment. The relationship between total
load (FT) and average slip (s) was then plotted. Each type of joint was tested 5
times in order to carry out a statistical analysis.
The test tearing resistance of the joint (F) was established as the maximum test
load (FT) for a slip value less or equal to 3mm. By following this procedure the
serviceability requirement proposed in ECCS TC7 TWG 7.10 No.124 (2009) is
also incorporated. The characteristic tearing resistance of the joint was
calculated according to the equation:
Fk = Fm – kSD
Where:
Fm – mean value of the experimental tearing resistance F1…Fi
k – coefficient based on the number of tests
SD – standard deviation according to BS 5950-9 (1994) pp. 59

d) Test arrangement after BS 5950-9 (1994) pp. 59
Figure 4

Single lap screw joint – test arrangement

e) Photograph of the
test in progress

(1)
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The design tearing resistance of the joint was calculated from:
Fd = Fk /1.11
Where:
Fk – characteristic tearing resistance
1.11 – partial factor of safety according to BS 5950-9 (1994)

(2)

The joint flexibility was taken from the experimental plot as a mean value of the
displacement at the serviceability load, which is approximately 60% of the
characteristic tearing resistance according to the equation:
(3)
s = mean (s1/0.6Fk,… si/0.6Fk)
Where:
s1…i – the displacement measured at 0.6Fk for each individual test
It should be noted that two fastener joints were tested therefore the characteristic
tearing resistance (Fk) obtained from the test was divided by two for a single
fastener joint.
Test series
Generally, three different lap joints were investigated each one of them in two
thicknesses of steel. The steel pieces for a lap joint tests were cut out from the
formed sheeting profiles or rectangular test pieces were provided by the
manufacturer whenever geometry of the section did not permit cutting the
specimen. This was done so an accurate shear characteristic of different
connections, can be obtained. Overall, six series of tests were conducted, as
described in Table 1, along with the characteristic of each component. Each test
was repeated five times, however in two tests data became corrupted and final
results had to be calculated based on four test in these series. The thickness t1 is
the thickness of steel piece in contact with the head of the screw and the
thickness of the steel piece away from the head is denoted t2. Generally, two
steel sheets of 0.5 and 0.7mm nominal thickness were investigated. The 0.5 and
0.7mm thick coil finished with leather-grain embossed PVC (Plastisol), were
used for all of the tested weather sheets. The description of the steel used for
sheeting profiles is presented in Table 2 including the net thickness of the steel
core (tcor) and mechanical properties of the steel based on the average values
obtained from Mills Test Certificates. The mechanical properties of galvanised
steel pieces of 1, 2 and 3mm thickness were established experimentally using
standard coupon tests according to BS EN 10002-1:2001 (2001) (see Table 2).
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Table 1

Summary of tested components
Steel pieces

Test
series

No.
of
tests

Grade of
steel –
bottom
piece

t2

Grade of
steel – top
piece

mm

Fastener
t1

Type

mm

ds

dw

mm

mm

S1/0.5/0.5

5

S250GD
+AZ1503

0.5

S250GD
+AZ1503

0.5

SS

6.3

16

S2/0.7/0.7

5

S250GD
+AZ15033

0.7

S250GD
+AZ1503

0.7

SS

6.3

16

S3/1.0/0.7

4*

S550GD
+AZ1503

1.0

S250GD
+AZ1503

0.7

CS

5.5

16

S4/2.0/0.7

5

S350GD
+Z2753

2.0

S250GD
+AZ1503

0.7

CS

5.5

16

S5/2.0/1.0

5

S350GD
+Z2753

2.0

S550GD
+AZ1503

1.0

FS

6.3

-

S6/3.0/1.0

4*

S350GD
3.0
S550GD
1.0
FS
6.3
+Z2753
+AZ1503
* − data logger malfunction the slip data not available, SS – seam screw, CS – cladding
screw, FS – frame screw, 3 BS EN 10326:2004 (2004)

Table 2

Mechanical characteristic of the steel test pieces

Steel coil type

t

tcor

fy,nom

fu,nom

fy

fu

mm

mm

N/mm2

N/mm2

N/mm2

N/mm2

0.5mm Plastisol

0.5

0.48

250

330

334

405

0.7mm Plastisol

0.7

0.65

250

330

301

380

1.0mm galvanised

1.0

0.96

550

560

580

599

2.0mm galvanised

2.0

1.96

350

420

398

514

3.0mm galvanised

3.0

2.96

350

420

383

483

fy,nom – nominal yield strength, fy – actual yield strength, fu,nom – nominal ultimate tensile
strength, fu,– actual ultimate tensile strength
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The tests provided experimental values of shear/tearing resistance and joint
flexibility of seam connections, cladding/purlin connections and purlin/rafter
connections.
Test results

Each series contained 5 tests on the same type of joint however on two
occasions malfunctions of the data logging system occurred thus the
experimental values in series 3 and 6 were derived based on 4 tests. Generally,
the same mode of failure was observed in every joint named by ECCS TC7
TWG 7.10 No.124 (2009) as bearing and tilting (B+T). The failure mechanism
is shown in Figure 5.

a) Tearing of material and the hole
elongation
Figure 5

b) Screw tilting

Single lap screw joint – shear mode of failure

Typical load-slip relationships obtained from 5 tests of series S1/0.5/0.5 are
presented in Figure 6. The mean (Fm), characteristic (Fk) and design values (Fd)
of tearing resistance along with slip flexibility value were calculated using Eq.
(1) and Eq. (2). The joint contained two steel plates of 0.48mm thickness and
two screws of 6.3mm diameter. Similar to the test results presented by Fan et al.
(1997) significant scatter of test results from the same joints were reported, both
in terms of resistance and flexibility. The test results from the remaining 5
series were post-processed in the same way and are summarised in Table 3. In
the case of series 4 and series 5, one out of 5 tests showed greater slip within the
serviceability range of deflections which influenced the mean value.
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Figure 6

Test series S1/0.5/0.5

Table 3

Experimental shear resistance of the a single fastener connection

Test
series

Sheet remote from the
screw head

Sheet in contact with the
screw head

Resistance

t2,cor

fy

fu

t1.cor

fy

fu

Fmin

Fk

Fmax

mm

N/mm2

N/mm2

mm

N/mm2

N/mm2

kN

kN

kN

S1/0.5/0.5

0.48

334

405

0.48

334

405

0.94

0.81

1.23

S2/0.7/0.7

0.65

301

380

0.65

301

380

1.56

1.30

2.07

S3/1.0/0.7

0.96

580

599

0.65

301

380

2.56

1.90

3.28

S4/2.0/0.7

1.96

398

514

0.65

301

380

2.64

2.16

3.42

S5/2.0/1.0

1.96

398

514

0.96

580

599

5.36

4.67

6.90

S6/3.0/1.0

2.96

383

483

0.96

580

599

8.02

7.07

9.07

Experimental results versus analytical methods
Many semi-empirical formulas for predicting the shear resistance of screw joints
have been presented i.e. Baehre and Berggren (1973), ECCS TC7 No. 21
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(1990), Peköz (1990), Toma et al. (1993), BS 5950-5 (1998) and BS EN 1993-13 (2006). In this section, only three of those formulas will be considered:
1) Baehre and Berggren (1973)
Pv,Baehre = K1(d+10)(t12+0.22)fu

Where:
K1=0.156[(t2/t1)-1] 2+ 0.35 if t2/t1< 2.5
if t2/t1 ≥ 2.5
K1=0.7
d – screw diameter (mm)
t1 - thickness of the thinner sheet in contact with the screw head (mm)
t2 – thickness of the thicker sheet remote from the screw head (mm)
fu – ultimate tensile strength of the thinner sheet

(4)

2) ECCS TC7 No. 21 (1990) and BS 5950-5 (1998)
Pv,BS = K1fy
Where:
if t2/t1=1
K1=min(3.2(t13d)0.5, 2.1t1d)
if t2/t1 ≥ 2.5
K1=2.1t1d
K1= from linear interpolation if 1< t2/t1<2.5
fy – design yield stress of the thinner sheet

(5)

3) Toma et al. (1993) and BS EN 1993-1-3 (2006)
Pv,EC = K1t1dfu
Where:
if t2/t1=1
K1=min(3.2(t1/d)0.5, 2.1)
if t2/t1 ≥ 2.5 and t1<1mm
K1=min(3.2(t1/d)0.5, 2.1)
K1=2.1
if t2/t1 ≥ 2.5 and t1≥1mm
K1= from linear interpolation if 1< t2/t1<2.5

(6)

The shear resistance equations are based on the factor (K1) derived
experimentally for different thick/thin ratios. In fact the K1 factors in Eq. (5) and
(6) have the same numerical values. The other fundamental difference between
the equations is that Eq. (4) and (6) uses the ultimate tensile strength where Eq.
(5) uses design yield strength of the steel. In addition, in the latest Eurocode 3
design equation (Eq. (6)), a further condition is added in which a lower bound
value of strength is assumed if the thinner sheet thickness is less than 1mm. This
condition was not included by Toma et al. (1993) whose research formed the
base to the Eurocode 3 equation. For the tested lap joints, the analytical shear
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resistance was computed and is presented in Table 4 along with the mean and
characteristic values obtained in the experimental study.
Table 4

Experimental shear resistance versus analytical prediction
Experimental
values

Test
series

t2,cor/t1,cor

Analytical values

d

Fk

Fm

Baehre

BS

Toma

EC3

mm

kN

kN

kN

kN

kN

kN

S1/0.5/0.5

1.0

6.3

0.81

1.07

1.04

0.89

1.08

1.08

S2/0.7/0.7

1.0

6.3

1.30

1.87

1.39

1.27

1.60

1.60

S3/1.0/0.7

1.5

5.5

1.90

2.79

1.46

1.53

1.93

1.93

S4/2.0/0.7

3.0

5.5

2.16

3.00

2.65

2.26

2.85

1.49

S5/2.0/1.0

2.0

6.3

4.67

6.21

5.79

6.45

6.67

6.67

S6/3.0/1.0

3.1

6.3

7.07

8.36

7.80

7.37

7.61

4.53

The geometrical and material characteristics were presented in Table 3. As can
be seen, the design equation presented by Toma et al. (1993) and that published
in BS EN 1993-1-3 (2006) gives the same numerical values apart from joints
with a thickness ratio around 3. In this case, the shear resistance predicted by the
Eurocode is significantly reduced and this reduction is not confirmed by
experimental data.
There is no codified method to predict flexibility of the lapped joint
connection, but De Matteis and Landolfo (1999) suggested that the empirical
formula developed by Zadanfarrokh and Bryan (1992) can be used with
sufficient accuracy. The equation used to calculate the flexibility of the joint was
originally developed for bolted lap joints with slip due to tolerance of the holes.
Thus an additional flexibility reduction factor is considered following the
findings of Zadanfarrokh (1991). The self-drilling, self-tapping screw lap joint is
an example of perfect fit fastener joint. Two equations presented in the literature
are used to calculate the joint flexibility:
1) Eq. (7) by Zadanfarrokh and Bryan (1992) with flexibility factor n=5
cZad=5n (10/t1+10/t2 - 2) 10-3 (mm/kN)
where:
t1, t2 – thicknesses of the sheet of metal (t1 and t2 ≤ 8mm)
n - flexibility factor

(7)
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2) Eq. (8) by Zaharia and Dubina (2006)
k Zah = 6.8

D

5 5
 + − 1

 t1 t 2

(8)

(kN / mm)

where:
t1, t2 – thicknesses of the sheet of metal (2mm ≤t1 and t2 ≤ 4mm)
D – nominal diameter of the bolt
In both equations, an additional flexibility reduction factor npf=0.4 due to perfect
fit fasteners is proposed and a comparison of the mean experimental flexibility
versus analytical flexibility is presented in Table 5.
Table 5
Test
series

Experimental slip flexibility versus analytical prediction
t2,cor/
t1,cor

d

S1/0.5/0.5

1.0

mm
6.3

S2/0.7/0.7

1.0

6.3

S3/1.0/0.7

1.5

5.5

S4/2.0/0.7

3.0

5.5

S5/2.0/1.0

2.0

6.3

S6/3.0/1.0

3.1

6.3

Exp. values
s
(smin , smax)
mm/kN
0.41
(0.25,0.52)
0.29
(0.15,0.45)
0.34
(0.31,0.37)
0.33
(0.28,0.37)
0.18
(0.09,0.2)
0.09
(0.07,0.13)

Zadan.

Analytical values
Scatter
Zahar.

Scatter

mm/kN
0.40

%
3.3

mm/kN
0.46

%
-13.4

0.29

0.8

0.34

-16.2

0.24

30.0

0.30

12.2

0.18

44.0

0.23

29.7

0.14

24.9

0.16

12.0

0.12

-31.1

0.14

-53.6

12.0

Mean

-4.9

The analytically predicted stiffness of two types of connections are compared
against experimental data in Figure 7. In this figure, elastic-perfectly plastic
models based on shear stiffness equations by Zadanfarrokh and Bryan (1992)
and Zaharia and Dubina (2006) and shear resistance calculated to Toma et al.
(1993) are drawn onto test results of series S2 and S6. It can be concluded from
the Figure 7 that analytical methods offer a good estimation of the stiffness for
two plates of the same thickness acting in shear (S2). In case of the thick-to-thin
plate connection (S6) experimental data shows that linear stiffness
approximation does not match a true behaviour of the connection which is much
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stiffer in the initial stage of loading and bi-linear stiffness model would be more
representative.

a) S2/0.7/0.7

b) S6/3.0/1.0
Figure 7

Test results versus analytical models for shear resistance and
flexibility
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Conclusions
Generally, the accuracy of the analytical prediction of the shear resistance was
much better for connections consisting plates of the same thickness. Whenever
thick–to-thin plates were connected, analytical predictions tend to be less
accurate. When comparing the mean resistance (Fm) obtained from the 6 series
of tests against the unfactored resistance from three calculation methods, the
following results were obtained:
• Baehre and Berggren (1973) – average error of 16.8%, and all 6 results
were safe,
• BS 5950-5 (1998) – average error of 21.1%, and 1 of 6 results was
unsafe,
• Toma et al. (1993) – average error of 8.5%, and 2 of 6 results were
unsafe.
Based on test results, it can be concluded that the design equation presented by
Toma et al. (1993), without the additional condition included in Eurocode 3,
offers the closest prediction (min. positive average error) in terms of joint shear
resistance. It was demonstrated in the tests that the repeatability of the results
was not very consistent and thus it is important to include the standard deviation
in the analysis. When the calculated resistances are compared against
characteristic test resistances (Fk) the following results are obtained:
• Baehre and Berggren (1973) – average error of -11.8%, and 5 of 6 results
were unsafe,
• BS 5950-5 (1998) – average error of -5.8%, and 4 of 6 results were
unsafe,
• Toma et al. (1993) – average error of -23.4%, and all results were unsafe.
In terms of joint flexibility prediction, both calculated methods were considered
to be satisfactory when proposed flexibility reduction factor npf=0.4 was
implemented. An average scatters of 12.0% and -4.9% respectively for the
Zadanfarrokh and Bryan (1992) and Dubina and Zaharia (2006) formulas were
recorded. In most of the test series, the calculated flexibilities from both
methods fitted within or just outside the flexibility envelope marked by 5 test
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results of the same series. The most significant difference was observed in
series S6/3.0/1.0. In this test series, the calculated flexibility fell outside the
flexibility envelope where the tested joints proved to be significantly stiffer than
calculation methods predicted.
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Stressed skin design of steel sheeting panels – Part 2: Shear
panels with sheeting fixed on all 4 sides
A.M. Wrzesien 1, J.B.P. Lim 2, I.A. MacLeod3 & R.M. Lawson4
Abstract
In this paper, the strength and stiffness of different roof panels were
investigated, in order to establish their ability to act as in-plane diaphragms for
stressed skin design of cold-formed steel portal frames. A total of 6 roof panels,
approximately 3 x 3m, were examined by testing with sheeting profiles fixed on
4 sides. A variety of sheeting profiles in two industry standard thicknesses of 0.5
and 0.7mm were tested, all using top-hat shaped purlins fixed with self-drilling,
self-tapping screws. The experimental strength and stiffness of each panel were
then compared against existing design methods. The Finite Element Analysis
(FEA) modelling techniques were also presented and validated against series of
full-scale tests. The FEA results have shown that the ‘true’ level of loading
transferred via shear connector screws was on average 13% lower than that
assumed by standard design methods. On the contrary, seam connections failure,
according to FEA results, have governed a design in all of the analysed cases
and the analytical method overestimated shear resistances of the panels by 45%
and 35% in case of 0.5mm and 0.7mm thick sheeting profiles respectively. It
was demonstrated that FEA results have represented the upper bound of
experimental shear stiffness, with a very close prediction for 0.5mm thick
sheeting profiles. Overall all, the tested panels demonstrated an average 41%
greater flexibility then this predicted using FEA models.
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Introduction
Stressed skin action takes into account the inherent resistance and stiffness of
the metal cladding in a 3D analysis of the whole building. It has been
demonstrated through extensive research that stressed skin action can reduce or
eliminate the need for wind bracing. It reduces sway deflections under
horizontal forces and also reduces the outward movement of the frame under
vertical load. Stressed skin design was originally researched and published by
Bryan (1973) and design recommendations were first presented in the ‘European
recommendations for the stressed skin design of steel structures’ ECCS - XVII 77-1E (1977). This document formed the foundation for later publications such
as: ‘Manual of stressed skin diaphragm design’ Davies and Bryan (1982), BS
5950-9 (1994), ECCS TC7 (1995) and subsequently Eurocode 3 BS EN 19931-3 (2006).
The basic idea behind the stressed skin design is to recognize the ability of
cladding profile to act as the ‘web’ of a cantilever beam, as shown in Figure 1
Typical cantilever shear panel as illustrated in BS 5950-9 (1994), pp.2

Figure 1 Typical cantilever shear panel as illustrated in BS 5950-9 (1994), pp.2
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A designer can, therefore, choose to model the roofing and cladding panels
acting in shear to offer lighter design of the low-rise clad frame. The cladding
panels, however, due to their inherent stiffness would carry the same loads
regardless of whether they are included in analysis or not. By ignoring the
stressed skin action, excess force may be transferred to the roof panel and to the
gable frame causing rafter or purlin failure (Wrzesien et al. (2015)).
Roof systems are consistently evolving often leaving existing standards out-ofdate. To the author’s knowledge, since the last tests on the double skin roof
systems by Davies and Lawson (1999) little research had been performed on
current roof systems in terms of stressed skin performance. The author’s
objectives were to conduct an experimental study of different roof panels in
order to validate the relevance of the existing state of the art analytical methods
for predicting shear resistance and stiffness of modern roof panels.
The novel aspects of this experimental research were as follows:
1) The typical connection detail for purlin to rafter connections, recognised by
the BS 5950-9 (1994), includes C or Z purlins connected to the rafters
through a web cleat (see Figure 2a). Such a detail has relatively low
stiffness in shear unless heavy web cleats are used. However, the use of
modern top-hat shaped purlins can simplify the connection detail and
improves purlin to rafter connection stiffness (see Figure 2b).

1) Shear deformation of typical Z purlin connection

2) Shear deformation of the top-hat purlin connection
Figure 2. Shear deformation of two types of purlin/rafter connection details
2) BS 5950-9 (1994) recommends that the net thickness of the roof or wall
sheeting profile should not be less than 0.55mm. Thinner steel, however, is
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often used to manufacture cladding profiles and liner trays and the shear
performance of very thin panels was investigated. In fact, it is common in
the industry that coil of 0.48mm net thickness (excluding coating) is used
for manufacturing wall/roof sheeting.
Test set-up for panel assembly
A novel type of purlin connection detail was investigated for a range of cladding
types following the recommendations, given in clause 11.4 of BS 5950-9 (1994).
Each test was carried out on a cantilever panel of the approximately 3m x 3m
subject to shear force, as shown in Figure 3. The test set-up consisted of coldformed steel double lipped channels of 3mm thickness for the rafters, top-hat
shaped purlins of 61mm depth x 1mm thickness and top-hat for the shear
connectors, as shown in Figure 3c. The left-hand side rafter was fixed at both
ends and the load was only applied through the right-hand side free rafter. The
free rafter was placed on a galvanized steel plates lined with PTFE sheets (i.e.
Teflon) to minimise the friction between the free rafter and the concrete floor.
Using the test recommendations in BS 5950-9 (1994), each panel was loaded in
four stages:
1) Bedding down – the panel was loaded continuously up to approximately
80% of the serviceability loading; this load was maintained for 15 min. and
then removed.
2) Acceptance test - the load was reapplied up to approximately 80% of the
calculated shear capacity of the panel; this load was maintained for 15 min
and released.
3) Strength test – the panel was reloaded until it reached the load equal to the
calculated shear capacity of the panel; this load was maintained for 15 min.
and released.
4) Failure test – the panel was loaded until failure of the specimen (i.e. until no
increase in load was recorded).
At each stage of testing, the displacements and shear force were logged. The
panel’s displacement was measured by linear displacement transducers and
overall deflection (δ) was calculated from the formula:
δ = δ1 – δ2 – [(a/b)(δ3 – δ4)]
Where:

δ1…4 – defection of the four corners (as shown in Figure 3a)

(1)

767

a – width of the shear panel
b – depth of the shear panel in the direction parallel to the corrugations

a) Plan view

b) Front view – clad roof panel

a)
Figure 3

Front view – bare roof panel

Test arrangement of the shear panel test
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Rafters and purlins
All the primary and secondary structural members used in the experimental
study were manufactured in cold-formed processes from hot-dipped galvanized
steel sheets. The back-to-back lipped channel section beam of 400mm depth and
3mm thickness (denoted C40030) was used as a rafter member as presented in
Figure 4a. In the case of purlin members, cold-rolled galvanized steel top-hat
section (denoted TH) of the geometry shown in Figure 4b, were used (Uzzaman
et al. (2016)).

A=36.72cm2, Iy=8216.46cm4,
Iz=657.48cm4

A=2.21cm2, Iy =12.16cm4, Iz=26.85cm4

a) Rafter – 2C 40030

b) Top-hat purlin – TH 6110

Figure 4

Dimensions of the component cross-sections (mm)

The mechanical properties of steel pieces, cut out from steel channels and tophat sections, were established experimentally according to BS EN 10002-1:2001
(2001). Based on test data, average values of the yield strength (fy,a) and the
ultimate tensile strength (fu,a) were established based on three repeated tests and
are presented in Table 1. The grade of steel along with the standard which the
steel complies to is also listed in that table. Both the nominal thickness (t) and
the thickness excluding the coating (tcor) as well as the nominal yield strength
(fy,nom) and the nominal ultimate strength (fu,nom) are listed in Table 1.

769

Table 1
Section
name

Steel characteristics of the components
t

tcor

fy,nom

fu,nom

fy,a

fu,a

mm

mm

N/mm2

N/mm2

N/mm2

N/mm2

S350GD
+Z2751

3.0

2.96

350

420

383

483

S550GD
+AZ1501
1
BS EN 10326:2004 (2004)

1.0

0.96

550

560

580

599

C 40030

Steel Grade

TH 6110

Sheeting profiles
The test roof panels were chosen to cover a range of sheeting profiles offered by
the industry. Two different types of sheeting profiles were considered, shown in
Figure 5. Type 1 is the typical trapezoidal sheeting profile and Type 2 is the
trapezoidal sheeting with additional stiffeners of 1mm height rolled into every
trough. The dimensions of each profile are presented in Table 2. Each sheeting
panel was considered in two thicknesses of 0.5 and 0.7mm.

Figure 5

Different sheeting profiles

Generally, two steel sheets of 0.5 and 0.7mm nominal thickness were used to
manufacture the investigated sheeting profiles. The 0.5 and 0.7mm thick coil
finished with leather-grain embossed PVC (Plastisol) were used for all on the
weather sheets. The description of the steel used is presented in Table 3
including the net thickness of the steel core and mechanical properties of the
steel based on the average values obtained from Mills Test Certificates. The
screw configuration followed the assembly manual provided by sheeting
manufacturer (Steadmans (2014)).

770

Table 2

Sheeting profile dimensions
Type

Height

Thickness

Pitch

Width

Angle

(see Figure 5)

h (mm)

t (mm)

d (mm)

l (mm)

θ (°)

AS34

1

34

0.5&0.7

167

23

45

AS30

2

30

0.5&0.7

200

30

33

AS24

2

24

0.5&0.7

167

20

34

Profile name

Table 3
Steel coil
type

Steel characteristic for the investigated profiles
Steel Grade

t

tcor

fy,nom

fu,nom

fy

fu

mm

mm

N/mm2

N/mm2

N/mm2

N/mm2

0.5
Plastisol

S250GD
+AZ1501

0.5

0.48

250

330

334

405

0.7
Plastisol

S250GD
+AZ1501

0.7

0.65

250

330

301

380

BS EN 10326:2004 (2004)

1

Analytical predictions of the shear resistance and flexibility of lapped joint
Many semi-empirical formulas for predicting the shear resistance of screw joints
have been published, i.e. Baehre and Berggren (1973), ECCS TC7 No. 21
(1990), Peköz (1990), Toma et al. (1993), BS 5950-5 (1998) and BS EN 1993-13 (2006). According to the study by Wrzesien et al. (2018) closes correlation
with test results was obtained using Toma et al. (1993) design formula for the
shear resistance of lapped joints. In case of predicting a flexibility of the lapped
joint connection, Wrzesien et al. (2018) had demonstrated that existing formula
developed by Zadanfarrokh and Bryan (1992), with a suggested flexibility
reduction factor npf=0.4, can be used with sufficient accuracy. Presented above
formulas were therefore used in this paper and shear resistances and flexibility
values are presented in Table 4. The maximum experimental values and
characteristic experimental values according to Wrzesien et al. (2018) were also
included in Table 4 for comparison. A significant scatter of the results can be
observed between characteristic values (lower bound) and the maximum value
(upper bound) with the analytical value falling in between (also see in Figure 8).

2.13

1.93

7.61

Zaharia and
Dubina
(2006)

1.60

Toma et al.
(1993)

7.07

Wrzesien et
al. (2018)

1.90

Max. exp.

Wrzesien et
al. (2018)

1.90*

9.07

Characteristic
exp.

1.30

3.28

Characteristic
exp.

*
Wrzesien et
al. (2018)

2.07

8.32

Wrzesien et
al. (2018)

Max. exp.

1.83

* component tests on lapped joints were not carried out

T2, 4, 6

2.08

Zaharia and
Dubina
(2006)

1.08

Toma et al.
(1993)

7.07

Max. exp.

Wrzesien et
al. (2018)

*

9.07

Wrzesien et
al. (2018)

*

*

kN

Source

Characteristic
exp.

0.81

*

kN

Fpr,s

Characteristic
exp.

1.23

kN

kN

Fp

Wrzesien et
al. (2018)

Max. exp.

T1, 3, 5

Fsc

Fs

Wrzesien et
al. (2018)

Source

Resistance

0.34

0.29

0.15

0.46

0.41

0.25

mm/kN

ss

0.28

0.34*

0.31*

0.34

*

*

mm/kN

ssc

Flexibility

0.30

0.34

0.31

0.37

*

*

mm/kN

sp

Resistances and flexibilities of the individual joints used for shear diaphragm calculations

Test
designation

Table 4

0.14

0.09

0.07

0.14

0.09

0.07

mm/kN

spr,s

771

772

An analytical method for predicting the shear behaviour of roof
diaphragms
The analytical method presented in the BS 5950-9 (1994) and adopted by BS
EN 1993-1-3 (2006) was used to establish the shear resistance and the shear
flexibility of the investigated roof diaphragms. The sheeting profiles were fixed
on four sides. The set of input values required to evaluate the shear characteristic
of each tested diaphragm is presented in Table 5. The shear resistance and
flexibilities of individual fasteners, used in calculations, are summarised in
Table 4. The resistance and flexibility of tested diaphragms were only evaluated
based on the shear resistance and the shear stiffness of lap joints according to
Toma et al. (1993) and Zaharia and Dubina (2006). It was done so results of
Finite Element Analysis with the same input data can be compared against hand
calculation method presented in the design code. The set of input values used
for both FEA and hand calculations is presented in Table 4 and denoted as
‘Anl.’. The following notations were used in order to identify two most critical
modes of failure according to BS EN 1993-1-3 (2006):
Vs – seam capacity,
Vsc – shear connector fasteners capacity.
The overall flexibility of the shear panel was denoted as (c). The output of the
hand calculations is presented further in Table 6
Finite Element idealisation of the shear panel test
The general purpose finite element program ABAQUS was used for this study.
The model was solved statically, with both geometric and material nonlinearities
taken into account.
In order to cut computational time, a crude method of modelling behaviour of
screw connections was presented using the ABAQUS standard S4R shell
element and Cartesian Connector Element. The screws were modelled using the
node-based connector with elastic-perfectly plastic load-displacement
characteristic. The calculated data according to Toma et al. (1993) and Zaharia
and Dubina (2006) and summarised in Table 4 were used as an input.
Parameters such as: thickness of the connected parts, grade of steel, screw
diameter, size and type of the washer, are expected to contribute to the
performance of screw joints. For this reason, the FEA idealisation was validated
against experimental data published by Wrzesien et al. (2018).
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Table 5
Test
designation

Input parameters used in analytical method
tcor

ns

nsc

np

nsh

nf

pend

pint

u

Iy

mm

mm

mm

mm4

K

T1
AS34/0.5

0.48

8

6

4

3

6

167

334

194

15959

0.070

T2
AS34/0.7

0.65

8

6

4

3

6

167

334

194

21574

0.070

T3
AS30/0.5

0.48

8

6

4

3

5

200

400

230

14253

0.054

T4
AS30/0.7

0.65

8

6

4

3

5

200

400

230

19285

0.054

T5
AS24/0.5

0.48

8

6

4

3

6

167

334

193

6854

0.047

T6&7
AS24/0.7

0.65

8

6

4

3

6

167

334

193

9271

0.047

tcor – sheet thickness excluding coating
ns – number of seam fasteners excluding those passing through sheet and purlin
nsc – number of shear connectors fasteners along the one side of the sheet
np – number of purlins within the diaphragm
nsh – number of sheets within the diaphragm
nf – number of fasteners per sheet width at the end of the sheet
pend – fasteners spacing at the end purlin
pint – fasteners spacing at the intermediated purlins
u – perimeter length of a complete single corrugation
Iy – second moment of area of single corrugation about its neutral axis
K – sheeting constant: T1 to T6 according to Table 12, BS 5950-9 (1994), T7 to T8 according to
Davies (1986)

According to Wrzesien et al. (2015), in many design cases, it is safer to
overpredict the shear stiffness of the roof panel assembly in order to prevent
cladding or gable frame failures. For this reason, joint stiffness values presented
in Table 4 were multiplied by the factor of 10 to match the upper bound
experimental stiffness. The comparison of the test results against crude FEA
idealisations for the seam connection between two 0.5mm thick sheeting profiles
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and 3mm thick channel section to 1mm thick top-hat sections are shown in
Figure 8.
A contact interaction with hard normal behaviour and frictionless tangential
behaviour was modelled between all surfaces (steel plates). Both geometric and
material nonlinearities were taken into account. The elastic-perfectly plastic
model was used for all of the steel plates based on the Young’s Modulus
E=210GPa, Poisson’s ratio of 0.3 and relevant yield strengths (fy) according to
Table 1 and Table 3.
Due to the complexity of the FEA model relatively coarse mesh of 10mm was
used for all of the components. It should be noted that the same mesh size was
used to model component tests on lap joints and a satisfactory representation of
the true behaviour was obtained hence the same mesh size was used for fullscale models. The mesh size sensitivity study was not carried out.
The boundary conditions for the FEA model are presented in Figure 6. The lefthand side fixed rafter was restrained against translations UX=UY=UZ=0 at both
ends. Both fixed and free rafters (right-hand side) were restrained against
vertical translation (UY=0) at the contact surface with the strong floor in order
to simulate test support conditions. The load was applied via the web edge of the
free rafter as an imposed displacement.

Figure 6

Boundary conditions

Comparison of test results versus Finite Element Analysis

In this section, the results of seven shear roof panels tested with shear
connectors are presented. In last test (T7), the shear panel identical to this in test
T6 was tested again, so the scatter of the experimental results for both resistance
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and flexibility can be established. As presented in Table 6, a 7% difference was
recorded between both experimental shear resistance and flexibility of two
identical panels.
It should be noted that three distinctive failure modes were observed and these
were also captured by the FEA models as shown in Figure 7. In general, all the
tests followed similar failure mechanism. First, the sheeting profile distortion
was observed followed by holes elongations around seam screws often resulting
in pull-out of these screws. At this stage, little shear resistance increase was
recorded and loading was continued until local buckling of the top-hat had
occurred. The shear connectors failure was not evident in tests T1 to T7
although the analytical method selected this mode as most critical ( see Table 6).

a) Mode 1 - sheeting profile distortion

b) Mode 2 - holes elongation around seam screws (loss of watertightness)

c) Mode 3 - local buckling of the end the top-hat purlin

Figure 7

Failure modes (tests versus FEA)
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The load-deflection curves for six tests to failure are presented in Appendix. –
Full-scale Results. Photographs of the failure modes observed within each test
are also provided in these figures. A peak shear loads (VT) and respective shear
flexibilities (cT) were calculated from load-deflection curves for each tested
panel and are presented in Table 6. The analytical shear resistances (V*) and
flexibilities of panels (c) denoted as “Anl.” (see Table 6) were calculated, as
described in section ‘Analytical method for predicting the shear behaviour of
roof diaphragms’. In order to identify the value of the shear load triggering the
failure of the seam (Vs) and shear connector screws (Vsc), shear forces in each
Connector element were extracted from FEA results.
It should be noted, that in the case of test T3, the initial test results were not
recorded due to equipment malfunction (see Figure 10). The linear loaddeflection relationship was used to replace the missing data. Generally in all the
tests, tearing of the sheeting around the seam screws (see Figure 7b) contributed
largely to the failure of the panels. However, in the case of the diaphragms with
0.5mm thick sheeting, profile distortion (Figure 7a) was also observed in the
early stage of loading. Extensive local shear distortion of the profile in test T4
was observed in the early stage of loading, causing higher flexibility than
predicted analytically. It is suspected that this unusual behaviour is a result of
screw pull-out failure, which due to a large number of fasteners, could not be
clearly identified.
Table 6
Test
designation

Shear resistances and flexibilities predictions
Model

Vs

Vsc

V*

c

VT

cT

kN

kN

kN

mm/kN

kN

mm/kN

T1 AS34/0.5

Anl.

14.88

12.48

12.48

0.55

FEA
Anl.

10.08
19.38

14.80
12.78

10.08
12.78

0.27
0.36

19.20

0.27

T2 AS34/0.7
T3 AS30/0.5

FEA
Anl.

14.14
13.95

14.61
12.48

14.14
12.48

0.21
0.61

33.20

0.29

T4 AS30/0.7

FEA
Anl.

10.34
18.40

14.19
12.78

10.34
12.78

0.28
0.39

18.20*

0.39

T5 AS24/0.5

FEA
Anl.

14.25
14.88

14.44
12.48

14.25
12.48

0.18
0.47

34.50

0.63*

FEA
Anl.

9.83
19.38

14.54
12.78

9.83
12.73

0.21
0.33

21.90

0.34

T6
AS24/0.7/1

FEA
14.03
14.92
14.03
0.15
34.30
0.30
T7
AS24/0.7/2
36.85
0.28
* Experimental data affected by unexpected behaviour or malfunction of the equipment
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Conclusions
A successful application of FEA modelling techniques was demonstrated in
predicting the shear behaviour of sheeting panels. When the shear resistances of
individual fasteners were established by analytical equation after Toma et al.
(1993) (model “Anl.”), FEA-predicted peak loads where either close to the
experimental results (see Figure 9a, Figure 10a, Figure 11a), or significantly
lower than experimental results (see Figure 9b, Figure 10b, Figure 11b). It is
expected that the safety margin in FEA predations for 0.7mm thick sheeting
profiles could be reduced if experimental values of fastener shear resistance (see
Figure 8) were used in the FEA model. The main purpose of work presented in
this paper was a comparison of the FEA results versus well established
analytical method. Following conclusions can be drawn:
• In all of the analysed cases, the analytical method predicted shear
connector screws failure as a critical design criterion. This, however,
was not confirmed by either observation during experiments, nor FEA
results. The FEA-predicted shear resistance due to the shear connector
failure was on average 13% higher than the calculated one. This can be
explained by the fact that analytical method ignores the ability to carry
direct shear by purlin-to-rafter connection and top-hat ability to carry
shear directly to the rafter was confirmed by FEA results.
• The FEA results have demonstrated that the analytically predicted shear
resistances of the panels due to the failure of the seam screws are
overestimated by the average of 45% and 35% for 0.5mm and 0.7mm
thick sheeting profiles respectively. According to FEA results seam
connections, failure governs design in all of the analysed cases.
• The FEA analysis suggests that more seam screws should be specified by
the manufacturer in order to improve the shear resistance of both
0.5mm and 0.7mm sheeting panels.
In terms of shear flexibilities of the tested panels, the analytical methods offered
predictions which were over two times greater than shear flexibilities established
using FEA analysis. It should be noted that in the stressed skin design of portal
frames, underestimation of the stiffness of the panel, will lead to
underestimation of the loads transferred to rigid gables. Test load-displacement
curves (see Figure 9, Figure 10, Figure 11) show that FEA results are
representing upper bound of shear stiffness, with a very close prediction for
0.5mm thick sheeting profiles. Overall all, the tested panels demonstrated an
average 41% greater flexibility then this predicted using FEA models. The FEA
modelling techniques presented in this paper are shown to be a more accurate
alternative to the well-established analytical method.
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Appendix. – Component Result

a) 0.7mm to 0.7mm thick steel plates and two screws

b) 1.0mm and 3.0mm thick steel plates and two screws

Figure 8

Calibration of FEA idealisation versus tests results
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Appendix. – Full-scale Results

a) Test 1

b) Test 2

Figure 9

Load –deflection curves for AS34 sheeting profile
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a) Test 3

b) Test 4

Figure 10

Load –deflection curves for AS30 sheeting profile
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a) Test 5

b) Test 6 & 7

Figure 11

Load –deflection curves for AS24 sheeting profile
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Computational Modeling of Joist-to-Ledger Connections in
Cold-Formed Steel Diaphragms
Hernan Castaneda, M.Eng.1, Kara D. Peterman, Ph.D.2
Abstract
Cold-formed steel framed buildings can involve a range of options for framing
systems, including balloon framing, platform framing, and ledger framing.
Transfer of lateral forces from the diaphragms to the wall system (and ultimately
to the ground) depends on the interactions within the wall-diaphragm connection,
which is dependent on choice of framing system. In ledger framing, floor joists
are hung from top of wall studs via a rim track (ledger) and clip angle connection.
Recent experimental efforts at Johns Hopkins University studied the walldiaphragm connection with the goal of quantifying its contribution to overall
diaphragm response. Results from these experiments showed the contribution to
the rotational stiffness based on the location relative of floor joist and wall stud,
location of clip angle, presence of top/bottom screws at ledger/joist flanges and
presence of oriented strand board (OSB). In addition, it was observed that ledger
flange buckling, and wall stud web crippling were the primary limit states. In
current design codes there is not check for these limit states. The objective of this
paper is to provide a robust computational model for a joist-to-ledger connection
in CFS floor diaphragm with the ultimate goal of expanding the experimental test
variables via a parametric study the computational model is compared and
validated with experimental results. This detailed work at the connection level
will motivate and inform future efforts for complete diaphragm system modeling.
Furthermore, the work herein will lead to more robust modeling and prediction
capabilities for CFS diaphragms.
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1. Introduction
In Cold-formed steel framed buildings there are a range of options for framing
systems, including balloon framing, platform framing, and ledger framing as
shown in Figure 1. In platform framing, floor joist sits on top track of wall stud,
and the next level of wall sits on top of the sheathed floor joists. In balloon
framing, floor joists are hung from the inside of the walls allowing continuity of
wall stud members from base to top of the structure. Finally, in ledger framing,
floor joists are hung through a ledger framed which is connected to the top of the
wall stud flange. The sheathed floor is extended to the top track of wall stud, and
the next level of wall sits on top of the sheathed floor.

(a)

(b)

(c)

Figure 1: Types of cold-formed steel framing systems; (a) platform framing; (b)
balloon framing; (c) ledger framing
According to feedback from industry advisors, ledger framing is currently the
most used framing system in CFS construction (Madsen et al. 2012). An
advantage of using ledger framing is that the ledger beam collects all the loads
from the floor joists and transfers them to the wall stud. In addition, floor joist
spacing is independent of wall studs spacing as illustrated in Figure 2. Another
advantage of using ledger framing is that in multi-story buildings the axial load in
wall studs increases with the number of levels. In the case of platform system, that
increment affects the stability in floor joist at floor level intersection, while in
ledger system is not an issue as shown in Figure 3 (Ayhan et al. 2015).
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Figure 2: Ledger Framing/ Floor Diaphragm
Axial Load

Axial Load
Increment

Increment

Affects the
stability in
floor joist

(a) Platform Framing

Stability in
floor joist is
not an issue

(b) Ledger Framing

Figure 3: Stability issue in floor joist at floor level intersection
Seismic behavior of ledger framing was recently investigated in the CFS-NEES
project (Peterman 2014). two full-scale two-story cold-formed steel framed
buildings were tested on a shake table under different ground motion
accelerations. The results showed that nonstructural elements of the building may
contribute to the lateral load-resisting system of the building along with the main
lateral load resisting system such as shear walls. In addition, the CFS-NEES
project showed that floor and roof diaphragms behaved as semi-rigid diaphragms
(closer to rigid diaphragms) while being designed as flexible diaphragms based
on current design codes. It is believed that studying the load paths through the
ledger framing will show its contribution to the overall diaphragm response
(Ayhan et al. 2016).
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CFS-NEES project has motivated an effort to expand understanding of the
stiffness of joist-to-ledger connections in ledger framing. It is known that the
framing action between floor joists and wall studs is related to the stiffness of the
joist-to-ledger connections. Ayhan et al. quantified the stiffness and investigated
the behavior of joist-to-ledger connections in ledger framing via several
experimental tests at Johns Hopkins University, as shown in Figure 4. Full-scale
specimens were designed considering the same ledger framing design in the CFSNEES project. In these experimental tests, location of floor joist relative to wall
studs, and presence and no presence of oriented strand board (OSB), under
monotonic loading were explored as shown in Table 1 (Ayhan et al. 2015). Results
showed that presence of OSB significantly increased the rotational stiffness,
especially when combined with beneficial joist location. Joist location affected
the rotational stiffness, when floor joist was located on wall stud, its rotational
stiffness generally decreased. While in the case that floor joist was located near
to the wall stud, its rotational stiffness increased. In addition, primary limit states
observed during the tests were ledger bottom flange buckling, wall stud web
crippling, and screw pullout. It should be noted that in current design guidance
for connections design is primarily based on a simple shear assumption and this
is not enough to understand the actual connection behavior.
Clip Angle
1.5x1.5-54

Lateral Supports

Stud
600T150-54

Joist
1200S250-97

Ledger
1200S200-97

Hydraulic
Actuator

Base
Support
HSS
10x6x0.25

Figure 4: Test setup of wall-diaphragm connection at Johns Hopkins University
(Ayhan et al. 2016)
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Table 1: Experimental test matrix at Johns Hopkins University
(showing varied parameters only)
Specimen name
Joist location
OSB sheathing
T1
Mid studs
T2
Near stud
T3
On stud
T4
Mid studs
✓
T5
Near stud
✓
T6
On stud
✓
This paper is aimed on developing a robust finite element model (FEM) that
validates and expands upon the experimental tests at Johns Hopkins University.
Where modeling was not included, and it was limited to certain vast arrangements.
A reliable FEM can simulate the behavior of joist-to-ledger connection for
different types of floor sheathing, different fastener configurations and spacings,
and explore a range of structural members. In addition, sub-system level modeling
efforts can be extended to model a full-scale floor diaphragm.
2. Computational Modeling
Modeling CFS must consider both nonlinear material properties and geometric
discontinuities. As well as, it is necessary to understand the inputs of the model
and their sensitivities. This paper summarizes the modeling process using the
finite element analysis software ABAQUS, starting from geometric and material
properties, following by mesh, interactions, loading and boundary conditions, and
connections. Finally, the computational model is compared with experimental
results. The work herein will lead to more robust modeling and prediction
capabilities for CFS diaphragms to improve design recommendations.
2.1 Geometry and Material Properties
A three-dimensional shell Finite Element Model (FEM) of joist-to-ledger
connection was developed. The computational model consists of a floor joist
connected to the web of a ledger beam via a clip angle. Floor joist is located at
mid span of the ledger beam. The ledger beam is connected to one top side of two
wall studs flange as shown in Figure 5. Dimensions of the floor joist (1200S25097), ledger beam (1200T200-97), wall stud (600S162-54), and clip angle
(1.5x1.5-54) are provided in Table 2. To consider geometric imperfections, all
members are modeled including their respective corner radius.
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Steel is modeled as a homogeneous material with a bi-linear elastic-perfectly
plastic constitutive relationship for initial validation purposes. Material properties
for steel are provided in Table 3.
Ledger Beam
Clip Angle

(1200T200-97)

(1.5x1.5-54)

Floor Joist
(1200S250-97)

Wall Studs
(600S162-54)

Figure 5: Computational model joist-to-ledger connection
Table 2: Dimensions
Component
Joist
Ledger
Stud
Clip Angle

Length, in
(mm)
62.00 (1575)
24.00 (610)
32.00 (813)
11.00 (280)

Depth, in
(mm)
12.00 (300)
12.00 (300)
6.00 (150)
1.50 (38)

Table 3: Steel Material Properties
Young’s Modulus, ksi (GPa)
Poisson’s Ratio
Yield Strength, ksi (MPa)

Width, in
(mm)
2.50 (63)
2.00 (51)
1.62 (41)
1.50 (38)

Thickness, in
(mm)
0.097 (2.5)
0.097 (2.5)
0.054 (1.4)
0.054 (1.4)

29,500 (204)
0.3
50 (345)

The number of integration points through the thickness in each member is
considered as 7. For default, ABAQUS considers 5 points of integration, but
increasing the number of integration points can decrease sensitivity to the
initiation of yielding (Schafer et al. 2010).
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2.2 Mesh
Mesh is defined using size control for the seeds. The size of the seeds is dependent
on each different part which optimizes the mesh. Element S4R is used for
meshing. Element S4R is a four-node element which is suitable for thin or thick
components reducing integration time. Mesh is also structured using quaddominated where quadrilateral elements are primarily used. However, triangles
elements are permitted to be used in transition regions. Refine mesh controls are
used for contact interactions, where master surfaces are selected based on a
surface with coarse mesh, and slave surfaces are selected based on a surface with
finer mesh. Sizes for meshing are equal to 0.5 in (12 mm) for a coarse mesh and
0.25 in (6 mm) for a finer mesh. Mesh of the model is shown in Figure 6.

Figure 6: Meshing of joist-to-ledger connection
2.3 Interactions
In experimental specimens, the two wall studs are connected at the top with a top
track which forms a stud frame. Top track is modeled through a Multi Point
Constraint (MPC) interaction as shown in Figure 7. MPCs allow constraints to be
imposed between different degrees of freedom of the model. Two reference points
are created at the centroid of the wall studs to constraint relative movement of the
wall stud flanges at the top of the wall studs. That constraint is defined based on
the contact that should be imposed between the top track flanges with wall stud
flanges and their respective screwed connection. From experimental results, the
main contribution to the moment-rotation behavior was the ledger rotation rather
than the rotation from other components including the top track (Ayhan et al.
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2015). Conservatively, beam element is defined for MPC considering its
contribution to the moment-rotation behavior from experimental tests.
MPC

MPC (Beam Element)

MPC

Figure 7: Top track modeling via MPC
Two contact interactions are defined through all the computational model.
Surface-to-surface contact and node-to-surface contact. In surface-to-surface
contact are identified the following regions: web ledger to flange studs, clip angle
to web ledger and web joist, and joist flanges to ledger flanges. Node-to-surface
contact is used for the contact between the cross-section of the joist web to ledger
web. when using shell elements, its edges cannot be considered as surfaces,
instead they are considered as nodes. Two different behaviours are defined in the
contact interaction properties: tangential and normal behavior. Tangential
behavior is defined using a penalty formulation with a coefficient of friction equal
to 0.2, and normal behavior is defined as a “hard” contact. In addition, separation
after contact is allowed. In Figure 8 is shown the contact between clip angle to
floor joist web and ledger beam web, and floor joist flanges to ledger beam
flanges. As it was mention before in the mesh section, finer mesh is used to
identified slave surfaces among the master surfaces.
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(c)
(b)
(a)
Figure 8: Contact interactions; (a) Clip angle to joist web; (b) Clip angle to
ledger web; (c) Joist flanges to ledger flanges
2.4 Loading and Boundary Conditions
From experimental test, a vertical load was applied to the floor joist where its line
of action passed through the shear center of the joist. Shear center of the floor joist
is located at 0.3 in (7.7 mm) away from the outside of the joist web. In addition,
the applied load was at 5 in (127 mm) away from the web of the ledger beam. A
monotonic load is imposed in this model. Quasi-static analysis is used due to the
low speed from the applied load during the experimental test. Quasi-static analysis
is suitable to solve linear and nonlinear problems. Therefore, it is suitable for
geometric nonlinearity models and large deformation analysis (Dassault Systèmes
Simulia Corp. 2014). Load is imposed in this model using displacement control.
Load is gradually increased as a ramp function within each step increments equal
to 0.01. To apply the load in the model, a reference point is created at the same
point of application of the load from experimental test as is shown in Figure 9. In
addition, the reference point is constrained to the floor joist using an equation
constraint which describes a linear constraint between individual degrees of
freedom
The free end of the floor joist is lateral restrained only in the direction normal to
the joist web to restrict any possible twist of the member. From experimental test,
the base of the wall studs is intended to be a fixed condition. Wall studs are
connected to the test rig via fastening a steel tube, as is shown in Figure 4. In this
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model, the region in contact with steel tube and the wall stud web is restrained in
all three-translational degrees of freedom.

Actuator

Load

Figure 9: Applied load
2.5 Connections
Three connections are identified in this model. Clip angle connection, flange
connection, and web connection as shown in Figure 10. Clip angle connection
consists in four screws No. 10 at each leg connecting the floor joist and ledger.
Flange connection consists in two screws No. 10 at both top and bottom flange of
the joist and ledger. Finally, web connection that consists in seven screws No. 10
connecting ledger web and wall stud flange. Stiffness for the connection is taken
from an extensive experimental program on single shear cold-formed steel-tosteel through-fastened screw connections at Virginia Polytechnic Institute and
State University (Pham et al. 2015). Ply thicknesses from 0.033 in (0.88 mm) to
0.097 in (2.58 mm) and screw diameters of 0.16 in (4.17 mm) to 0.21 in (5.49
mm) were tested under monotonic loading condition. Fastener load-deformation
response showed a multi-linear behavior, which is considered for modeling
connector elements. In this model all self-drilling screws are modeled using
connector elements which simplify the geometry in the model reducing the time
during the analysis. The connector elements are modeled using point-based
fasteners. The connections are defined as cartesian and cardan. Cartesian
represents three translational degrees of freedom, and cardan represents three
rotational degrees of freedom. The mechanical behavior is defined as linear
elastic.
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Hex-washer head
Ledger Beam
(1200T200-97)

Clip Angle

(1.5x1.5-54)

Floor Joist

(No. 10 screws)

Clip Angle
Connection
Flange
Connection
Hex-washer head

(No. 10 screws)

(1200S250-97)

Wall Studs

Web
Connection

(600S162-54)

G
Figure 10: Screwed connections
3. Results
Moment-rotation curves of the joist-to-ledger connection are used to validate the
finite element model presented herein with the experimental results, as is
illustrated in Figure 11. Comparing experimental and computational results
showed that the developed FEM is capable of capturing the initial stiffness.
However, at a rotation of 0.02 rad the computational model considerably
increased in stiffness. Moment-rotation curves of joist, ledger, and studs alone (as
opposed to the moment-rotation characteristics of the entire connection) were
compared with experimental results, as is shown through Figure 12 to Figure 14
respectively. Comparing their individual rotational behavior showed that the
rotational behavior in wall studs is considerably stiffer in comparison with
experimental results while rotational behavior in joist and ledger showed similar
behavior in the joist-to-ledger connection, as illustrated in Figure 11. Ledger
bottom flange local buckling was identified as the primary failure mode in both
experimental and computational results. Comparison of the primary failure mode
is shown in the deformed shapes in Figure 15.
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Figure 11: Joist-to-ledger connection moment-rotation behavior

Figure 12: Joist moment-rotation behavior
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Figure 13: Moment-rotation behavior in ledger alone

Figure 14: Moment-rotation behavior in studs alone

798

Figure 15: Photo from experimental testing and deformed shape from
ABAQUS demonstrating primary failure mode of ledger flange local buckling
These results are part of a preliminary calibration process. However, other
parameters and details of the wall stud boundary condition still need to be
investigated and validated with experimental results. It is believed that the
boundary condition at the end of the wall stud, which is modeled as a fixed end,
is conservative, and it should be modeled as a semi-rigid end condition. To model
a semi-rigid end condition at the base of the wall studs, spring elements will be
used.
4. Conclusions
A three-dimensional shell Finite Element Model (FEM) of joist-to-ledger
connection was developed. The computational model consists of a floor joist
connected to the web of a ledger beam via a clip angle. Floor joist is located at
mid span of the ledger beam. The ledger beam is connected to one top side of two
wall studs flange. A monotonic displacement control was imposed in the model
at 5 in (127 mm) away from the web of the ledger and passing through the shear
center of the floor joist, which was intended to cause maximum shear force to the
connection. Initial rotational stiffness and primary failure mode, ledger bottom
flange local buckling, are captured in the FEM. However, other parameters and
details of the wall stud boundary condition still need to be investigated and
validated with experimental results. Which are contributing to the increment of
the stiffness behavior in the FEM. Finally, key parameters for modeling were the
contact between the cross-section of the floor joist and ledger web, the screwed
connections, the mesh size, and the end boundary condition at the wall stud. The
work herein has a strong role to play in the future of cold-formed steel framing
that leads to more robust modeling to understand diaphragm behavior and walldiaphragm interactions, with the goal of motivating full system analyses and
improved design recommendations.
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Future Work
The models shown herein only capture a small portion of the behavior observed
in the experimental testing, including primary failure mode and initial stiffness.
But additional work is necessary to calibrate these models to the experimental
work: stud end conditions are currently stiffer than the observed experimental
behavior and must be adjusted to match. The model does not capture ultimate
strength or secondary load paths well, and must be improved. Once the model is
fully calibrated, we intend to expand upon the experimental program to simulate
the behavior of: different types of floor sheathing, different fastener
configurations and spacings, and different range of structural members in CFS
ledger framing; investigate and validate with experimental results other
parameters (floor joist location, floor sheathing, and cyclic loading).
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Effect of connection details on the cyclic
behavior of nestable screw sidelaps
S. Torabian1, H. Folk2, and B.W. Schafer3
Abstract
The connection strength and stiffness sensitivity of screwed sidelaps in nestable
steel decks to screw installation details has been experimentally explored via
cyclic testing. The cyclic behavior of sidelaps has been recently incorporated in
the high fidelity modeling and seismic evaluation of the steel deck diaphragm in
rigid wall - flexible diaphragm buildings, where “unzipping” a sidelap (loss of a
significant number of sidelap connections along a deck edge) could significantly
reduce the seismic performance of the whole diaphragm. A total of 24
monotonic and cyclic sidelap tests have been performed in the Thin-Walled
Structures Laboratory at Johns Hopkins University. Two different screw edge
distances, three different deck thicknesses (i.e. 18 gauge 20 gauge, and 22
gauge), and two different screw sizes were included in the test matrix. The
screws were installed either “close to the edge” or “far from the edge”. For the
“close to the edge” condition the typical 1.5d edge distance limitation in the
design specification was not satisfied. Both monotonic and cyclic test results
show that the strength of the sidelap connection can be correlated to edge
distance and screw installation details. A maximum 25% and 19% difference in
the ultimate strength of the screw sidelaps were observed in monotonic and
cyclic tests, respectively. The rest results were compared to sidelap strengths in
the literature, and potential changes to sidelap strength predictions and
installation methods are discussed.
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Introduction
The main objective of this paper is to study the effect of the screw installation
location on the performance of nestable screw sidelaps for steel decks. This
study is motivated by the observation of relatively high variation in the behavior
of nestable screw sidelaps throughout a former testing program on a wide
variety of sidelap and frame connections (Torabian et. al 2018). The current and
the former experimental program are directed at improving knowledge of the
performance of steel deck diaphragms, particularly in seismic applications such
as in rigid wall – flexible diaphragm buildings where diaphragm inelasticity
plays a prominent role in structural response.
It has been hypothesized that the location of screw installation in a nestable steel
deck sidelap can notably influence connection strength and stiffness. A screw in
a nestable sidelap can be installed in a variety of valid configurations, largely
according to the practice of the installer. As shown in Fig. 1a, the screw can be
in the flat part of the deck lip, or close to the corner and web of the deck (Fig.
1b), or even at the middle of the curved corner, as shown in Fig. 1c. By
installing the screw closer to the corner, the strength of the deck is increasing
due to the cold-forming effects and also the out of plane stiffness of the deck
will increase due to the curved geometry of the deck. Both of these parameters
can potentially increase the strength of a screw connection and could result in an
increase in the capacity of a nestable sidelap connection.
To study the effect of the screw installation details, the Cold-Formed Steel
Research Consortium (CFSRC) has funded and performed a total of 24 sidelap
connection tests in the Thin-Walled Structures Laboratory at Johns Hopkins
University. Two installation configurations: Fig. 1a and Fig.1b, have been
examined and the configuration in Fig. 1c is currently undergoing testing.
Test Matrix of the Nestable Screw Sidelap connection
The screw sidelap conditions in the testing program are summarized in Table 1
and shown in Fig. 2. For each condition, three specimens have been tested
cyclically and one monotonically. Three different deck thicknesses (i.e. 18
gauge 20 gauge, and 22 gauge), and two different screw sizes (#10 for 22 gauge
and #12 for 20 and 18 gauge decks) are included in the test matrix. Two
different screw edge distances, 1/4 in. and 3/8 in., are also included. The screws
are installed close to the edge (1/4 in. as shown in Fig. 1a) and far from the edge
(3/8 in. as shown in Fig. 1b), where the typical 1.5d edge distance limitation in
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the design specification was not satisfied for the screws installed close to the
edge (i.e. 1/4 in. edge distance). The edge distance of 1/4 in. is approximately
1.3d for the #10 screw and 1.2d for the #12 screw and the edge distance of 3/8
in. is 2d for the #10 screw and 1.8d for the #12 screw.

Specimen*
S22-10-1/4”
S20-12-1/4”

Table 1: Sidelap connection test matrix
Thickness
Nominal screw
Screw
(gauge)
edge distance (in)
22
#10-16-¾"
0.25
20
#12-14-1"
0.25

S18-12-1/4”

18

#12-14-1"

0.25

S22-10-3/8”
S20-12-3/8”

22
20

#10-16-¾"
#12-14-1"

0.375
0.375

Nestable
Sidelap Connection
S18-12-3/8”
18
#12-14-1"

S20-12-1/4”-C1

3 Cyclic
-C1~3
1 Mono.
-M1
3 Cyclic
-C1~3
1 Mono.
-M1

CFSRC

0.375

* All decks are 1.5 in WR

0.237”

Loading

0.395”

S20-12-3/8”-C1

Fig. 2. Measured screw edge distances for two of the test specimens in two edge screw
configurations

Test Setup and Instrumentation
The test setup is motivated from the lap-joint shear setup in AISI S905-13,
recent commercial testing, and a companion testing program (Torabian et. al
2018). As shown in Fig. 3, the test setup consisted of a moving part on a
longitudinal linear motion system and connected to a dynamic actuator, and a
stationary part connected to the support beam.

6/22

804

Testing rig

CFSRC

Nestable Screw
sidelap 12” o.c.

CFSRC

Testing rig

3/22

Nestable Screw
sidelap 12” o.c.

36”
4/22
Fig. 3. Sidelap testing rig and at the Thin-Walled Structures Laboratory - Johns Hopkins
University

A load cell installed between the actuator and the moving part of the rig records
the force response of the specimens and the position transducers (PTs) record
the rig displacements. The internal LVDT of the actuator provides the overall
actuator displacements. Seven other PTs are installed to measure relative
displacement at different points on the testing rig, as shown in Fig. 4. Note: PT1
and PT7 are selected to be short position transducers (length = 1 in.) to increase
the accuracy of the displacement measurements. The results are combined to
provide a full history of displacement records for the moving part.

CFSR

Instrumentation
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PT1

PT7

PT3
PT6

PT5
PT4

Fig. 4. Position Transducers (PTs)

Load cell

PT2

Load cell (5 kip)
Actuator LVDT
External Position Transducers:

PT1 & PT7 : Moving part displacement *
PT2: Stationary part displacement
PT3: Deck slip on the moving part
PT4: Deck slip on the stationary part
PT5: Relative movement at the middle
PT6: Relative movement on the side
* PT1 and PT7 are selected to be short position transduce
(length=1”) to increase the accuracy of the displacement
measurements. The results are combined to provide a ful
of displacement records for the moving part.

Applied displacement (d):
d= (PT1&PT7)-PT2-PT3-PT4
d is the displacement applied to the sidelap excluding the
movements of the stationary part (PT2) and the slip at the
(PT3 and PT4), which are typically very small.

Loading protocol
The FEMA 461 cyclic loading protocol has been adopted here. Notably, recent
and extensive CFS-based cyclic fastener tests (Tao et al. 2016) and recent
extensive experimental program on the sidelap and framing connections;
(Torabian et al. 2018) also employed the FEMA 461 protocol. The loading rate
in the testing program is assumed to be 0.01 in./sec throughout all cycles.
However, the loading rate has been decreased to 0.0033 in./sec in the initial
cycles (first 3 steps in the loading) to increase the displacement resolution for
the small displacement amplitudes at the beginning of the testing.
Test Observations
The failure mode of all screw sidelaps was screw tilting and bearing as shown in
Fig. 5. However, the plate deformation around the screw was different for the
two different screw edge distances. As shown in Figs. 5a and 5b, when the edge
distance is about 1/4 in., more edge deformation and plate out-of-plane
deformation were observed throughout the tests.
It should be noted that in large cyclic displacements, the screw started to back
out of the hole to accommodate the large tilting angle and the back out was
irreversible and ultimately ended up in a complete removal of the screw.
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(a) Edge distance=1/4”
At peak load

(c) Edge distance=3/8”
At peak load

S18-12-1/4-C3

S18-12-3/8-C3

(b) Edge distance=1/4”
In last cycle

(d) Edge distance=3/8”
In last cycle

S18-12-1/4-C3

S18-12-3/8-C3

Fig. 5. Screw and deck deformations at the peak load and in the last cycle for 18 gauge
deck sidelap with #12 screw

In the following figures (Figure 6-11), the cyclic response of all specimens is
provided. Comparing the results of the same gauge steel deck can show the
effect of the screw edge distance on the behavior of the screw sidelap. As shown
in the figures, the larger edge distance can typically provide higher strength and
slightly higher ductility for the nestable screw sidelap.
Table 2 summarizes the mean peak strength and stiffness of the cyclic tests in
the 1st (positive) and 3rd (negative) quadrants. The strength degradation from
reducing the edge distance is clear from the results, but the effect on the stiffness
is not well correlated with the edge distance and the stiffness variations are quite
high in the cyclic response.

Test Results : Screw
sidelap (1 Screw)
807

CFS

1.5 in WR Nestable Sidelap

Deck thickness: 1.5 in WR- 18 gage
Fastener: #12-14 x 1” HWH with #3 d
Fastener edge distance: 1/4”

Note:
- Test results (shear force) are divid
to provide results for one fastener

Test
Results : Screw sidelap (1 Screw)
Fig. 6. Screw sidelap 18 gauge deck, edge distance=1/4 in.

CFS

1.5 in WR Nestable Sidelap

Deck thickness: 1.5 in WR- 18 gage
Fastener: #12-14 x 1” HWH with #3 d
Fastener edge distance: 3/8”

Note:
- Test results (shear force) are divid
to provide results for one fastener.

Fig. 7. Screw sidelap 18 gauge deck, edge distance=3/8 in.

Test Results : Screw
sidelap (1 Screw)
808

CFS

1.5 in WR Nestable Sidelap

Deck thickness: 1.5 in WR- 20 gage
Fastener: #12-14 x 1” HWH with #3 d
Fastener edge distance: 1/4”

Note:
- Test results (shear force) are divid
to provide results for one fastener.

TestFig.Results
: Screw sidelap (1 Screw)
8. Screw sidelap 20 gauge deck, edge distance=1/4 in.

CFS

1.5 in WR Nestable Sidelap

Deck thickness: 1.5 in WR- 20 gage
Fastener: #12-14 x 1” HWH with #3
Fastener edge distance: 3/8”

Note:
- Test results (shear force) are divid
to provide results for one fastener

Fig. 9. Screw sidelap 18 gauge deck, edge distance=3/8 in.

Test Results : Screw
sidelap (1 Screw)
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CFS

1.5 in WR Nestable Sidelap

Deck thickness: 1.5 in WR- 22 gage
Fastener: #10-16 x ¾” HWH with #3
Fastener edge distance: 1/4"

Note:
- Test results (shear force) are divid
to provide results for one fastener

Test
Results : Screw sidelap (1 Screw)
Fig. 10. Screw sidelap 22 gauge deck, edge distance=1/4 in.

CF

1.5 in WR Nestable Sidelap

Deck thickness: 1.5 in WR- 22 gag
Fastener: #10-16 x ¾” HWH with #3
Fastener edge distance: 3/8”

Note:
- Test results (shear force) are div
to provide results for one fastene

Fig. 11. Screw sidelap 22 gauge deck, edge distance=3/8 in.
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Table 2. Mean peak strength and stiffness of the cyclic test results
Peak Strength
Stiffness (@ 0.4 Pmax)
Specimen
Data
Positive
Negative
Positive
Negative
lb
lb
kip/in
kip/in
Mean
1180
-1220
100.3
82.7
S18-10-1/4"
c.o.v
6%
5%
40%
41%
Mean
1280
-1304
102.7
41.3
S18-10-3/8"
c.o.v
5%
3%
53%
32%
Mean
826
-804
37.5
37.5
S20-10-1/4"
c.o.v
10%
20%
22%
52%
Mean
808
-986
45.3
26.8
S20-10-3/8"
c.o.v
7%
5%
33%
11%
Mean
624
-621
21.7
23.6
S22-10-1/4"
c.o.v
11%
6%
13%
9%
Mean
612
-690
16.2
20.0
S22-10-3/8"
c.o.v
9%
1%
38%
3%

Cyclic back-bone and comparison to AISI-S310-16
The backbone of the cyclic tests has been compared in Fig. 12. The “Average”
results are the mean of 3 cyclic tests, and “Minimum” results are the minimum
of the averaged results in the 1st and 3rd quadrants. The “4-point” backbone
curve is a 4-point curve fit to the minimum data by equilibrating the area under
the curve for the test and model (energy balance). The peak strength and
stiffness of the 4-point curve are shown on the plots in Fig. 12 and summarized
in Table 3 along with the monotonic test results and AISI-S310-16 strength and
stiffness predictions.
The strength of the sidelap connection in cyclic tests are always lower than the
monotonic test results, due to cyclic strength degradation throughout the cyclic
loading. The same conclusion on the stiffness is not always valid, due to high
variation in the stiffness of the connection. Comparing the results of sidelap
specimens with edge distances of 1/4 in. and 3/8 in. shows that the strength of
the 3/8” in. edge distance specimens are higher than the 1/4 in. edge distance
specimens, but again the same conclusion for the stiffness is not always valid.
Comparing the results of both 1/4 in. and 3/8 in. edge distance specimens to the
AISI-S310-16 predictions reveals that the S310 prediction is closer to the results
of the smaller 1/4 in. edge distance specimens and the predictions are
conservative for monotonic loading and the 3/8 in. edge distance specimens.
Although AISI-S310 does not include the deck strength in the screw sidelap
equations, it is worth mentioning that the average yield strength of the decks are
about 54 ksi for the tested specimens.
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Test Results : Backbones

•
•
•

CFSRC

Initial stiffness Ko is associated with secant stiffness @ 0.2Pmax
12. Average
backbone
curves
the cyclic
tests results in the 1st and 3rd quadrants.
The “Average” result Fig.
is the mean
of 3 cyclic tests,
and “Minimum”
is theof
minimum
of the averaged
A “4-point” backbone curve is fitted to the minimum data by equilibration the area under the curves (energy balance)

Table 2. Mean peak strength and stiffness of the averaged cyclic test results and
comparison to the AISI-S310-16 screw sidelap
Peak Strength
Stiffness*
Loading
lb
kip/in
S18-10-1/4"
Cyclic
1175
129.5
S18-10-1/4"
Monotonic
1155
124.4
S18-10-3/8"
Cyclic
1246
129.5
S18-10-3/8"
Monotonic
1443
90.5
AISI-S310-16
N/A
1151
72.4
S20-12-1/4"
Cyclic
752
57.7
S20-12-1/4"
Monotonic
882
68.1
S20-12-3/8"
Cyclic
800
99.8
S20-12-3/8"
Monotonic
1046
33.3
AISI-S310-16
N/A
869
62.9
S22-12-1/4"
Cyclic
561
33.6
S22-12-1/4"
Monotonic
621
26.2
S22-12-3/8"
Cyclic
582
16.2
S22-12-3/8"
Monotonic
775
41.3
AISI-S310-16
N/A
633
57
*

Initial stiffness Ko of the cyclic tests is associated with secant stiffness @ 0.2Pmax

17/22
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Summary and Conclusions
A total of 24 nestable screw sidelap specimens including three different steel
deck gauges (18 ga., 20 ga., and 22 ga.), two different screw fastener sizes (#10
and #12), and two different screw edge distances have been tested in this study.
In monotonic tests, placing fastener at 3/8 in. from the edge versus 1/4 in. could
result in 20~25% increase in shear strength. In cyclic tests, placing fasteners at
3/8 in. from the edge versus 1/4 in. could result in a 7~19% increase in the
strength. Effect of fastener edge distance on the sidelap stiffness does not have a
clear pattern in the tests. The fastener secant stiffness includes high variability in
the tests. The variability could be related to the mechanics of the fastener as well
as the load level at which the secant stiffness is calculated. AISI-S310-16
strength predictions are found to be consistent with the 1/4 in. edge distance
results in this testing program.
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Sidelap and Structural Fastener Tests
for Steel Deck Diaphragms
Yifei Shi1, Shahab Torabian2, Benjamin W. Schafer3,
W. Samuel Easterling4, Matthew R. Eatherton5
Abstract
Steel deck diaphragm systems, which are commonly used for roof construction
in steel-framed buildings, consist of many parts such as corrugated steel deck
sheets, sidelap fasteners between adjacent sheets, structural fasteners from the
sheets to the supporting beams or joists, chord elements, and collectors. Loaddeformation behavior of a steel deck diaphragm system is typically dominated
by sidelap and structural fastener limit states. To understand and accurately
model the behavior of steel deck diaphragm systems, it is therefore necessary
to characterize the behavior of the individual fasteners. The effect of local
geometry and detailing at these fasteners such as how the sheets fit together,
fastener proximity to the sheet edge, and fastener location relative to the
corrugation is not well understood
This paper presents a testing program including 80 specimens with single
fasteners in flat steel deck sheets (not corrugated) that remove the effects of
corrugation and edge distance. The testing program included two types of sidelap
fasteners (#10 screws, #12 screws), four types of structural fasteners (powder
actuated fasteners, pneumatic power actuated fasteners, arc seam welds, #12
screws), as well as other variations such as number of deck plies for structural
fasteners (1 ply to support, 2 ply, and 4 ply), deck thickness (22 gage, 20 gage and
18 gage), and loading (monotonic and cyclic). A companion suite of 60
monotonic and cyclic tests were conducted with deck geometry and detailing
representative of typical construction. By comparing results between these two
sets of tests, the effect of deck geometry and fastener location was isolated.
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Introduction
The roofs of steel buildings typically use long corrugated steel deck sheets as
structural support between joists or beams. These long deck sheets are attached
together at their sides with fasteners or crimping referred to as sidelap connectors
and attached down to the supporting steel members with fasteners or welds
referred to as structural connectors. The attached steel deck sheets not only resist
gravity loads, but also combine to form a roof diaphragm system that acts to
transfer lateral loads to and between the elements of the vertical lateral force
resisting system. The behavior of steel deck diaphragms when subjected to lateral
loads, have been shown to be dominated by the localized behavior of and around
the sidelap and structural fasteners.
There have been a number of experimental programs that examine the behavior
of sidelap and structural fasteners in corrugated steel deck (e.g. Rogers and
Tremblay 2003). Some of these testing programs have shown that the response
of the fastener is sensitive to its placement relative to the corrugation, in particular
how close the fastener is to the cold-worked corner of the corrugation (Torabian
and Schafer 2018). It is unclear, therefore, how much the behavior of the
connector is related to the local material and geometric effects of the corrugation
and how much of the behavior of the connector is related to the action of the
fastener in a light-gage sheet of steel.
Standards such as AISI S100 (AISI 2012) provide design formulas for connectors
in light-gage sheet steel and these procedures are based largely on tests of
connectors in flat sheets of steel (e.g. see Pekoz 1990). A link is needed to bridge
the gap between the tests on sidelap and structural fasteners with corrugated deck
and tests on flat sheet steel. To fill this gap, an experimental program was
conducted on isolated single fasteners in flat sheets of deck material with similar
fastener types and sizes as those studied in a companion project that examined
behavior of these fasteners in corrugated steel roof deck.
The test setup used in this experimental program was designed to produce
controlled and relatively simple boundary conditions around the fasteners that are
expected to be more repeatable than the other typical deck fastener tests. The
testing program included two types of sidelap fasteners (#10 screws, #12 screws),
four types of structural fasteners (powder actuated fasteners, pneumatic power
actuated fasteners, arc seam welds, #12 screws), variation in the number of deck
plies to simulate structural fasteners in end lap conditions (1 ply to support, 2 ply
to support, and 4 ply to support), two deck thicknesses (22 gage, 20 gage and 18
gage), and two types of loading (monotonic and cyclic). A total of 80 specimens
were tested. Results from the tests are compared to each other and compared to a
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set of 60 companion tests with similar fasteners conducted with deck geometry
and detailing representative of typical construction.
Testing Plan and Test Matrix
Figure 1 shows the test setup used in the experimental program. Flat sheets of
steel deck material were obtained before they were corrugated, and cut to 6 in.
width for the specimens. Sidelap specimens used deck sheets at the top and
bottom while structural fastener specimens used deck sheets at the top and thicker
steel plate at the bottom as will be described later in this section.
The fixtures were used in a previous experimental program investigating the
behavior of fasteners in cold-formed steel studs and joists (Tao et al. 2016). As
shown in Figure 1, the top fixture is U-shaped and the bottom fixture is likewise
U-shaped with the U facing up. In any test with a single shear plane, there is an
eccentricity between the axial force in the two sheets which creates a small
moment. In axial tension test configurations where there is no restraint, the sheets
will bend out-of-plane and the fasteners are subjected to combined shear and
tension. In this test setup, the goal of the U-shaped fixtures is to keep the sheets
flat and in contact and by restraining the out-of-plane movement resist the small
moment that develops. Also, the goal of the fixtures is to restrain out-of-plane
buckling of the sheets during compression excursions of the cyclic loading.
Top Fixture
Connected to
Cross Head

Top Ply
6 in. x 8 in.
Fastener

Bottom of
Fixture Bolts
to a Fixed
Support

U-Shaped
Fixture Holds
Plies Straight
and in Contact
Extensometer
Measures
Relative Motion
Between Plies
Bottom Ply
6 in. x 10 in.
Clamping Plate

Figure 1. Test Setup

As shown schematically in Figure 1, an extensometer was used to measure relative
motion of the two plies. Other instrumentation included actuator load and actuator
displacement. Timelapse videos were also obtained for each specimen to help
document failure modes.
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Table 1. Test Matrix.

The test matrix is given in Table 1 as organized into 32 groups which are shown
as rows in the table. The first eight groups are specimens with sidelap fasteners.
With two specimens for each combination of fastener type, #10 screw and #12
screw, and deck thickness, 18 gage and 22 gage, there were 16 sidelap specimens
total. The next sixteen groups are specimens with one of the following four
structural fasteners: Hilti HSN 24, Pneutek K64062 fastener, 3/8 in. x 1 in. arc
seam weld, and #12 screw. With 2 monotonic and 3 cyclic tests for every
combination of structural fastener and deck thickness, a total of 40 single ply
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structural fasteners were tested. The last eight groups are specimens with
structural fasteners applied through either two or four plies of 22 gage steel deck.
With 24 two-ply or four-ply specimens, the total number of specimens in the
testing program was 80.
To understand what each specimen configuration is meant to simulate, it is
necessary first to identify the differences between nestable and interlock deck. As
shown in Figure 2a, the nestable deck has an overlap between deck sheets and
sidelap fasteners such as screws would be installed through both plies at the corner
of the trough. The interlock deck shown in Figure 2b is more typical in the
Western United States and uses mechanical crimping or top seam welds for the
sidelap connection.
The sidelap specimens shown in Figure 2c represents a sidelap connection
between sheets of nestable deck as shown in Figure 2d. The specimens use flat
deck material for both plies without corrugation so the effects of corrugation and
edge distance are excluded. In the structural fastener specimens shown in Figure
2e, a piece of deck material is connected to a 3/16 in. thick steel plate which
simulates the top flange of a joist or beam as shown in Figure 2f. The two-ply
specimens shown in Figure 2f simulate an end lap of either nestable or interlock
deck (see Figure 2g) where the fastener has to penetrate two plies of deck material
to connect to the structural support.
The two-ply specimens simulate shear between the two sheets but load is not
applied through the 3/16 in. structural ply (in the specimens a 2 in. x 2 in. square)
which represents end laps on joists or beams that are not collectors such as shown
in Figure 2h. Similarly, the four-ply specimens shown in Figure 2i, simulate a
condition where shear forces are transferred between sheets but not to the support.
In the four-ply case, the specimen simulates the corner of a nestable deck (see
Figure 2j) wherein the fastener has to penetrate four plies to get to the structural
support. The deck sheets are assumed to be laid from left to right starting from
the upper left in Figure 2j, i.e. sheets are installed in the order: 3, 4, 1, 2. The
primary shear deformations are assumed to act along the longitudinal axis of the
deck sheet and thus in the specimen (Figure 2i), sheets 2 and 4 are pulled up while
sheets 1 and 3 are pulled down as a group.
The cyclic displacement protocol from FEMA 461 (FEMA 2007) was used, which
has two cycles at each displacement step and a factor of 1.4 to relate the
displacement amplitude of one displacement step relative to the previous. For
each configuration, monotonic tests were conducted first and peak load, Pmax, and
elastic stiffness, Ke (secant stiffness at 0.2 Pmax) were obtained. The displacement
associated with inelasticity was then approximated as ∆a=0.8 Pmax / Ke. Consistent
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with the FEMA 461 displacement protocol, six cycles (three displacement steps)
were included before reaching the lowest damage limit state which was taken as
∆a. Monotonic tests used a constant displacement rate of 0.10 in/min
(approximately 3 mm/min), in accordance with AISI S905-13. (AISI 2013).
Sidelap
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Top Ply
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or On Seam
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Structural Connection
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1
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2

Interior Beam
That is Not a
Collector

j) 4 Ply
i) Specimen
Structural
Representing 4 Ply
Connection
Structural Connection
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Deck Material
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Materials and Fastener Installation Details
A typical screw installation is shown in Figure 3a. All screws were self-drilling
with the #10 and #12 screws for sidelaps being 10-16x3/4 HWH #2 F.P. and 1214x1 HWH #1 F.P., respectively. The #12 screws for structural fasteners used a
finer 24 threads per inch pitch and were S-MD 12-24x7/8 HWH #4. A Hilti ST
1800 adjustable torque screwdriver was used to install the screws and the torque
setting was adjusted accordingly for each type of specimen. More details are
available in Shi et al. (2018).
The pneumatic power actuated structural fasteners, see Figure 3b, were the
Pneutek K64062 for specimens with one-ply to the support and Pneutek K64075
for specimens with two-ply and four-ply to support conditions. An appropriate
Pneutek tool was used with air pressure equal to 180 psi, 200 psi, 200 psi, and 220
psi for one-ply 22 gage, one-ply 18 gage, two-ply 22 gage, and four-ply 22 gage
structural fasteners, respectively.

a) Screw

b) Pneumatic Power
Actuated Fastener

c) Arc Seam Weld

d) Powder Actuated
Fastener

Figure 3. Picture of Each Type of Fastener Tested

Arc seam welds, such as shown in Figure 3c, were made with SMAW process and
E6022 electrodes by a certified welder with experience making deck welds. The
target dimensions were 3/8 in. x 1 in. visible weld. Besides being relatively clean,
no surface preparation was conducted and surface coatings such as galvanizing or
thin coat of white primer were left undisturbed prior to welding. Plies were
clamped together and in the case of the two-ply and four-ply specimens, a hammer
was used to hit the specimens in the location of the weld to put the plies in contact.
The welding time, length of electrode used, and weld dimensions were recorded.
The average weld time was 17 seconds with an average visible weld length of 1.2
in. The length of electrode used was 1.9 in., 2.3 in., 2.7 in., and 3.5 in. for 18 gage
one-ply, 22 gage one-ply, 22 gage two-ply, and 22 gage four-ply, respectively.
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Figure 3d shows a typical Hilti HSN24 power actuated fastener. The Hilti DX460
SM tool was used for installation with red cartridge and power level of 2.5 for
one-ply structural specimens. For two-ply and four-ply structural specimens, the
black cartridge was used with power level of 1.5 and 2.0, respectively. All powder
actuated fastener installations were verified by checking that: 1) the fastener
clamped the steel deck down to the base steel, and 2) the nail head stand-off was
within the acceptable range using the Hilti “Power adjustment guide”.
Results and Discussion
Figure 4a shows a comparison of the load-deformation behavior of a typical
monotonic sidelap specimen for each of the two screw sizes and deck thicknesses.
A summary of results of all groups of tests is given in Table 2. For all of the
sidelap specimens, the failure mode was tilting of the screw (see Figure 6a) and
then pull-out wherein the threads would pull through the deck sheet one at a time.
The titling / pull-out failure mode is evident in the load-deformation behavior as
the initial flattening (22 gage) or reduction in stiffness (18 gage) is associated with
tilting and the sharp drops in strength with subsequent recovery of load are
associated with one thread being pulled through the deck and the next thread
coming into bearing.
Figure 4a shows that the thinner 22 gage deck exhibited more severe reduction in
stiffness during tilting (stiffness approaches zero) and that the #12 screw
developed more strength than the #10 screw, reaching an average of 40% larger
strength as given in Table 2. The resistance to tilting was not as sensitive to screw
size for the thicker 18 gage deck. Figure 4a and Table 2 show that there was little
difference in strength between the #12 and #10 sidelap screws in 18 gage deck.
The reduction in stiffness was also considerably less severe in 18 gage deck and
did not appear to be affected by screw size.
There were also key differences in the cyclic behavior. Figure 4b shows
monotonic and cyclic response for typical sidelap specimens with #10 screws in
18 gage deck. As is typical for many structural systems, cyclic loading causes
cyclic damage and a reduction in the strength compared to monotonic loading.
Table 2 demonstrates this trend for both #10 and #12 sidelap screws in 18 gage
deck with approximately 17% reduction in peak strength for cyclic loading
compared to monotonic. However, for 22 gage deck, the reverse is true and the
cyclic loading results in an average of 8% increased peak loads as compared to
monotonic. It is possible with the thinner deck, that the reversed loading resets
the fastener in the hole such that it reaches higher load before pull-out of the thread
or the increased strength could be related to cyclic hardening. Regardless, it is
not well understood why this happened for thinner deck and not thicker deck.
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1500

1500
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#10
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18 Gage #10 Screw

1000

18 Gage #12 Screw
1000

Load (lbs)

Load (lbs)

500

0

500

-500

-1000

0
0

0.2

0.4

0.6

Relative Movement of Plies (in.)

0.8

1

-0.5

0

0.5

Relative Movement of Plies (in.)

a) Monotonic Tests
b) Comparison of Monotonic and Cyclic
Figure 4. Typical Results from Sidelap Tests

Figure 5 shows typical monotonic and cyclic results for structural specimens
while Figure 6 shows pictures of typical failure modes and Table 2 tabulates the
results. The failure mode for screw structural fasteners in 22 gage deck was
typically tilting / pull-out for monotonic tests, but shifted to bearing for cyclic
tests (see Figure 6b). The failure mode for 18 gage deck was screw shear failure
for monotonic (see Figure 6c), but also shifted to bearing failure for cyclic tests.
The shift to bearing failure for cyclic tests of 18 gage deck caused a reduction in
average peak load, whereas the shift from tilting to bearing failure for cyclic tests
of 22 gage resulted in an increase in peak load.
As demonstrated by comparing Figure 5b and 5c, the power actuated fasteners
(PAF) had similar behavior in monotonic and cyclic structural specimens
regardless of whether they were powder PAF or pneumatic PAF. All of these
specimens failed due to bearing of the deck sheet as shown in Figures 6d and 6e
for powder PAF and pneumatic PAF, respectively. The specimens held relatively
constant strength during cyclic loading as the PAF head plowed through the
adjacent deck material. Both types of fasteners exhibited some cyclic degradation
compared to monotonic behavior.
The arc seam welds (Figure 5d) were capable of developing significantly larger
strength, between two to four times larger than other fasteners, although there was
more variability in the results. Three types of failure modes were observed
including a) tearing of the sheet around the weld (Figure 6g) which resulted in the
most strength, b) fracture of the deck sheet around the weld (Figure 6h) at a
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considerably smaller load, and c) shear failure of the weld itself was observed for
some specimens and was associated with smaller strength. The performance of
welds for decking attachment have been shown to be sensitive to welding time
and it has been observed that typical deck field welding does not produce
sufficient welding time (Snow and Easterling 2008).
In some cases, the fastener was so strong, the deck sheet buckled as shown in
Figure 6f. In these cases, the peak compression forces were not included in the
average cyclic peak load given in Table 2, but it was assumed that the peak tension
force was still representative of tension strength.
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Figure 5. Typical Results from Structural Fastener Tests
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a) Sidelap Screw
Tilting and Pullout

e) Pneumatic
PAF Bearing

b) Structural
Screw Bearing

f) Buckling of
Deck Sheet

c) Structural
Screw Shear

g) Tearing of Sheet
Around Weld

d) Powder PAF
Bearing

h) Shear Failure
of Weld

Figure 6. Typical failure modes

The effect of multiple plies on the strength of an arc seam weld is demonstrated
in Figure 7 wherein the strength of the weld in two plies is approximately the same
as one ply and the strength of the weld in four plies is approximately twice that of
one ply because two plies are being pulled in each direction. However, the general
trends as given in Table 2 show that the two-ply configuration resulted in less
strength than one-ply configuration. It is hypothesized that the fasteners are not
as effective when applied through multiple plies. For the four-ply configuration,
the specimens should develop twice the strength of the one-ply or two-ply
configurations if the fastener is equally effective because there are two deck sheets
being pulled each direction. The four-ply powder PAF and pneumatic PAF saw
four-ply strength that was bigger than two times the one-ply or two-ply strength
implying they are more effective per sheet with the addition of more plies.
Conversely, the four-ply configuration with #12 screws was less than two times
the one-ply or two-ply strength, implying they were less effective per sheet with
the addition of more plies.
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Figure 7. Effect of Multiple Plies
Table 2. Selected Results from Testing Program

Average
Monotonic
Peak Load2
(kips)
1.40
0.65
1.43
0.89
2.65
1.70
3.00
1.52
6.56
2.52
2.94
1.79
-

Average
Cyclic
Peak Load3
(kips)
1.12
0.71
1.24
0.93
2.27
1.67
2.32
1.34
6.26
3.89
2.65
1.92
1.51
1.68
1.65
3.47
3.62
3.01

Specimen
Deck
Row
Series
(gage)
Fastener1
1
18-SL-S10
18
#10 Screw Sidelap
2
22-SL-S10
22
#10 Screw Sidelap
3
18-SL-S12
18
#12 Screw Sidelap
4
22-SL-S12
22
#12 Screw Sidelap
5
18-ST-1P-H
18
Pwdr PAF Struct.
6
22-ST-1P-H
22
Pwdr PAF Struct.
7
18-ST-1P-PN
18
Pneum. PAF Struct.
8
22-ST-1P-PN
22
Pneum. PAF Struct.
9
18-ST-1P-W
18
Weld Structural
10
22-ST-1P-W
22
Weld Structural
11
18-ST-1P-S12
18
#12 Screw Struct.
12
22-ST-1P-S12
22
#12 Screw Struct.
13
22-ST-2P-H
2ply 22
Pwdr PAF Struct.
14
22-ST-2P-PN
2ply 22 Pneum. PAF Struct.
16
22-ST-2P-S12 2ply 22
#12 Screw Struct.
17
22-ST-4P-H
4ply 22
Pwdr PAF Struct.
18
22-ST-4P-PN
4ply 22 Pneum. PAF Struct.
20
22-ST-4P-S12 4ply 22
#12 Screw Struct.
1 Pwdr PAF = Hilti HSN24 Powder Actuated Fasteners
Pneum. PAF = Pneutek Pneumatic Power Actuated Fasteners
2 Peak loads are reported as the average of 2 monotonic specimens
3 Peak loads are reported as the average of positive peak and negative peak for 2 cyclic
specimens for sidelap fasteners or 3 cyclic specimens for structural fasteners. For cyclic
specimens that experienced sheet buckling, only positive (tension) peaks were included.
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Comparison to Companion Test Program
Figure 8a and 8b shows the test setup for sidelap and structural fasteners in the
companion test program (Torabian et al. 2018). Specimens used corrugated deck
and fasteners were installed in locations consistent with field conditions; that is,
structural fasteners for nestable deck were in the corner of the trough near the
edge of the deck sheet. See Torabian et al. (2018) for more details about the test
setup and test matrix.

a) Sidelap Testing Setup
b) Structural Fastener Testing Setup
Figure 8. Picture of Each Type of Fastener Tested

Table 3 tabulates the comparison between the isolated fastener tests in flat deck
sheets described in this paper (labeled as Virginia Tech) and the fastener tests with
configurations that simulate realistic field boundary conditions (labeled as Johns
Hopkins).
Table 3. Comparing Results with Tests Having Realistic Boundary Conditions

Virginia Tech1
Johns Hopkins2
Average
Average
Average
Average
Monotonic
Cyclic
Monotonic
Cyclic
Specimen
Peak Load
Peak Load
Peak Load
Peak Load
Row
Series
(kips)
(kips)
(kips)
(kips)
1
22-SL-S10
0.65
0.71
0.95
0.83
2
18-SL-S12
1.43
1.24
1.43
1.40
3
18-ST-1P-H
2.65
2.27
2.04
2.11
4
22-ST-1P-H
1.70
1.67
1.85
1.82
5
18-ST-1P-W
6.56
6.26
7.70
7.43
6
22-ST-1P-W
2.52
3.89
4.24
4.10
1 Specimens designed to simulate controlled boundary conditions in a flat sheet of deck
2 Specimens designed to simulate realistic field boundary conditions
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With the exception of the power actuated fasteners applied in 18 gage deck, all
other groups saw an increase in strength with corrugations. The PAF in 18 gage
deck (series 18-ST-1P-H) showed a 23% and 7% decrease in peak load going
from a flat deck sheets to the corrugated deck sheets for monotonic and cyclic
loading, respectively. Over all fasteners and series listed in Table 3, the specimens
with corrugations and more realistic boundary conditions resulted in an average
of 14% larger peak load. It is hypothesized that the stiffening of the material at
the corner of the corrugation may reduce the tilting of screws and the resist the
bearing of other fasteners better than the flat deck sheets. There may also be an
effective higher yield stress at the corners due to cold-working.
Conclusions
A testing program was conducted on a total of 80 sidelap and structural fastener
specimens representing typical connections in steel roof deck diaphragm systems.
The test setup was designed to create controlled boundary conditions and
eliminate the effects of deck corrugation and fastener edge distance. The test
program had two goals: 1) to examine the effect of deck corrugation and edge
distance by comparing to a set of companion tests that included these effects, and
2) use this simpler, more controlled type of test setup to explore the effect of other
parameters such as multiple deck plies and other fastener types.
Some of the findings include the following: 1) The strength of sidelap screw
specimens with thicker deck was not as sensitive to screw size as it was for thinner
deck. 2) In general, cyclic loading resulted in smaller strength than monotonic
which is expected due to cyclic degradation. However, there were some
exceptions like screws in 22 gage deck (both sidelap and structural). While this
is not well understood, the increase strength may be related to shifting the failure
mode from tilting to bearing in cyclic tests. 3) The power actuated fasteners
(PAF), both powder or pneumatic, failed due to bearing and resisted relatively
constant load during cyclic tests as the fastener head plowed through the deck
material. 4) Arc seam welds were found to be capable of generating two to four
times more strength than other fasteners, but there was more variability with three
failure modes, some of which exhibited low strength. 5) In general, the effect of
a two-ply configuration representative of an end lap connection to a support,
results in slightly reduced strength as compared to a one-ply to support
configuration. 6) For the four-ply configurations representing the corner of a
sheet in the end lap of a nestable deck, the strength per ply was greater than oneply configurations for PAF, but less for screw structural fasteners. 7) By
comparing to the companion tests, it was found that there was an average of 14%
increase in strength with corrugations and relatistic boundary conditions, although
there was much variability between groups.
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This paper represents preliminary analysis of the test data and further examination
of the data with particular emphasis on ductility and energy dissipation is planned.
Also, more in-depth analysis comparing the results to the companion tests is
underway.
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Tensile Strength and Serviceability of Cold-Formed Steel Clip
Angles
Wenying Zhang 1, Zhishan Yan 2, Mahsa Mahdavian 3, Mohamad Yousof 4, Cheng
Yu 5
Abstract
This paper reports the recent research findings of cold-formed steel clip angles in
tension. The relevant experimental program and the proposed design methods are
presented. The test program involved two phases of testing: Phase I of program
focused on the pull-over strength of screw connections on the anchored leg of the
clip angles, and Phase II of program concentrated on the tensile strength of the
anchored leg of the clip angles within the service deflection limit. Design methods
for predicting the pull-over strength as well as tensile strength within the
serviceability deformation limit are proposed based on the test results and
analytical analysis. The Allowable Strength Design safety factors and the Load
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and Resistance Factor Design, Limit State Design resistance factors are also
produced to support the proposed design methods.
Introduction
Cold-formed steel (CFS) clip angles are common connectors used in CFS
buildings. The cantilevered leg of the clip angle may subject to shear, axial
(compression or tension), bending, or a combination of those three forces. A
comprehensive test program was recently conducted at the University of North
Texas to investigate the clip angles’ behavior under shear, tension, and
compression. Shear and compression test and the recommended design methods
have been reported by Yu et al. [1,2]. This paper focuses on the tensile capacities
of the anchored leg of clip angle connectors. Screw pull-over failure is the typical
failure mode in such connections. The screw pull-over strength has been studied
experimentally and analytically [3-5]. Among those, the research findings from
Pekoz [4] form the design basis for screw pull-over strength in North American
Specification for the Design of Cold-formed Steel Structural Members AISI S100
[6]. However, initial confirmatory tests in this research showed that the tested
pull-over strength was significantly less than the predicted values that were
determined using AISI S100 (2016). It’s also showed that most of the clip angles
in pull-over tests reached their peak loads at relatively large deformation, which
was greater than the connectors’ serviceability deflection limit of 3.2 mm (1/8 in.)
as specified in Acceptance Criteria For Connectors Used With Cold-Formed Steel
Structural Members ICC-ES AC261 [7]. Therefore, the objective of this research
is to investigate the tensile capacity and to develop appropriate design methods of
the anchored leg of CFS clip angles. Two limit states are considered in this
research, i.e. screw pull-over failure and the deflection limit due to serviceability.
Test program
The test program included two phases of testing: Phase I of program focused on
the pull-over strength of screw connections on the anchored leg of the clip angles,
and Phase II of program concentrated on the tensile strength of the anchored leg
of the clip angles within the service deflection limit. All clip angle specimens were
tested in the Structural Testing Laboratory at the University of North Texas,
shown in Figure 1. Altogether, 49 tests were included in Phase I test program and
38 tests achieved the desired screw pull-over failure. Phase II of project
encompassed a total of 26 tension tests. The nominal thickness of the test
specimens ranged from 0.84 mm (33 mil) to 3.00 mm (118 mil). Table 1 lists the
measured dimensions, screw configurations, and tested material properties. The
yield stress, Fy, and tensile strength, Fu, were obtained from coupon tests
conducted according to ASTM A370 Standard Test Method and Definitions for
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Mechanical Testing of Steel Products [8]. Figure 2 illustrates the measured
dimensions of the clip angles and the tension load direction. As illustrated, L
measures the flat length of the anchored leg between the center of the first line of
screws and the bend line; B is the width of the clip angle; and t is the uncoated
steel thickness. The dw’ is the measured hex washer head integral washer
diameter. A minimum of two tests were performed for each specimen
configuration. If the difference in the maximum load between the first two tests
was greater than 10% of the average result, a third test was conducted.
Hydraulic cylinder rod

Load cell

Loading plate

Position transducer

Supporting member
Lateral support
Base fixture

Clip angle specimen

Backing sheet

Figure 1 - Test setup for tension tests
Loading direction
B
Cantilevered leg

t

Anchored leg

S

L

Figure 2 - Loading direction and measured dimensions
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Table 1 - Properties and measured dimensions of clip angles
Test Label

Phas
eI

Phas
e II

L
(mm)

B (mm)

t
(mm)

dw’
(mm)

No. of
screws

S1
22.8
76.7
1.5
8.2
4
S3
22.1
132.8
1.5
8.2
3
S4
23.0
190.4
0.9
8.2
4
S5
23.2
191.0
1.2
8.2
4
S6
22.8
76.3
1.2
8.2
4
S8
22.9
133.5
1.2
8.2
3
S9
22.6
191.5
0.9
8.2
4
S10
22.0
190.4
1.5
8.2
4
T1a
27.0
44.4
0.9
8.2
2
T3a
38.7
44.5
1.5
8.2
2
T4a
14.7
44.5
1.8
8.2
2
T5a
23.6
44.5
0.9
8.2
2
T5b
27.0
44.5
0.9
8.2
3
T3b
38.7
44.5
1.5
8.2
3
T4b
14.7
44.5
1.8
8.2
3
T1b
16.7
44.4
0.9
12.5
2
T1c
27.0
44.4
0.9
12.5
2
T3c
38.7
44.5
1.5
12.5
2
T5c
27.0
44.5
0.9
12.5
2
T4c
14.7
44.5
1.8
12.5
2
T6
21.4
44.4
3.4
12.5
2
T3
38.7
44.5
1.5
8.2
2
S5
22.8
190.5
1.2
8.2
4
4.5D_D1a
23.4
114.3
1.5
8.2
2
4.5D_D1b
23.4
114.3
1.5
8.2
4
4.5D_D0.75
17.1
114.3
1.5
8.2
2
a
4.5D_D0.75
17.1
114.3
1.5
8.2
4
b
4.5D_D1.5
36.1
114.3
1.5
8.2
4
4.5A_D1a
23.0
114.3
2.5
10.5
2
4.5A_D1b
23.0
114.3
2.5
10.5
4
4.5A_D0.75
16.6
114.3
2.5
10.5
2
a
4.5A_D0.75
16.6
114.3
2.5
10.5
4
b
4.5A_D1.5
35.7
114.3
2.5
10.5
4
Note: 1-the screws refer to those used on the anchored leg.

Screw
type1

8
8
8
8
8
8
8
8
8
8
8
8
8
8
8
14
14
14
14
14
14
8
8
8
8

Fy
(MPa)

315.1
315.1
344.0
319.9
319.9
319.9
344.0
315.1
344.0
315.1
377.8
344.0
344.0
315.1
377.8
344.0
344.0
315.1
344.0
377.8
342.0
315.1
319.9
317.8
317.8

Fu
(MPa)

8

317.8

439.2

8

317.8

439.2

8
12
12

317.8
373.7
373.7

439.2
441.3
441.3

12

373.7

441.3

12

373.7

441.3

12

373.7

441.3

345.4
345.4
384.7
353.0
353.0
353.0
384.7
345.4
384.7
345.4
459.9
384.7
384.7
345.4
459.9
384.7
384.7
345.4
384.7
459.9
366.8
345.4
353.0
439.2
439.2

Phase I tests results are given in Table 2. In the table, Ptest is the peak load per
screw; Δ is the vertical deflection of the clip angle corresponding to the peak load;
P1/8 is the tension load per clip angle at the serviceability deflection limit of 3.2
mm (1/8 in.). Figure 3 shows the failure mode and load-displacement response of
a 0.838mm (33 mil) clip angle; it represents the typical behavior observed in pullover tests. Two No. 8 self-drilling screws were used to fasten the clip angle to the
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test bed and two No. 14 self-drilling screws were used to fasten the cantilevered
leg of the clip angle to the loading stud member. In the pull-over test, the clip
angle demonstrated three different stages of behavior. The initial stage had
relatively small stiffness, the tension resistance was provided by the bending
capacity of the anchored leg of the clip angle. As the cantilevered leg was
continuously being pulled up, the tensile strength of two legs in a clip angle began
to contribute to the resistance of the applied force and later became the primary
load bearing mechanism. At this stage, the stiffness of the clip angle increased
significantly. The clip angle finally failed by pull-over failure at the screws on the
anchored leg. The anchored leg of the clip angle separated from the test bed and
the tension strength dropped instantly. In all the pull-over tests, excessive
deformation was observed before the peak load was reached.

10

Applied force (kN)

8

6

4

2

0

0

10

20
30
40
Vertical displacement(mm)

50

Figure 3 - Typical behavior of a clip angle in Phase I tests
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Table 2 - Test and analysis results of Phase 1 specimens
Ptest
/ Ptest
/
Test Label Ptest (kN) ∆ (mm) P1/8 (kN)
PAISI
Pnov
S1_1
3.301
25.58
1.290
0.526
1.051
S1_2
3.060
26.34
1.054
0.488
0.975
S3_1
3.314
26.42
2.050
0.528
1.055
S3_2
3.011
24.94
1.873
0.479
0.959
S4_1
1.641
27.08
1.195
0.411
0.821
S4_2
1.268
21.82
0.974
0.317
0.633
S4_3
1.793
25.37
1.536
0.448
0.896
S5_1
2.117
27.56
1.363
0.414
0.829
S5_2
1.779
27.58
0.990
0.348
0.696
S5_3
2.576
26.06
2.171
0.503
1.007
S5_4
2.358
26.77
1.531
0.461
0.922
S6_1
2.318
24.41
0.881
0.453
0.905
S6_2
2.398
26.37
0.948
0.469
0.938
S8 _1
2.531
26.62
1.155
0.495
0.989
S8_2
2.509
25.91
1.309
0.491
0.982
S9_1
1.312
26.49
1.068
0.328
0.657
S9_2
1.130
23.88
0.637
0.283
0.566
S9_3
1.610
23.83
1.006
0.403
0.805
S9_4
1.463
27.31
0.975
0.367
0.733
S10_1
2.326
28.30
2.394
0.370
0.741
S10_2
2.616
27.46
1.811
0.416
0.833
S10_3
2.767
28.55
2.556
0.440
0.881
T1a_1
2.237
26.26
0.351
0.534
1.068
T1a_2
2.535
23.90
0.319
0.606
1.211
T3a_1
4.515
36.37
0.519
0.719
1.438
T3a_2
4.399
34.90
0.593
0.701
1.401
T4a_11
3.639
17.40
1.852
T4a_21
4.310
19.43
1.987
T5a_1
2.353
22.66
0.219
0.562
1.123
T5a_2
2.086
22.20
0.222
0.498
0.997
T5b_1
2.224
24.43
0.231
0.557
1.114
T5b_21
2.277
28.52
0.154
T3b_11
2.400
37.74
0.374
T4b_11
4.404
21.13
1.787
T4b_21
4.662
21.64
1.990
-
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Table 2 - Test and analysis results of Phase 1 specimens (continued)
Ptest
/ Ptest
/
Test Label Ptest (kN) ∆ (mm) P1/8 (kN)
PAISI
Pnov
T1b_1
3.825
18.44
0.506
0.625
1.250
T1b_2
3.710
18.42
0.438
0.606
1.212
T1c_1
3.639
23.34
0.225
0.595
1.189
T1c_2
3.505
27.05
0.209
0.573
1.146
T3c_1
5.663
36.55
0.300
0.589
1.178
T3c_2
5.992
39.85
0.284
0.623
1.246
T5c_1
3.754
25.58
0.264
0.614
1.227
T5c_2
4.297
26.31
0.715
0.702
1.404
T5c_3
3.456
27.56
0.400
0.565
1.129
T4c_11
4.123
15.44
1.573
T4c_21
5.617
17.65
2.564
T6_11
6.794
21.16
4.591
T6_21
4.798
15.75
4.637
Mean
0.503
1.005
St. Dev.
0.109
0.208
C.V
0.217
0.207
Note: 1- Tests failed in screw shear failures rather than pull-over.
According to the pull-over test results, most of the CFS clip angles reached their
peak loads at relatively large deformation, which was greater than the connectors’
serviceability deflection limit of 3.2 mm (1/8 in.). Therefore, Phase II program
focused on the tensile capacity of clip angles within the service deflection limit of
3.2 mm (1/8 in.). Figure 4 shows the deformation of a 2.464 mm (97 mil) clip
angle with No. 12 self-drilling screws at the service deflection limit of 3.2 mm
(1/8 in.). The initial stiffness was relatively small and the tension resistance was
provided mainly by the bending of the angle. The results of Phase II tests are
provided in Table 3.
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7
4.5A ＿D1.5＿2

Applied force (kN)

6
5
4
3

Disp @ 3.2 mm

2
1
0

0

2

4
6
8
10
Vertical displacement(mm)

Figure 4 - Typical behavior of a clip angle in Phase II tests
Table 3 - Results of tension tests in Phase II
Test Label
P1/8 (kN)
T3_1
0.592
S5_1
2.134
S5_2
2.292
4.5D_D1a_1
1.607
4.5D_D1a_2
1.519
4.5D_D1b_1
1.836
4.5D_D1b_2
2.018
4.5D_D0.75a_1
2.145
4.5D_D0.75a_2
2.281
4.5D_D0.75b_1
2.882
4.5D_D0.75b_2
2.733
4.5D_D1.5_1
1.013
4.5D_D1.5_2
1.001
4.5A_D1a_1
5.400
4.5A_D1a_2
5.485
4.5A_D1b_1
7.601
4.5A_D1b_2
7.306
4.5A_D0.75a_1
5.269
4.5A_D0.75a_2
7.859
4.5A_D0.75a_3
7.458
4.5A_D0.75b_1
10.588
4.5A_D0.75b_2
11.574
4.5A_D1.5_1
4.072
4.5A_D1.5_2
3.044
4.5A_D1.5_3
3.420

12

14
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Proposed Pull-Over Strength for CFS Clip Angles
The pull-over strengths obtained from the tests were compared with the pull-over
strength calculated according to AISI S100 [6]. It’s found that the test results were
on average 50.3% of the predicted pull-over strength by AISI S100 with a
standard deviation of 0.109. Therefore, with simple modifications to the existing
AISI design method, a design method for the pull-over strength of CFS clip angles
was developed. The nominal pull-over strength of sheet per screw:

Pnov = 0.75t1d w' Fu1

(2)

Where,
d′w = effective pull-over diameter determined in accordance with Section J4.4.2
of AISI S100 [6]
t1 = design thickness of member in contact with screw head or washer

Fu1 = tensile strength of member in contact with screw head or washer
The parameter ranges of the tested specimens are:

Clip angle design thickness: 0.84 mm to 1.37 mm (33 mil to 54 mil);
Clip angle design yield strength: 227.5 MPa to 344.7 MPa (33 ksi to 50 ksi);
Screw size: No. 8 or No. 14.
A comparison between the test results and the proposed design method is listed in
Table 2. Since the limit state is the pull-over failure of the screw connections, the
parameter limits of the clip angles in this test program do not apply to the pullover strength of screw connections. Therefore, it is recommended that the existing
limits specified in Section J4.4.2 of AISI S100 [6] shall apply to the proposed
pull-over design equations.
The LRFD and LSD resistance factors, ϕ, and the ASD safety factors, Ω, for the
proposed design method were determined using the provisions in Chapter K of
the AISI S100 [6].

φ = Cφ ( M m Fm Pm ) e

− β 0 VM2 +VF2 + CPVP2 +VQ2

Ω =1.6 / φ

Where,

(3)
(4)
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Cφ - Calibration coefficient, 1.52 for LRFD and 1.42 for LSD;

M m , Fm , Pm - Mean value of material factor, fabrication factor and professional

factor;

β0

- Target reliability index, equals to 3.5 for connections for LRFD and 4.0 for
LSD;

VM ,VF ,VP ,VQ - Coefficient of variation of material factor, fabrication factor, test
results and load effect;

CP - Correction factor.
The type of component specified in AISI S100 [6], Screw Connections – PullOver, was chosen for the statistical analysis. The results are listed in Table 4. The
calculated resistance factors are close to the AISI values: 0.52 vs. 0.50 for the
LRFD resistance factor and 0.42 vs. 0.40 for the LSD resistance factor.
Table 4- Resistance factors and safety factor for the proposed pull-over design
method
Considered as Screw
Connections – Pull-Over
Quantity
38
Mean
1.005
Std. Dev.
0.208
C.V
0.207
Mm
1.10
Vm
0.10
Fm
1.00
Pm
1.005
Vf
0.10
3.5
β (LRFD)
4.0
β (LSD)
VQ
0.21
0.52
φ (LRFD)
0.42
φ (LSD)
3.05
Ω (ASD)
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Proposed Tensile Strength of CFS Clip Angles within the Serviceability
Deformation Limit
Analytical Model
The mechanical model of the clip angle can be viewed as a uniform crosssectioned beam shown below:

Figure 5 - Mechanical model of a clip angle
The deflection of the clip angle can be obtained as the sum of the deflections of a
cantilevered beam and a beam with one spring-hinged end:

δ = δE + δR =

PL3 PL2
+
3EI K

(5)

Therefore, the applied shear force P can be expressed as:

3EIK
3K
EI
EI
P= 3
δ=
⋅ 3 ⋅ δ =α ⋅ 3 ⋅ δ
2
KL + 3EIL
( K + 3EI / L) L
L

(6)

Where,
δ– Total deflection;
δE – Deflection of elastic cantilevered beam;
δR –Deflection of elastic beam with a spring-hinged end;
P– Load at serviceability deflection limit of 3.2 mm (1/8 in.);
L– The flat length of the anchored leg between the center of the first line of screws
and the bend line;
E–Modulus of elasticity of steel;
I –Moment of inertia of the cross section, I = Bt 3 / 12 ;
B –Width of the clip angle;
t –Uncoated steel thickness of clip angle;
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K – Spring stiffness;

=
as α
α – A non-dimensional empirical coefficient defined

3K
PL3
=
.
( K + 3EI / L) EI δ

Design Equations for Nominal Strength
The α factor is a non-dimensional empirical coefficient which reflects the
constraint condition provided by the screws. For each clip angle specimen, the α
factor could be obtained using Eq.8. Regression analysis was then performed and
the result is shown in Figure 6, in which S is the maximum screw spacing in the
anchored leg of the clip angle. It’s easy to understand that the constraint force is
getting smaller with the increase of S/t, which leads to a smaller α factor. While
larger L/t indicates a more flexible clip angle and therefore a stronger screw
constraint, which results in a larger α factor. Therefore, the horizontal axis in the
regression analysis is selected to be t

L

S
. Since the proposed method is
t

essentially a deflection/serviceability check, the authors recommend the bottom
bound curve to be used in design, and a LRFD resistance factor of 1.0 and a ASD
factor of safety of 1.0 shall be applied to the design equation.
5

Phase I #8 screws
Phase I #14 screws
Phase II #8 screws
Phase II #12 screws
Design curve

α factor

4
3
2
1
0
0.0

0.2

0.4

0.6

0.8

Figure 6- Result of regression analysis

1.0
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t S
According to the regression analysis, α = 0.15 

L t 

−1.28

Therefore, the nominal tensile strength of CFS clip angles within the
serviceability deformation limit is:

 St 
=
P 0.15 

 L 

−1.28

⋅

EI
⋅δ
L3

(9)

Where,
L– The flat length of the anchored leg between the center of the first line of screws
and the bend line
E–Modulus of elasticity of steel (E=2.0×105MPa , or 29500 ksi)
I –Moment of inertia of the cross section, I = Bt 3 / 12
B –Width of the clip angle
t –Uncoated steel thickness of clip angle
S –Maximum screw spacing in anchored leg of clip angle
The parameter range of the tested specimens is:
Clip angle design thickness: 0.84 mm to 3.00 mm (33 mil to 118 mil);
Clip angle design yield strength: 228 MPa to 345 MPa (33 ksi to 50 ksi);
Screw size: No. 8, No.12 or No. 14.
It is worth mentioning that the proposed design method was developed from
actual dimensions and strength of the specimens, therefore use of nominal
dimensions and strength may yield conservative results from the proposed
method.
Conclusions
Tensile capacities of the anchored leg of CFS clip angles were investigated
experimentally and analytically. Two limit states are examined, i.e. screw pullover failure and the deflection limit due to serviceability. The pull-over test results
revealed that the existing pull-over design method in AISI S100 (2012) could be
applied to clip angle applications with a reduction factor of 0.5. A new design
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equation for the tension strength at the deflection limit was proposed based on
regression analysis of the test results. The Allowable Strength Design safety
factors and the Load and Resistance Factor Design, Limit State Design resistance
factors are also produced to support the proposed design methods.
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Strength of Cold-Formed Steel Clip Angle in Combined
Bending and Shear Loading
Cheng Yu 1, Zhishan Yan 2, Wenying Zhang3
Abstract
Thin-walled cold-formed steel (CFS) clip angles have been commonly used
for connecting CFS framing members or attaching CFS members to the
major building structure. The implementation of clip angles involves
consideration of ultimate strength for combined bending moments and shear
forces. Therefore, a test program of CFS clip angle was recently conducted to
investigate the behavior and strength of cold-formed steel clip angle
subjected to combined bending moments and shear forces at different
boundary conditions. The research included connection tests on clip angle. The
testing method was adopted from the AISI S914 Test Standard for Joist
Connectors Attached to Clod-Formed Structural Framing. This paper presents
the details of the test program, test results as well as recommendations for CFS
clip angle configurations.
Introduction
Thin-walled cold-formed steel (CFS) clip angles have been commonly used for
connecting CFS framing members or attaching CFS members to the major
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building structure. The cantilevered leg of the clip angle may subject to shear,
axial (compression or tension), bending, or a combination of those three forces. A
comprehensive test program was recently conducted at the University of North
Texas to investigate the clip angles’ behavior under shear, tension, and
compression (Yu et al., 2015). The objective of this paper is to investigate the
shear strength of the clip angles in actual loading and boundary conditions that
exist in CFS framing. Therefore, CFS joist connectors are tested under combined
bending and shear. Two types of boundary conditions, rigid and semi-rigid, for
the cantilevered leg of clip angles are included. Details of the test program, test
results as well as recommendations for CFS clip angle configurations are
provided.
Test Setup and Test Procedure
The CFS joist connector tests used AISI S914 (2015) as a guide for the test setup
as illustrated in Figures 1 and 2. In each test, a two identical CFS joists were
connected using one structural steel tube at the mid span, shown in Figure 3. Steel
angles were also used to connect the flanges of the two joists. The joist assembly
was anchored to two supporting members at both ends by four identical CFS clip
angles. A structural steel load transfer block was used to apply a vertical force to
the steel tube. Four position transducers were used to measure the vertical
deflection of the clip angles. A minimum gap of 1/8 was provided between the
end of each joist and supporting members to avoid any contact during the test.
The joist tests were performed in a displacement control mode at a constant speed
of 0.3 in. per minute.
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Figure 1 - Joist test setup

Figure 2 - Joist test setup
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Figure 3 - Connection details of the two joists (photo taken after test)
Test Specimens
A total of 14 joist tests were conducted. The clip angle label was used as the joist
test label. For all clip angles in this test program, single line of No. 14-14×1 selfdrilling self-tapping screws were used to attach the cantilevered leg of the clip
angle to the joist. The anchored leg of the clip angle was attached to the supporting
members by No. 10-24×1 BHSC bolts. All the clip angles were 54 mil. All the
joists were 28 in. long in this test program, the thickness was either 54 mil or 97
mil. Table 1 lists the measured dimensions, the tested material properties, joist
specifications, and the number of screws used in each clip angle. Figure 4
illustrates the measured dimensions

Figure 4 - Measured dimensions
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Table 1 - Properties of clip angles in the joist tests
Test Label

B (in.)

L (in.)

t (in.)

4.5D T#1
4.5F T#1
4.5F T#2
6.5A T#1
6.5A T#2
6.5B T #1
6.5B T #2
8.5B T #1
8.5B T #2
8.5B T #3
8.5B T #4
10.5B T#1
10.5B T#2
10.5B T#3
10.5B T#4

4.492
4.501
4.501
6.500
6.500
6.500
6.500
8.499
8.499
8.499
8.499
10.500
10.500
10.500
10.500

3.157
3.407
3.407
3.094
3.094
3.407
3.407
3.407
3.407
3.407
3.407
3.886
3.886
3.886
3.886

0.0583
0.0583
0.0583
0.0583
0.0583
0.0583
0.0583
0.0583
0.0583
0.0583
0.0583
0.0583
0.0583
0.0583
0.0583

Fy
(ksi)
46.1
46.1
46.1
46.1
46.1
46.1
46.1
46.1
46.1
46.1
46.1
46.1
46.1
46.1
46.1

Fu
(ksi)
63.7
63.7
63.7
63.7
63.7
63.7
63.7
63.7
63.7
63.7
63.7
63.7
63.7
63.7
63.7

# Screws
on C-leg
4
4
4
5
5
5
5
5
5
5
5
14
14
14
14

S
(in.)
1.25
1.25
1.25
1.44
1.44
1.44
1.44
1.94
1.94
1.94
1.94
0.75
0.75
0.75
0.75

Joist Spec.
600S250-97
600S250-54
600S250-54
800S250-54
800S250-54
800S250-54
800S250-54
1000S165-54
1000S165-54
1000S250-97
1000S250-97
1200S165-54
1200S165-54
1200S250-97
1200S250-97

Test Results
Table 2 summarizes the joist test results. The Ptest is the peak load per clip angle,
which was calculated using the total force divided by 4. The deflection, Δ, is the
vertical deflection of the controlling clip angle. The controlling clip angle was the
one with most significant deformation in each joist test. Pn is the predicted shear
strength using Eq. 2.6.
Test Label
4.5D T#1
4.5F T#1
4.5F T#2
6.5A T#1
6.5A T#2
6.5B T #1
6.5B T #2
8.5B T #1
8.5B T #2
8.5B T #3
8.5B T #4
10.5B T#1
10.5B T#2
10.5B T#3
10.5B T#4

Table 2 - Results of joist connector tests
Ptest (lbs)
∆ (in.)
Pn (lbs)
1760
0.227
2107
1688
0.218
2046
1640
0.228
2046
3276
0.218
3404
3207
0.297
3404
2595
0.151
3268
2959
0.130
3268
3800
0.201
4269
3829
0.088
4269
4650
0.702
4269
5417
0.114
4269
4981
0.146
7857
4936
0.074
7857
8305
0.181
7857
9061
0.154
7857

Ptest / Pn
0.835
0.825
0.802
0.962
0.942
0.794
0.905
0.890
0.897
1.089
1.269
0.634
0.628
1.057
1.153
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Direct comparison can be made for the 4.5D clip angles which were tested in both
the joist tests and the shear tests with the same configurations. Figure 5 shows the
comparison of the test curves. Figures 6 and 7 show the failure mode for the 54
mil 4.5 in. clip angles in the joist and the shear test respectively. It can be seen
that the 54 mil clip angle had similar peak load, deflection, and failure mode in
the two test programs.
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Controlling Clip Angle in 4.5D T#1 Joist Test
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Clip Angle II4.5 #b1 in Shear Test
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Figure 5 - T Comparison of 54 mil 4.5 in. clip angles in two test programs

Figure 6 - Failure mode of joist 4.5D T#1
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Figure 7 - Failure mode of shear test II4.5 #b2
Direct comparison can also be made on 54 mil 6.5 in. deep clip angles with 5
screws. The test curves are shown in Figure 8 and the failure mode is shown in
Figures 9 and 10. The clip angles in both test programs showed similar failure
mode. However the joist tests gave lower peak loads than those in the shear tests.
In the joist tests, the controlling clip angle had significant deformation while the
other three clip angles showed no observable deformation. It was believed that the
load redistribution took place during the test and it lowered the ultimate load that
the joist assembly could yield.
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Figure 8 - Comparison of 54 mil 6.5 in. clip angles in two test programs
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Figure 9 - Failure mode of joist 6.5B T#1

Figure 10 - Failure mode of shear test II6.5 #1
The joist test program discovered that for the deeper clip angles (8.5 in. and 10.5
in.) attached to 54 mil joists, significant deformation in the joist web was observed
when the clip angle reached its capacity. Figures 11 and 12 respectively show the
failure mode of 8.5B T#1 and 10.5B T#1 respectively where 54 mil joists were
used. Shear buckling occurred in the web of CFS joists where the clip angles were
installed. The clip angles in those two tests yielded lower strength than the
predicted values mainly due to a weaker boundary condition that the joist’s web
provided to the cantilevered leg of clip angles. Particularly for the 10.5 in. deep
clip angle, the clip angles only reached 63% of their predicted shear strength.
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Figure 11 - Failure mode of 8.5BT #1

Figure 12 - Failure mode of 10.5B #1
The 8.5 in. and 10.5 in. clip angles were re-tested using 97 mil joists in order to
avoid buckling in the web. Figures 13 and 14 show the failure of the joist test 8.5B
T#3 and 10.5B T#3 respectively, no failure in the joist web was observed. The
peak load was increased and comparable with the predicted values. The joist
connector tests discovered that the boundary condition could have significant
effect on the shear strength of the cantilevered leg of the clip angle. The proposed
shear design method assumes a solid support to the cantilevered leg and the
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anchored leg. The CFS clip angle may not be able to provide full shear strength if
the connecting members yield significant deformation. The shear strength of the
connecting members shall be checked to ensure structural safety.

Figure 13 - Failure mode of 8.5B T#3

Figure 14 - Failure mode of 10.5B T#3
Conclusions
The CFS joist connector tests were conducted to investigate the shear strength of
the clip angles when used in CFS framing. The test results found that the web
stability could have significant impact to the shear strength of the clip angle. When
the joist web could not provide adequate shear resistance, it could buckle at the
locations where the clip angles were installed. In order to achieve the full shear
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strength of a clip angle, the connecting members shall be able to provide solid
support to clip angle.
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Abstract
The design of cold-formed steel trusses can be a very complicated and long
repetitive process involving up to 28 load combinations added to serviceability
checks depending on the design standards being used. This process is particularly
tedious if a near optimal solution is required. Additionally, the risk of introducing
human errors is usually quite high as it is a process often done by hand.
FRAMECAD Structure is a niche software solution born from the desire to
provide a complete solution for constructing with cold-formed steel by a company
selling roll-forming machines. FRAMECAD Structure specialises on automating
the calculations and design of cold-formed steel framed panels, trusses and joists
with minimal user input. However, computational-oriented software applications
are often not optimised for performance, hence the inefficiency in obtaining a
design solution, i.e. the proposed solution is either not optimal or takes a
considerable time to compute. To provide guidelines on the design of cold-formed
trusses, this research uses FRAMECAD Structure to study which design
parameters are critical and what impact they have on optimising the design
outcome.
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1.

Introduction

Research on the optimisation of cold-formed steel structures has primarily
focused on portal frames and the use of genetic algorithms (Phan et al., 2011;
Phan, Lim, Tanyimboh, & Sha, 2013; Phan et al., 2013, 2015, Phan, Lim,
Tanyimboh, & Sha, 2012, 2017; Wrzesien et al., 2016) adapting research
developed on traditional hot-rolled steel portal frame buildings (Mckinstray et al.,
2015; Mckinstray, Lim, Tanyimboh, Phan, & Sha, 2014, 2016). Optimisation
through genetic algorithms has been researched for both 2D (Belén, Gero, Bello
García, & Del Coz Díaz, 2005; Deb & Gulati, 2001; Flager et al., 2014) and 3D
hot-rolled steel trusses (Belén, Gero, Bello García, & Del Coz Díaz, 2006). There
have been only a few research projects reported in the literature on the
optimisation of cold-formed steel roof trusses (Dawe & Wood, 2006; Tashakori
& Adeli, 2002; Xu, Min, & Schuster, 2000). This research has set out to fill the
gap by investing which design parameters are critical and formulating the findings
into a set of design guidelines.

Figure 1 Typical Cold-Formed Steel Roof Trusses (courtesy of FRAMECAD)

Cold-formed steel trusses such as those shown in Figure 1 above are widely used
for roof systems. However, the design of these trusses is notably complicated
(Mysore, Watson, & Gad, 2008) due to the number of members and their
geometry making use of tedious trigonometry in the calculations. The present
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study proposes to identify critical parameters for the design of standard (Figure
4), truncated (Figure 5), and parallel chords (Figure 6) trusses in order to improve
the design efficiency of these elements using a software application. Production
of the channel sections (Figure 2) can be done by press-braking or using a rollformer such as the one shown in Figure 3 below.

Figure 2 A Typical Geometry of a Channel Section

Figure 3 FRAMECAD F325iT Production System

FRAMECAD Structure is a dedicated computer-assisted cold-formed steel design
and engineering software system developed by FRAMECAD in New Zealand.
The design and calculation of trusses within FRAMECAD Structure is based on
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finite element methods. The system embeds international structural design
standards to extend its compliant cold-formed steel design application worldwide.
The software also fully supports ISO 16739 Industry Foundation Classes for
interoperability and data exchange with the open standard BIM (Building
Information Modelling) that is gaining popularity in the industry.
The main purpose of using a software application for the design and calculations
of cold-formed steel framed structures is to improve on the efficiency and
minimise the risk of errors. However, there is a large number of parameters to be
taken into account for the calculation process, such as load combinations, roof
pitch, section shape, section thickness, steel grade, etc. hence, being able to
automate the calculations while taking in account all of these parameters in order
to define the critical parameter, i.e. the parameter with the greatest influence on
the calculation of any type of truss, would help make the calculations quicker and
more accurate for this type. This improved efficiency and reduced risk of errors
can both be achieved by automating the order in which the parameters are changed
in the process of reaching an optimum design. The parameters analysed in the
present study are detailed in Table 1 below.
Table 1 Design Parameters

Parameter
Roof type
Roof Pitch
Truss Height
Truss Span
Web Pattern
Members
Section
Material
Thickness

Lower
value

Upper
value

Steel

Tiles

5°

45°

5°

20°

200 mm

1000 mm

100 mm

600 mm

2000 mm

7000 mm

500 mm

5000 mm

1

6

S89

S150

0.75 mm

1.55 mm

Step

Default
value
Steel

6
S89; S100; S150
0.75 mm; 0.95 mm;
1.15 mm; 1.55 mm

S100
0.95 mm

In the present study, we considered trusses composed of channel sections (Figure
2) members and we considered a truss spacing of 600 mm. We analysed sections
made out of 550MPa steel (grade G550). Dimensions of the channel sections
analysed are detailed in Table 2 below. These sections have been selected as the
most commonly used cold-formed Cee-sections for trusses within the
FRAMECAD building system.
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Table 2 Dimensions of the Analysed Channel Sections

Section
S89
S100
S150

2.

Height (h)
89 mm
100 mm
150 mm

Width (w)
41 mm
41 mm
41 mm

Lip (l)
12 mm
12 mm
12 mm

Parametric Analysis

Standard trusses, such as the one shown in Figure 4 below, are the only type of
structural trusses used for gable roofs and are the most popular truss shape in use.
The height of these trusses is dictated by the truss span and roof pitch, hence the
influence of height has not been studied in the case of standard trusses.

Figure 4 Uplift View of a Standard Truss

Truncated trusses, as shown in Figure 5, are composed of four types of elements:
• One horizontal bottom chord
• Two oblique top chords
• One horizontal top chord
• Several webs
Each of these elements has to be dimensioned in order to create the most optimised
truss.

Figure 5 Uplift View of a Truncated Truss

Parallel chords trusses present a single slope where both the top chord and
bottom chord have the same pitch, as shown in Figure 6 below. They represent
the third type of geometry analysed in the present study.
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Figure 6 Uplift View of a Parallel Chords Truss

The disposition of the webs according to specific patterns has a significant impact
on the load path and stability of the complete truss. For the purpose of this study,
we considered six types of web patterns presented in Figure 7 below.

a) Type 1

b) Type 2

c) Type 3

d) Type 4

e) Type 5
Figure 7 Web Pattern Types

f) Type 6

2.1. Calculation Method
The calculations are performed using the FRAMECAD Structure software, which
employs a finite element method as well as an automated checking process for
design compliance with normative requirements from various standards
embedded into the system. For the purposes of this study, all 8 load cases required
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for the design in accordance with the NASH NZ 2010 Building Standard (NASH
NZ, 2010) are listed in Table 3 below and tested for each truss design. Design
parameters corresponding to a hypothetical low-rise building located in Auckland,
New Zealand have been used. A wind speed of 32 m/s was assumed for the design
of each truss.
2.2. Testing Protocol
Each of the truss parameters identified as potentially having an impact on the
design is analysed individually. Base values are set for each of these parameters
so as to isolate the influence of each parameter on the results. They are listed in
Table 1.
The roof type determines if the loads accounted for in the calculation come from
a sheeted or tiled roof. The pitch of the roof is also tested along with the span,
members section and members section thickness. Web Pattern refers to the way
the webs are arranged in between the top and bottom chords along the truss. The
different web patterns tested are presented in Figure 7 above.
Table 3 Load Combinations for Roof Trusses (NASH NZ, 2010)

LC1
LC2
LC3
LC4
LC5
LC6
LC7
LC8

Load combination
0.44 Wu
1.0 G + 0.7 S
1.0 Q
1.2 G + 1.5 Q
0.9 G + 1.0 Wu
1.2 G + 1.0 Wd
1.2 G + 1.0 S
1.2 G + 1.5 Pe

Check type
Serviceability
Serviceability
Serviceability
Strength test
Strength test
Strength test
Strength test
Strength test

Serviceability limits
Δ ≤ min (L/240; 15mm)
Δ ≤ min (L/300; 15mm)
Δ ≤ min (L/300; 15mm)
-

where,
G = dead load (kN)
Q = live load (kN)
Wu = upwards wind load (kPa)
Wd = downwards wind load (kPa)
S = snow load (kN)
Pt = design point load (kN) (set to 1 kN for this study)
Pe = minimum of 5/8*Pt and 0.5 kN
L = member length (mm)
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Results that will be analysed include the ratio between the resisting capacities of
the truss versus the optimum resisting capacity for the truss under the considered
loads and a corrected total assembled weight.
The influence of various design parameters will be analysed following the
correction of the assembled weight. The correcting factor will be determined in
regard to the truss usage. In the case where the truss is not used to its maximum
capacity according to the load cases analysed, the assembly weight will be
increased by 1% for each percent under full capacity. In the case where the truss
is to fail according to the load cases tested, the assembly weight will be increased
by 2% for each percent above the full capacity.
However, given that this method can introduce a bias due to the manipulation of
the total assembly weight based on the distance to optimum, a further testing
should be undertaken based solely on the optimum design of trusses so that to
eliminate the truss usage parameter and the bias due to this factor.
2.3. Results Analysis Protocol
Results will be analysed using XY scatter plots as to identify trends and which
parameters have the most impact on the design outcome, measured with respect
to the weight of the truss.
This analysis will be cross-checked with a centrality analysis. Centrality analysis
comes from the network analysis in Social Sciences and allows one to identify the
most central element of a network (Epskamp, Cramer, Waldorp, Schmittmann, &
Borsboom, 2012). Considering our parameters and results as a network, this
centrality analysis allows us to identify which parameters are the most central and
hence the most critical in the design process. This second analysis will allow one
to identify parameters that are the most central to the variations on the corrected
assembly weight. The same data was used to plot graphs using Microsoft Excel
and RStudio software packages. The difference resides in the correlation estimate
made in RStudio in order to produce the network graph representation. Such
estimate is not calculated in Microsoft Excel. The correlation graphs have been
produced taking into account a threshold of 0.1 in order to improve the accuracy
of the representation and enhance the readability of the generated graphs.
3.

Analysis Results

This section presents the results of the analysis for each parameter. Both the
scatter plots and centrality analysis graphs are commented accordingly to
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highlight the influence of each design parameter on the total assembly weight of
a truss and therefore identify parameters that are critical in the design.
The corrected assembly weight is expressed in kg/m2 in each of the plots (Figures
8 to 13) below. The weight taken into account is the weight of the entire truss
corrected as described in the testing protocol (Section 2.2).
3.1. Analysis Results for Individual Design Parameters
Roof Type (Figure 8)
As expected a higher load on the roof lead to a heavier truss in the case of both
truncated and standard trusses though lead to a lighter parallel truss.

Figure 8 Corrected Assembly Weight vs Roof Type
Roof Pitch (Figure 9)
This plot shows how the pitch has little to no influence on the weight for truncated
and standard trusses within the 10 to 30 degrees range, which corresponds to
commonly used roof pitches. Parallel trusses are showing more sensitivity to that
parameter for the data that has been gathered with the truss weight increasing
linearly in the same range.
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Figure 9 Corrected Assembly Weight vs Roof Pitch
Height (Figure 10)
The weight of parallel trusses seems to evolve linearly with the truss height
whereas the weight of truncated trusses seems to stabilise when the height reaches
600 mm. In this graph, standard trusses aren’t represented as height isn’t a design
parameters for these in the model used to run this analysis. When testing for the
influence of height, we already know that given a pitch and a span the height of a
standard truss does not change, therefore the results for standard trusses are not
presented in this case.
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Figure 10 Corrected Assembly Weight vs Height
Truss Span (Figure 11)
This plot shows that the span does not have a strong influence on the truss weight
for both truncated and standard trusses. However, the influence of the span
becomes notable when it reaches 4 meters in the case of parallel trusses.
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Figure 11 Corrected Assembly Weight vs Truss Span
Web Pattern (Figure 12)
This plot demonstrates how adding more webs in order to stiffen the trusses
doesn’t necessarily leads to a heavier truss. For truncated and standard trusses, the
web pattern has little influence (to the exception of the second web pattern that
leads to a minimum weight for both truncated and standard trusses. Parallel trusses
seem more sensitive to the web pattern used with their weight varying more
importantly depending on the web pattern used.
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Figure 12 Corrected Assembly Weight vs Web Pattern
Members section and thickness (Figure 13)
The thickness of the material seems to have a linear influence in most cases though
a thickness of 0.95mm demonstrate a minimum in several cases (i.e. for the S89
truncated and standard trusses and for the S150 parallel truss).
When looking at the sections, we can notice that a bigger section doesn’t give a
heavier truss notably in the case of the truncated trusses where the S100 section
leads to a lighter truss for all the thicknesses analysed. In all other cases, to the
exception of what happened with a thickness of 0.95mm, larger sections lead to
heavier trusses for both standard and parallel chords trusses.
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Figure 13 Corrected Assembly Weight vs Section Thickness
Analysis summary
The analysis results above indicate that the parameters having the most impact on
the design of trusses, in general, are the roof type (i.e. applied load) and the
member section (both geometry and thickness). In addition, the height parameter
has a strong influence on the design of parallel chords trusses. Overall, parallel
chords trusses are the ones showing the most influence to each of the tested
parameters.
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3.2. Centrality Analysis Graphs Extracted from RStudio
In this section we are using centrality analysis graphs to identify the most
influential parameters aside of the roof type and members geometry (section and
thickness). In the figures below, each of the parameter analysed is represented as
a node of the graph. Centrality analysis then weight the strength of the correlation
in between the parameters and represent such correlation with a link. The thicker
the line to represent a link, the stronger the correlation in between two parameters.
Standard truss

Figure 14 Standard truss design parameters network
This figure shows how the corrected assembly weight (C.A) is more strongly
correlated to the web patterns (Webs) and the roof pitch (Ptc). These findings are
consistent with what was interpreted from the XY scatters plots generated by
Microsoft Excel once the roof type and members geometry are removed from the
data. It is reasonable to conclude that the web patterns and pitch are the two other
important parameters in the design of standard trusses. This graph also shows no
correlation between the corrected assembly weight and the truss height (Hgh)
which makes sense considering that the height does not enter into account in the
design of standard trusses with the model being used.
Truncated truss

Figure 15 Truncated truss design parameters network
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The figure above shows a good correlation between the C.A and Wbs as well as
the truss span (Spn). This is consistent with the findings from the scatter plots
from Microsoft Excel. The poor correlation between C.A and Hgh demonstrates
that Hgh does not have as much of an influence on C.A as Spn or Wbs.
Parallel chords truss

Figure 8 Parallel truss design parameters network
This graph shows a strong correlation between the C.A and Ptc and Spn and a
weaker correlation with Wbs. This is consistent with findings from the scatter
plots from MS Excel. The lack of correlation between the C.A and Hgh
demonstrates that Hgh does not have as much of an influence on C.A as Spn or
Wbs.
4.

Conclusions and Future Work

In conclusion, we can say that the most critical parameters in the design of coldformed steel trusses are the applied load (i.e. roof type) and the geometry of the
members (i.e. section type and material thickness). Furthermore, the chosen web
pattern is critical for all truss shapes considered here. Additionally, in the case of
standard trusses, the roof pitch is also influential; in the case of truncated trusses,
the span shows some significant influence; and in the case of parallel chords
trusses, both the pitch and span show similar levels of correlations with the total
assembly weight.
Further research should be carried out to investigate other truss geometries and
the influence of these parameters on the design of trusses designed to work in the
90 to 100% range of their maximum capacity without failure. In addition, an
experimental meta-analysis or physical experiments should be undertaken in order
to validate the results obtained in this study.
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Further work regarding the analysis of this dataset will compare and contrast the
graphs obtained from RStudio with similar datasets versus experimental datasets
in order to test for significant overall differences between these graphs using the
NetworkComparisonTest package (van Borkulo et al., n.d.; Van Borkulo,
Epskamp, & Maintainer, 2016) in R. Further work will be undertaken in
collaboration with researchers from Social Sciences in order to study the interest
of network analysis to test the validity of an engineering model.
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Fire Resistance of Cavity Insulated Light Gauge Steel Framed
Walls
Anthony Deloge Ariyanayagam1 and Mahen Mahendran2
Abstract
Light-gauge steel framed (LSF) wall systems are made of cold-formed steel studs
and tracks and lined with gypsum plasterboards. They are mostly cavity insulated
to provide acoustic and thermal performance. Cavity insulation delays the
temperature rise across the wall as it restrains the heat transfer. This delays the
ambient plasterboard surface temperature rise and thus improves the insulation
failure time of LSF walls. However, LSF walls are also used as load bearing walls.
Having cavity insulation causes the fire side temperatures to increase rapidly,
resulting in a higher temperature gradient across the stud depth. This leads to
higher thermal bowing deflection and crack openings on the fire side plasterboard
and exposing studs to higher temperatures. These effects reduce the fire
performance of load bearing walls. However, most designers consider that cavity
insulation is beneficial for all LSF wall configurations. Thus experimental and
numerical studies were conducted to investigate the effect of cavity insulation in
both load bearing and non-load bearing walls. Experimental study was conducted
on four full-scale wall panels with and without cavity insulation. Fire test results
showed that cavity insulation delays heat transfer and is beneficial for non-load
bearing walls. However, cavity insulation significantly reduced the fire resistance
of load bearing walls. Numerical study was then conducted to obtain the structural
adequacy failure times for varying levels of applied loads. This paper presents the
results of these studies including the stud failure times and temperatures. The
results showed that the use of cavity insulation significantly reduced the fire
resistance levels of load bearing walls.
Keywords: Light gauge steel framed walls, Cavity insulation, Load bearing wall,
Non-load bearing wall, Flame penetration, Cavity barriers.
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Introduction
In recent years, light gauge steel framed (LSF) walls are commonly used as load
bearing and non-load bearing walls in building construction. This is due to their
cost effectiveness, sustainability, consistent quality, resistance to external
elements such as termites, pests and mildew, and fire and acoustic resistance. In
general, LSF walls are made of conventional lipped channel section studs,
unlipped channel section tracks, and lined with single or two layers of gypsum
plasterboards and used with or without cavity insulation (Fig. 1). These wall lining
materials delay the temperature rise of the studs by acting as a thermal barrier and
prevent steel studs from being exposed to fire. The LSF walls form the
compartmentation to meet the acoustic, energy and fire resistance requirements.

Stud

Stud

Cavity
Insulation

Single plasterboard

Stud

Stud

Cavity
Insulation

Double plasterboards

Fig. 1. LSF walls
Fire Resistance Levels (FRL) in minutes is considered as the fire performance
indicator based on structural adequacy, integrity and insulation criteria and are
determined by subjecting the wall panel to the standard fire time-temperature
curve (SA, 2014). The fire behavioural characteristics of non-load bearing LSF
walls are different from those of load bearing walls with only insulation or
integrity failures governing their fire design. In non-load bearing LSF walls fire
penetration to the ambient side is to be prevented for insulation and integrity
failure criteria, whereas in load bearing walls, steel studs also need to be protected
from heat for structural adequacy. When LSF walls are exposed to fire, heat
transfer occurs across the cavity and steel studs heat up quickly and lose their
strength. Passive fire protections act as a thermal barrier, preventing fire spread
and structural collapse and protect lives in the event of a fire. There are several
passive fire protection methods that depend on wall configurations, plasterboard
thickness and number of layers, wall lining materials, insulation type and
thickness, stud spacing and geometry (Alfawakhiri, 1999, Feng and Wang, 2003,
Feng et al., 2005, Kodur and Sultan, 2006, Chen et al., 2012, Ariyanaygam and
Mahendran, 2012, Gunalan et al., 2013 and Kesawan and Mahendran 2015).
Insulating the wall cavity is one of the passive fire protection method.
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During fire events, cavity insulation acts as a thermal barrier, resists the
temperature rise and prevents flame penetration across the LSF walls. This will
delay the temperature rise on the ambient side plasterboard surface. Further, as
the heat energy is retained on the fire side, stud flanges on the fire side will have
higher temperatures than the ambient side stud flanges, resulting in a high
temperature gradient across the stud and thermal bowing deflection, and neutral
axis shift due to loss of stiffness across the cross-section of the stud. However,
this behaviour has not been investigated in detail and the influence of cavity
insulation on FRLs is not quantified.
In this paper, the influence of cavity insulation is investigated by focusing on the
fire resistance of both load bearing and non-load bearing LSF walls. An
experimental study was conducted on the fire performance of LSF walls with and
without cavity insulation. Full-scale fire tests of both load bearing and non-load
bearing walls were conducted. This paper presents the details of the standard fire
tests, and the results including the measured time-temperature curves of studs and
gypsum plasterboards and the lateral deflection curves of the tested wall panels.
Effects of cavity insulation on LSF walls are discussed and quantified based on
fire test results. A numerical study was then conducted to further evaluate the
influence of cavity insulation and the results are presented and discussed.
Experimental Studies
Fire test program consisted of four full-scale (3m x 3m) LSF wall panel tests. Test
panels T1 and T2 were non-load bearing walls while T3 and t4 were load bearing
walls (Table 1). All four test panels were lined with one layer of 16 mm thick
gypsum plasterboard on both sides. Test panels T2 and T4 were cavity insulated
with 75 mm thick glass fibre insulation (density 11 kg/m3). Test wall panels were
made of grade G300 steel 92*1.15 mm lipped channel studs spaced at 600 mm.
16 mm thick fire rated gypsum plasterboards were fastened to stud flanges at 200
and 300 mm spacing along the plasterboard edge studs and inner studs,
respectively.
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Table 1. LSF wall test panels and fire test results
Test
wall
T1
T2

Cavity
insulation
Glass fibre
(11 kg/m3)

T3

-

T4

Glass fibre
(11 kg/m3)

Non-load bearing

Failure
time (min)
94

Non-load bearing

106

Insulation

77

Structural adequacy

47

Structural adequacy

Remarks

Load bearing
(8 kN per stud)
Load bearing
(8 kN per stud)

Failure criterion
Insulation

The stud and gypsum plasterboard surface temperatures were measured across the
test wall panels using Type-K thermocouple wires. Thermocouple wires on the
studs were connected to their hot and cold flanges (HF and CF) at the mid-height
(1500 mm) of Studs 3 and 4, and at five locations on each plasterboard surface
across the wall panel. The mid-height lateral (out-of-plane) deflections of Studs 3
and 4 were measured using displacement transducers placed at 1500 mm height.

Test wall panels were placed in the test rig as shown in Fig. 2. LSF wall studs
were concentrically placed over six hydraulic rams positioned at a spacing of 600
mm. LSF wall fire tests were conducted using a 3 m x 3 m propane gas-fired
furnace and the test wall panel was exposed to the standard fire time-temperature
curve on one side (SA, 2014)]. T1 and T2 are non-load bearing wall panels, and
thus an axial compression load of 0.5 kN was applied at each stud to support the
self-weight of the wall panel. For load bearing test wall panels T3 and T4, an axial
compression load of 8 kN per stud was applied. The applied load was calculated
as 0.2 (Load ratio = 0.2) times the ambient temperature ultimate capacity (40.11
kN) of 92*1.15 mm lipped channel stud (Ariyanayagam and Mahendran, 2018).
In both non-load bearing Fire Tests T1 and T2, insulation failure occurred before
the integrity or structural failure. The average ambient plasterboard surface
temperature exceeded the temperature at the start of the fire test by 140oC in Fire
Tests LSF1 and LSF2 at 96 min (29+140oC) and 106 min (28+140oC),
respectively. In load bearing Fire Tests LSF3 and LSF4, studs could not sustain
the applied loads after 77 and 47 min, respectively, and structurally failed. Table
1 summarises the fire test results.
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LSF Wall

Thermocouples
Fire Side
Pb1
Displacement
Transducers
(DTs)

Stud
Ambient Side

Stud 1

Stud 2

Stud 3

Stud 4 Stud 5

Pb2

Stud 6

Hydraulic Rams

Fig. 2. LSF wall test set-up
All four LSF wall panels were lined with one layer of gypsum plasterboard, thus
similar observations were made during the fire testing of walls in the first 20 to
25 min. In these fire tests, after about 5 min of starting the furnace, smoke
appeared at the top of the wall panel and continued for about 2 to 3 min. This is
due to the burning of the fire side paper layer of gypsum plasterboard (Pb1). Then
after about 15 min, water drops were seen along the edges of the wall panel as a
result of the dehydration process of gypsum plasterboard.
Fig. 3 shows the comparison of plasterboard time-temperature curves and lateral
deflection curves of non-load bearing Fire Tests T1 and T2. The use of cavity
insulation delayed the temperature rise on the ambient plasterboard surfaces.
Ambient plasterboard temperatures (Amb Pb2) were well below those of the
uninsulated wall for a longer period of time since cavity insulation retained the
heat to the fire side of the plasterboard (Pb1). The use of cavity insulation
increased the insulation failure time by 12 min (94 to 106 min).
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650oC

Nearly constant
temperature

45 min

(a) Average gypsum plasterboard time–temperature curves

Maximum mid-height lateral
deflection of 53 mm

(b) Mid-height lateral deflection curves

Fig. 3. Non-load bearing wall fire tests – T1 and T2
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The difference in cavity facing plasterboard temperatures was above 400oC in the
early stages of the fire and reduced with time (Fig. 3(a)). This is because the glass
fibre insulation used in the wall panel started to gradually melt across the wall
cavity. Fig. 3(a) shows that glass fibre insulation started to melt after 45 min at
about 650oC. Thus at the later stages of fire, the heat was transferred across the
cavity through radiation and convection, and the ambient plasterboard
temperatures increased and merged with the uninsulated wall plasterboard surface
temperatures. As seen in Fig. 3(b) the mid-height lateral (out-of-plane) deflection
of cavity insulated wall was higher than that of the uninsulated wall. This is due
to the thermal bowing of the wall panel as a result of the high temperature gradient
across the cavity. High lateral deflection can cause the already dehydrated,
calcinated and softened gypsum plasterboard on the fire side to deform and falloff easily. This could remove the fire side thermal barrier and allow hot gases to
penetrate the cavity and cause insulation failure earlier than for uninsulated wall
panels. However, in Fire Test T2, fire side plasterboard fall-off was not observed
even at the maximum mid-height lateral deflection of 53 mm for the 3 m high wall
with 16 mm plasterboard lining.
Both T3 and T4 were load bearing walls with glass fibre cavity insulation in wall
T4. Fig. 4 compares the fire test results of T3 and T4. Similar to the observations
made for non-load bearing wall fire tests, fire side plasterboard and stud hot flange
temperatures were much higher than those in the uninsulated walls. As before
both cavity insulated and uninsulated wall temperatures merged well in the first
27 min, and thereafter significant temperature differences were observed (Fig.
4(a)). The stud temperatures in the insulated wall were seen to be rapidly
increasing until the end of the fire test, whereas in the uninsulated wall, stud
temperatures increased gradually after 40 min and lagged behind (Fig. 4(b)). This
is due to the heat being trapped on the fire side due to the presence of cavity
insulation. Similar behaviour was also observed in the stud lateral deflection
curves (Fig. 4(c)), where the lateral deflections merged well for about 30 min.
Thereafter the cavity insulated wall continued to deflect laterally due to the higher
temperature gradient across the stud. This shows that the cavity insulation retained
the heat on the fire side causing the studs to thermally bow towards the furnace.
Thus the fire side gypsum plasterboard became softer with calcination process
much earlier than in the uninsulated walls. Further the studs deflecting laterally
removed at least a portion of the plasterboard causing the studs to lose its thermal
barrier and temperatures to rise rapidly. This led to the failure of the studs earlier
than in walls without cavity insulation (47 versus 77 min).

886

27 min

(a) Gypsum plasterboard time – temperature curves

(b) Stud time – temperature curves

Fig. 4. Load bearing wall fire tests – T3 and T4
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(c) Mid-height lateral deflection curves

Stud 3

T3 wall

(d) Stud failures

T4 wall

Stud 3

Fig. 4. Load bearing wall fire tests – T3 and T4
Fig. 4(d) shows the stud failure modes of load bearing walls T3 and T4. It shows
that in T3, Stud 3 failed by local compressive failure and flexural-torsional
buckling at the top 1/3rd height and in T4, Stud 3 failed predominantly by
flexural-torsional buckling. This is due to the fire side plasterboard (Pb1) fall-off
as a result of being exposed to higher temperatures than the uninsulated wall,
resulting in the removal of plasterboard flexural-torsional restraints of the stud.
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In summary, the use of cavity insulation will increase the insulation failure times
of non-load bearing walls. However, in load bearing LSF walls the structural
adequacy based FRL is more critical and the use of cavity insulation reduced the
stud failure times. Fire test was only conducted on LSF walls lined with one layer
of 16 mm gypsum plasterboard for a load ratio of 0.2 and the results showed that
cavity insulation had a negative impact on the fire resistance of load bearing walls.
Finite element analyses were performed next to quantify this effect on varying
load levels.
Numerical Studies
In this section numerical studies were performed to investigate the effects of
varying axial compression load levels on the fire performance of cavity insulated
load bearing LSF walls. For this purpose, structural finite element models of fire
tested load bearing wall panels (T3 and T4) were developed and then validated
using the fire test results reported in the previous sections. This was followed by
a parametric study on varying axial compression loads on steel stud walls.
Transient state non-linear FE analyses were performed to predict the structural
failure times of the fire tested load bearing walls. FE model and analysis method
used in this study were similar to that described for single LSF wall studs under
axial compression and exposed to non-uniform temperature distributions in Feng
and Wang, 2003 and Ariyanayagam and Mahendran, 2014. Single LSF wall stud
with appropriate boundary conditions was considered in the FE analysis. The shell
element type S4R with 4 mm mesh size was used. The Multiple Point Constraints
(MPC) was used to simulate the end constraints. The ends of the studs were
restrained about the two major axes (y and z) while twisting was restrained about
the x-axis. Also, the axial displacement was restrained along x-axis at one end.
The measured ambient temperature mechanical properties, i.e. yield strength =
339 MPa and elastic modulus = 197,909 MPa, were used. The elevated
temperature properties were calculated based on the reduction factors given in
Kankanamge and Mahendran, 2010, and the thermal expansion coefficient was
obtained from Eurocode 3 Part 1.2 (ECS, 2002). For FE model validation, the
failed stud temperatures, i.e. Stud 3 temperatures in both tests T3 and T4, were
selected (Fig. 5). Structural FE analyses of studs exposed to fire were performed
under transient state conditions, where the axial compression load was applied to
the stud first and the stud temperatures were increased at every minute until
failure. For this purpose, a coupled temperature-displacement analysis was
selected in Abaqus CAE with transient state analysis conditions.
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Stud temperatures are
extrapolated linearly
for FE analysis
T4

T3

(a) Average stud temperatures used in FE analyses

T3

T4

(b) Mid-height lateral deflection curves
Fig. 5. Finite element analysis of LSF wall studs – T3 and T4
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Structural FE analyses conducted on Test walls T3 and T4 predicted the stud
failure times as 80 and 42 min, respectively and the stud failure times in the fire
tests are 77 and 47 min. The predicted failure times are within 5 min to that of fire
tests. The differences in failure times between the fire tests and FE analyses were
due to the approximations of stud temperatures used in FE analyses. Fig. 5(b)
shows that the FE analysis predicted mid-height lateral deflections agreed
reasonably well with the fire test results. These comparisons show that the
developed FE model is capable of predicting the LSF wall stud failures with
reasonable accuracy. The aim of this numerical study is to investigate the effect
of varying axial compression loads on the FRL of load bearing walls with and
without cavity insulation, thus using the above validated FE model, a parametric
study was conducted.
The failure stud temperatures (Stud 3) obtained from Fire Tests T3 and T4 were
used in this study (Fig. 5(a)). As before transient state analyses were conducted
where the stud was subjected to a predetermined axial compression load and then
the stud temperatures were increased until failure. The applied axial compression
load was based on the load ratios at 0.1 intervals from 0.2 to 0.8.
Fig. 6 shows the load ratio versus stud failure times of single gypsum plasterboard
lined LSF wall with and without cavity insulation. The stud failure times, i.e.
structural adequacy based FRLs of cavity insulated walls are less than those of
uninsulated walls. At lower load ratios (LR = 0.4) the reductions in failure times
are significantly high compared to those at higher load ratios (LR = 0.7). For
instance, at LR of 0.7 the stud failure time reduced from 29 to 25 min while at LR
of 0.4 it reduced from 46 to 35 min. At load ratio 0.2 the difference in stud failure
time further reduced from 80 to 42 min in cavity insulated LSF wall. That is 38
min, i.e. 47% reduction in stud failure time for load ratio of 0.2. This is a
significant reduction due to the use of insulation in the wall cavity.
In the initial stages of the fire the wall lining on the fire side delays the cavity
temperatures and both walls with and without cavity insulation had similar
temperatures during this time period. Therefore at higher LR (0.7), the stud failure
times were about the same. However, with increasing fire duration, cavity
insulation restricted the heat transfer across the cavity, thus stud hot flange
temperatures rise rapidly in cavity insulated walls than in uninsulated walls. This
generates higher thermal gradient across the stud, resulting in neutral axis shift,
eccentric loading and higher second order deflection due to bending. Thus cavity
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insulated wall studs structurally failed much earlier than the uninsulated wall
studs. Previous studies on the LSF wall studs exposed to non-uniform temperature
distribution highlighted that stud hot flange temperature was the governing
parameter for load bearing walls (Gunalan et al., 2013 and Ariyanayagam and
Mahendran, 2014). This study has highlighted the detrimental effect of having
cavity insulation in load bearing LSF walls. Thus if any passive fire protection is
to be provided for load bearing walls, it should resist the stud hot flange
temperature rise in order to have an increased structural adequacy based FRL.

29 min

25 min

35 min

46 min

Fig. 6. Load ratio versus failure time curves of LSF walls
Conclusions
This paper has presented the details of full-scale standard fire tests conducted on
both non-load bearing and load bearing LSF walls with and without cavity
insulation. Fire test results showed that cavity insulation restricts the heat transfer
across the wall, thus it delays the temperature rise on the ambient plasterboard
surface. This behaviour increases the insulation failure time, i.e. fire resistance
level (FRL) of non-load bearing walls. However, stud hot flange temperatures
increase rapidly and causes the studs to fail much earlier than the uninsulated wall
studs in load bearing LSF walls. The use of glass fibre cavity insulation increased
the insulation FRL of non-load bearing walls by 12 min while it reduced the FRL
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of load bearing walls by 30 min for the 16 mm gypsum plasterboard lined walls
tested in this study.
Structural finite element analysis based parametric study was conducted on load
bearing walls with and without cavity insulation for varying applied load levels.
The results showed that the use of cavity insulation reduced the FRL of load
bearing walls significantly for load ratios below 0.4. For a load ratio of 0.2, the
stud failure time was reduced by 47% (38 min). This study has highlighted the
benefits of using cavity insulation in non-load bearing LSF walls and its
detrimental effects in load bearing LSF walls.
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Shake table testing for seismic response evaluation of coldformed steel-framed nonstructural architectural
components
Luigi Fiorino1, Bianca Bucciero2, Tatiana Pali3, Ornella Iuorio4, Raffaele
Landolfo5
Abstract
The seismic response evaluation of cold-formed steel-framed nonstructural
architectural components was investigated in an experimental campaign carried
out within of the research study agreement between Knauf Gips KG and the
Department of Structures for Engineering and Architecture of the University of
Naples “Federico II”. The main objective of this research was to investigate the
seismic performance of drywall nonstructural systems, i.e. cold-formed steelframed indoor partition walls, outdoor façade walls and suspended ceilings. The
present paper deals with the dynamic shake table tests. The tests were carried out
on two different typologies of prototypes (Type 1 and Type 2) for a total number
of five specimens. The influence on seismic response of basic and enhanced antiseismic solutions, corresponding to the use of fixed or sliding connections at the
walls and ceilings perimeter, was investigated. The seismic response evaluation
of the systems under investigation has been performed according to ICBO-AC156
code with different levels of increasing intensity. Test results have been analysed
in terms of dynamic identification, dynamic amplification, and fragility curves.
Test results highlight that enhanced solutions have a better seismic response than
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basic solutions and indoor partition walls have a higher seismic “fragility” than
outdoor façade walls.
Introduction
Recent earthquakes highlighted that a large number of buildings in which the
structure is undamaged, have often reported substantial non-structural damages,
resulting in temporary function loss (Taghavi and Miranda, 2003). Therefore, a
careful assessment of the actual effects that non-structural components have on
the building performance under seismic actions is essential to ensure proper
design of non-structural components (FEMA, 2011). Hence, a specific research
project aiming to expand and improve the knowledge of seismic response of
architectural non-structural lightweight steel drywall components, was performed
at the Department of Structures for Engineering and Architecture of the University
of Naples “Federico II”. The main objective of the research activity was to
investigate the seismic performance of drywall components, i.e. lightweight steel
indoor partition walls, outdoor façade walls and suspended ceilings. The research
activity covered different topics: tests on materials and components (Fiorino et
al., 2014; Fiorino et al. 2017a; Fiorino et al. 2017b) in-plane (Macillo et al. 2017;
Fiorino et al., 2018; Pali et al., 2018) and out-of-plane (Fiorino et al., 2015) tests
on partition walls, dynamic shake table tests on prototypes made of partition
walls, façade walls and suspended continuous ceilings and on a whole building
(Fiorino et al. 2017c). Specifically, this work deals with the dynamic shake table
tests on prototypes composed by partition walls, façade walls and ceilings.
Information about the specimen typologies, experimental program, test set-up,
instrumentation, seismic input and test results are provided in following Sections.
Experimental program
Tested non-structural components
The tested non-structural components were indoor partition walls, outdoor façade
walls and suspended continuous ceilings. These components are made of
lightweight steel frames sheathed with different panel types: standard gypsum
board (GWB), impact resistant gypsum board (RGWB), outdoor cement board
(CP) and sound shield gypsum board (SSB). The partitions were made of a single
steel frame and double layer of sheathing panels applied on each side of the frame.
The steel frame was made of stud members having lipped channel sections
(75×50×7.5×0.6 mm), spaced at 600 mm on the centre. Studs were fixed at their
ends to track members having unlipped channel sections (75×40×0.6 mm). The
steel frame was sheathed with two layers of 12.5 mm thick GWB panels for each
face. The total partition thickness was equal to 125 mm. The façades were made
of a double steel frame, namely an interior and an exterior frame. In particular,
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the interior frame was made of stud members having lipped channel sections
(50×50×7.5×0.6 mm) spaced at 600 mm on centre and track members having
unlipped channel sections (50×40×0.6 mm). The interior frame was sheathed only
on the outer face of the frame with two layers of panels. In particular, the internal
and external panel layers were 12.5 mm thick GWB and 12.5 mm thick RGWB
panels, respectively. The exterior frame was made of stud members having lipped
channel sections (75×50×7.5×0.8 mm) spaced at 600 mm on the centre and track
members having unlipped channel sections (75×40×0.8 mm). The exterior frame
was sheathed with 12.5 mm thick RGWB and CP panels installed on inner and
outer face, respectively. The gap between the two frames was equal to 17 mm.
The total façade thickness was equal to 200 mm. The ceilings were made of a
double level steel profile grids made of carrying (upper profiles) and furring
(lower profiles) profiles. Both carrying and furring profiles had 50×27×7.5×0.6
mm lipped channel sections. The carrying profiles were spaced at 1000 mm on
the centre and were suspended from the floor at a distance of about 500 mm by
means of vernier hangers (variable height adjustable suspenders) spaced at 1000
mm on the centre. Furring profiles were placed orthogonally to the carrying
profiles and had spacing of 500 mm on centre. The fixings between carrying and
furring profiles were made of metallic clips. The ends of carrying and furring
profiles were supported by track profiles having 27×30×0.6 mm unlipped channel
sections, which were connected to the walls with self-piercing screws. The steel
frame was sheathed with a single layer of SSB panels fixed at bottom face of
furring profiles with self-piercing screws spaced at 250 mm on centre. All frame
members were cold-formed steel profiles fabricated with DX51D+Z steel grade
with nominal minimum values of 140 MPa for yield strength and 270 MPa for
ultimate tensile strength according to EN 1993 Part 1-3 (CEN 2006) and with a
nominal ultimate tensile strength ranging between 270 and 500 MPa according to
EN 10346 (CEN 2009). Two different typologies of details were used for
connecting non-structural components (i.e. partitions, façades and ceilings) to the
surrounding elements (connections to constructional components), and they were
referred as: basic connections and enhanced anti-earthquake connections,
respectively. In basic connections, the in-plane displacements between the nonstructural component and surrounding element were restrained, whereas in the
enhanced anti-seismic connections, the non-structural component was free to slide
respect to the surrounding element for in-plane displacements. In addition, in case
of enhanced connections for partitions and façades a gap of 20 mm between
sheathing panels and surrounding element was obtained, whereas no gap was
adopted in the case of enhanced connections for ceilings.
Test set-up
The set-up was representative of a reinforced concrete bare structure (BS) made
of two beam grids connected one each other by four columns. The bottom beam
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grid was made of 180×180×10 mm (length × width × thickness) square hollow
section steel profiles, directly connected to the shaking-table, whereas the top
beam grid was made of HEB 200 steel profiles. In order to obtain the desired mass
of the system, a concrete block with mass of 3400 kg was placed on the top grid.
The bottom and top beam grids were connected by means of four steel columns
having 200×200×16 mm square hollow sections. The joints between columns and
beam grids were uniaxial hinges with axes of rotation parallel to Y direction
(direction perpendicular to the shaking direction). The lateral structural resistant
system of the bare structure in X direction (shaking direction) was an eccentric
bracing system, in which diagonal members were pretensioned truss element
having a 85.8-degree slope. The cross-section of each diagonal member was made
of eight steel plates having 26×3.0 mm (width × thickness) cross-section forming
a resulting 24×26 mm rectangular cross section. The mass of the concrete block
placed on the top grid, cross-section and slope of diagonal members were selected
in such a way to obtain a fundamental frequency in X direction of 3.0 Hz. In Y
direction the bare structure was braced by means of X-bracings made of 10 mm
diameter steel cables. In order to simulate the interface with a reinforced concrete
building structure, 50 or 70 mm thick concrete blocks were fixed on the faces of
steel profile to be connected with partition and façade walls. All frame elements
were made of S355 steel grade (yielding and ultimate strength equal to 355 and
510 MPa, respectively), with exception of the diagonal truss members, which
were made of ultra-high strength steel (steel grade REAX 450, yielding and
ultimate strength equal to 1250 and 1450 MPa, respectively).
Prototypes
Shake table tests were performed on one of the two shaking tables available at the
Test Laboratory of the Department of Structure for Engineering and Architecture
at the University of Naples “Federico II”. Shake-table tests were performed on
bare structure (BS) and two different configurations of prototypes: Type 1 and
Type 2 (Fig. 1). In Type 1 prototypes, the bare structure was finished with four
partitions that closed its perimeter and filled up the four outer frames (Fig. 1b).
The partitions dimensions were 2400×2700 mm (length × height) in X direction
(shacking direction) and 2200×2700 mm in Y direction. A door opening with
dimensions of 900×2100 mm (width × height) was placed in one partition parallel
to the Y direction. Type 2 prototypes were representative of a system consisting
of façades, partitions and ceilings (Fig. 1c). In particular, in Type 2 prototypes the
bare structure was finished with two façades of dimensions 2400×2700 mm, that
filled up the two outer frames parallel to the X direction. In addition, two partitions
of dimensions 2300×2700 mm were placed in Y direction and were connected to
the façades. Also for Type 2 prototype a door opening with dimensions of
900×2100 mm was placed in one partition parallel to the Y direction. Type 2
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prototypes were completed with a ceiling having length of 1675 and 2300 mm in
X and Y direction, respectively. Type 1 and Type 2 prototypes were tested in two
different solutions: Basic solutions (B) and Enhanced anti-earthquake solutions
(E). The basic solutions (Prototypes 1B and 2B) were obtained by using fixed
connections on all perimeter of non-structural components, whereas the Enhanced
anti-earthquake solutions (Prototypes 1E and 2E) had sliding connections at the
top and on the lateral sides of the partition and façade walls, as well as at two
perpendicular sides of the ceiling, i.e. between ceiling and walls. A total number
of five prototypes were tested (Table 1). Note that only for Type 1 prototypeBasic solutions (Prototype 1B) two nominally identical specimens were tested
(Specimens 1BI and 1BII).

a)
b)
Fig. 1. Bare Structure (a) and Type 1 (b) and 2 (c) prototypes
Table 1. Test matrix

c)

Wall component type(2)
Ceiling(3) Connection type(4) Number of tests
X direction Y direction
1BI, 1BII
IPW
IPW
w/o
B
2
1E
IPW
IPW
w/o
E
1
2B
OFW
IPW
w/
B
1
2E
OFW
IPW
w/
E
1
(1)
1: Type 1 prototype; 2: Type 2 prototype; B: Basic solution; E: Enhanced solution.
(2)
IPW: Indoor Partition Wall; OFW: Outdoor Façade wall.
(3)
w/o prototype without ceiling; w/: prototype with ceiling.
(4)
B: Basic (fixed) connections; S: Enhanced (sliding) connections.
Prototype(1)

Testing protocol and instrumentation
The seismic performance evaluation of the systems under investigation was
performed according to ICBO-AC156 code (International Conference of Building
Officials, 2000), which establishes requirements for the seismic certification, by
shake table testing, of non-structural components that have fundamental
frequencies greater than or equal to 1.3 Hz. The used seismic input was an
artificial time history defined in order to match the Required Response Spectrum
(RRS) provided by code, obtained by considering a spectral acceleration at short
periods (SDS), set equal to 1.0 g in this research. The input was scaled by factors
between 5% and 120%. In addition, in order to evaluate the dynamic properties
(fundamental vibration frequency and damping ratio), dynamic identification tests
were carried out before and after each ICBO-AC156 input by applying a white
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noise signal. The instrumentation used in the tests was made of twelve triaxial
accelerometers and nine laser sensors for displacements measurement, as shown
in Fig. 2.
AB3
AB2
AB1

HF

AW4

HW

AW9
AW5

AW3

AW7

AW1

AW2

a)

b)

Y

Z

X

c)

d)
e)
Fig. 2. Instrumentation: Bare structure (a); Type 1 prototype (b, c); Type 2
prototype (d, e).
Test results
Dynamic Identification
The results of dynamic identification tests were used to define the dynamic
properties, namely fundamental frequency (f) and damping ratio (ξ). The data of
the accelerometer AB2 (Fig. 2) installed on the top mass and the recording of
shake-table were used. The fundamental frequencies were calculated as the first
peak of the frequency response function (or transfer function) in the frequency
domain. The frequency response functions (magnitude vs. frequency curves) were
obtained as the ratio between the Fourier transformation of the input signal and
the response signals corresponding to the data of accelerometers installed on the
top mass. The results of dynamic identification tests in terms of fundamental
frequency (f) and damping ratio (ζ) are given in Fig. 3a and Fig. 3b, respectively,
where f and ζ are plotted as function of scaling factor (SF). It can be noticed that
the bare structure showed a constant value of fundamental frequency (2.9 Hz) and
small variation of damping ratio (from 2.6% to 5.0%). As far as the influence of
non-structural components on the fundamental frequency is concerned, the
presence of the non-structural components increased the value of the fundamental
frequency due to the increase of lateral stiffness. In addition, the decreasing of
fundamental frequencies was less sudden in the case of enhanced solutions
(Prototypes 1E and 2E) respect to basic solutions (Prototypes 1BI, 1BII and 2B),
by showing a better seismic behaviour for the sliding connections than fixed
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connections. The presence of non-structural components altered the response also
in terms of damping ratio, which increased its value respect to that recorded for
the bare structure. In general, in a first phase, the damping increased when the
input intensity increased, i.e. the increasing interaction between structural and
non-structural components with limited damages produced an increasing of
damping. In a second phase, corresponding to a significant level of damages, the
damping decreased when the input intensity increased, i.e. the contribution of
non-structural components became negligible for significant level of damages.
However, in case of enhanced connections the damping ratio had higher variation
and reached higher values (Prototypes 1E and 2E had a damping ratio in the range
from 5% to 20%) than the case of basic connections (Prototypes 1BI, 1BII and 2B
had a damping ratio in the range from 5% to 14%).

a)
b)
Fig. 3. Dynamic identification: a) fundamental frequency; b) damping ratio.
Floor acceleration vs inter-storey drift and observed damages
The typical seismic response of a generic prototypes is shown in Fig. 4 in terms
of floor acceleration (FA) vs inter-storey drift ratio (IDR) curves. Fig. 5 shows the
peak floor acceleration (PFA) plotted as a function of inter-storey drift ratio
(IDR). From the analysis of Fig. 5, it can be observed that the non-structural
components can affect significantly the lateral behaviour. In particular, through
the comparison between prototypes with partitions and those with façades (1B vs.
2B and 1E vs. 2E) it can be observed that the increasing of stiffness and strength
due to façades (2B and 2E) was higher than that caused by partitions (1B and 1E).
Obviously, a stiffer and stronger behaviour exhibited by façades was due to their
stiffer and stronger structure, characterised by two steel frames sheathed by panels
on three faces. The comparison between prototypes with different connections
(1B and 2B vs. 1E and 2E) shows that basic connections (1B and 2B) affected
significantly the lateral behaviour starting from the initial phase of the response,
by providing additional stiffness and strength to the system. On contrary, for
enhanced connections (1E and 2E) the non-structural components did not affect
significantly the lateral response for small drift ratios, due to the presence of
sliding connections, whereas the increasing of stiffness due to non-structural
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components became evident when the contact between panels and columns
occurred.
After each ICBO-AC156 input the prototype was subjected to a visual inspection
mainly devoted to examine the damage caused by shake-table test. During the
tests were observed damages in ceilings and both partitions and façades parallel
to the X direction (shacking direction), i.e. representative of in-plane seismic
response, whereas partitions parallel to the Y direction, i.e. representative of outof-plane seismic response, did not exhibited damage. As results, the different
damage phenomena observed during visual inspections have been classified for
partitions and façades in eight different typologies and for ceilings in three
typologies, as shown in Fig. 6 and in Fig. 7, respectively.
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Fig. 4. FA vs IDR curve

a)

IDR [%]
1

2
BS
1E

3
1BI
2B

-30

Fig. 5. PFA vs IDR curves

4

5

1BII
2E

b)

1.a Drop of gypsum dust

1.b Drop of plaster dust

2. Detachment of joint tape

3. Detachment between walls
and structural elements

4. Crack in panel

5. Corner crushing of panels

6. Collapse of
panel-to-frame fixings

7. Rupture of panel portions

8. Out-of-plane collapse of
panel

Fig. 6. Damage typologies for partitions and façades parallel to X direction.

903

3. Detachment between walls and
structural elements

6. Collapse of panel-toframe fixings

7. Rupture of panel portions

Fig. 7. Damage typologies observed for ceilings.

Dynamic amplification of non-structural components
The dynamic amplification of non-structural components can be evaluated by
means of the acceleration amplification factor, αC, defined as the ratio between
the peak component acceleration (PCA) and peak bare structure acceleration
(PBA). Note that the PBA has been evaluated as follows:
(1)
𝑃𝐵𝐴 = 𝑃𝐼𝐴 + (𝑃𝐹𝐴 − 𝑃𝐼𝐴) ∙ 𝑧/𝐻𝐹
in which PIA is the maximum acceleration measured by accelerometers installed
on the shacking table (peak input acceleration) and z is the vertical level of the
accelerometer used to define the PCA. Fig. 8 shows the values of PCA expressed
as a function of PBA, together the lines representing different values of the
acceleration amplification factor (αC = 1, 1.5, 2, 3, 4). Since the tests were
unidirectional with acceleration imposed along the shaking direction, due to the
orientation of the non-structural components, the obtained results are
representative of out-of-plane (Fig. 8a) and in-plane (Fig. 8b) response of
partitions and in-plane response of façades (Fig. 8c) and ceilings (Fig. 8d).

a) Partitions - Out of plane amplification

b) Partitions - In plane amplification

c) Façades – In plane amplification

d) Ceilings - In plane amplification

Fig. 8. Dynamic amplification for different non-structural components.
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From the examination of Fig. 8 it is possible to observe that the dynamic
amplification increased as PBA increased. This is due to the decreasing of stiffness
of non-structural components caused by the increasing of their damage. The
acceleration amplification factor for out-of-plane response of partitions was in the
range from 1 to 2, without significant difference between basic and enhanced
connections. The dynamic amplification obtained for in-plane response of both
partitions and façades is generally higher than that observed for out-of-plane
response. In fact, the acceleration amplification factor for in-plane response
obtained for both partitions and façades was in the range of 1 to 4, with higher
values reached for enhanced connections (up to 4 for partitions and up to 3 for
façades). Finally, the acceleration amplification factor for in-plane response of the
ceilings was in the range of 1 to 2, with higher values (more than 1.5) obtained
for enhanced connections. Therefore, the effect of different typologies of details
used for connecting non-structural components to the surrounding elements was
not evident in the case of out-of-plane response of partitions, whereas for all nonstructural components (i.e. partitions, façades and ceilings) enhanced connections
caused higher dynamic amplification than those obtained for basic connections in
the case of in-plane response. As results, it can be concluded that both enhanced
and basic connections offered the same degree of restrain for out-of-plane
dynamic response of partitions. On contrary, enhanced connections revealed a
more flexible behaviour than basic connections in terms of in-plane dynamic
response of partitions, façades and ceilings.
Fragility curves for partitions and façades
The seismic response of the tested prototypes was also evaluated in terms of
fragility curves. In particular, fragility curves have been developed only for the
cases in which there were adequate information, i.e. partitions and façades parallel
to the X direction (shacking direction), which are representative of in-plane
seismic response. The evaluation of the fragility curves has been carried out
according to the procedure illustrated by Porter et al., 2007. It is well known that
the fragility curves are conditional probability statements of the component
vulnerability, which provide the probability of reaching or exceeding a defined
Damage limit State (DS) as a function of the considered Engineering Demand
Parameter (EDP). In the case of in-plan seismic behaviour of partitions and
façades, which are defined primarily as deformation-sensitive building
components, the considered engineering demand parameter is the IDR.
Fragility curves have been obtained with a procedure articulated in four steps.
Initially (step 1), three damage limit states (DSs) have been defined according to
the damage level and the required repair action (Restrepo and Bersofsky, 2011;
Retamales et al. 2013): DS1, which is characterized by superficial damage and
requires minimum repair with plaster, tape and paint; DS2, which is characterized
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by local damage of panels and/or steel frame and requires the replacement of few
elements (panels and/or local repair of steel profiles); DS3, which is characterized
by severe damage and requires the replacement of significant parts or whole wall.
Subsequently (step 2), the three DSs have been associated to the different damage
typologies observed during the visual inspections (Table 2) (Retamales et al.,
2013; Jenkins et al., 2016; Pali et al., 2018). Afterwards (step 3) the damage
typologies have been associated to IDRs at which they started in the tests. In
particular, Table 3 gives the minimum value for which a defined DS is triggered
for each walls. From examination of Table 3 it can be noted that the seismic
performance of both partitions and façades improved when enhanced antiearthquake solutions were used. Indeed, for all examined cases, prototypes with
sliding connections (1E and 2E) developed the defined DSs for IDR levels higher
than prototypes with fixed connections (1BI, 1BII and 2B), by highlighting that
sliding connections are effective constructional details for both partitions and
façades in seismic areas. Finally (step 4), on the basis of data given in Table 3,
fragility curves have been evaluated according to the method ‘A’ suggested by
Porter et al., 2007, which is applicable when all prototypes failed at the observed
IDRs.
In this context, it is crucial to note that a fragility curve express the damage
probability of a given prototype due to the uncertainty in the system and it should
be obtained considering the results of tests carried out on many nominally
identical specimens. Fragility curves can be considered acceptable since they
satisfy the Lilliefors goodness-of-fit test at the 5% significance level (Lilliefors
1967). As result, Fig. 9 shows the fragility curves obtained for the tested
prototypes. From the examination of the obtained fragility curves, it can be
confirmed that in term of seismic vulnerability the adoption of enhanced
connections is more advantageous than basic connections. In fact, in prototypes
with enhanced connections, the DSs are triggered for median values of the
lognormal distribution greater than ones recorded for prototypes with basic
connections. In particular, for both partitions and façades the median values of the
lognormal distribution obtained for enhanced connections are up to about three
times higher than those obtained for basic connections. As far as the comparison
between partitions and façades is concerned, fragility curves show that the seismic
behaviour of façades is better than that of partitions, with median values of the
lognormal distribution obtained for façades higher than up to about one and a half
times those obtained for partitions.
Furthermore, in Fig. 9 the IDR limits given by Eurocode 8 Part 1 (CEN 2005)
were reported, i.e. 0.75% for buildings having ductile non-structural components
and 1.0% for buildings having ductile non-structural components fixed in a way
so as not to interfere with structural deformations. Therefore, if basic connections
are used between walls and surrounding elements, an IDR of 0.75% can be
considered an adequate limit for DS2 in case of façades for both partitions
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(Prototype 1E) and façades (Prototype 2E), whereas if enhanced connections are
used an acceptable limit of the IDR for DS3 and DS2 could be assumed equal to
1.00%.
Table 2. Observed damage phenomena vs damage limit states (DSs).
Observed damage phenomena
1. Drop of gypsum and/or plaster dust
2. Detachment of joint tape
3. Detachment between walls and surrounding structural elements
4. Crack in panels
5. Corner crushing of panels
6 Collapse of panel-to-frame fixings
7. Rupture of panel portions
8. Out-of-plane collapse of panels

DS1 DS2 DS3
•
•
•
•
•
•
•
•

Table 3. IDR levels recorded at the onset of each damage phenomenon
DSs
DS1
DS2
DS3

1BI
E/W
0.32 / 0.32
0.66 / 0.66
3.12 / 3.12

Specimens / IDRs [%]
Partitions
Façades
1BII
1E
2B
2E
E/W
E/W
E/W
E/W
0.28 / 0.40
0.89 / 0.89
0.31 / 0.35
1.11 / 1.11
1.19 / 1.19
1.39 / 2.21
1.17 / 1.17
2.44 / 3.23
3.20 / 3.20
> 4.33
3.74 / 3.74
4.54 / 4.54

a)
b)
Fig. 9. Fragility curves: a) Type 1 prototypes b) Type 2 Prototypes
Conclusion
An experimental campaign on architectural non-structural lightweight steel
drywall components was carried out at University of Naples “Federico II” aiming
to expand and improve the knowledge of their seismic response. The experimental
activity involved shake table tests performed on different prototypes made of
indoor partition walls, outdoor façade walls and suspended continuous ceilings.
Different prototypes were tested in basic and enhanced anti-seismic solutions,
corresponding to the use of fixed or sliding connections at the walls and ceiling
perimeter. Tests were carried out by applying an artificial time-history input
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defined according to ICBO-AC156 Code with different levels of increasing
intensity. The results of dynamic identification tests in terms of fundamental
frequency and damping ratio highlighted that the presence of the non-structural
components altered the response of the bare structure, by increasing both the
fundamental frequency and damping ratio (up to about 5 times for both). In
addition, since the damage grew as input intensity increased, the fundamental
frequency decreased as input intensity increased. In particular, the decreasing of
fundamental frequency was less sudden in the case of enhanced solutions by
showing a better seismic behaviour for these solutions than basic solutions. The
results in terms of dynamic amplification of non-structural components showed
that the influence of different typologies of details used for connecting nonstructural components to the surrounding elements was not evident in the case of
out-of-plane response of partitions (dynamic amplification less than 2), whereas
in the case of in-plane response, for all non-structural components, enhanced
solutions caused higher dynamic amplification (up to 2, 3 and 4 for ceilings,
façades and partitions, respectively) than that those obtained for basic solutions
(dynamic amplification less than 1.5, 2 and 3 for ceilings, façades and partitions,
respectively). During the tests, only for ceilings and both partitions and façades
parallel to the shacking direction, i.e. representative of in-plane seismic response,
were observed damages, whereas partitions perpendicular to the shacking
direction, i.e. representative of out-of-plane seismic response, did not exhibited
damage. The seismic response of the tested prototypes was also evaluated in terms
of fragility curves only for the cases in which there were adequate information,
i.e. partitions and façades parallel to the shacking direction, which are
representative of in-plane seismic response. The results in terms of fragility curves
showed that the adoption of enhanced solutions is more advantageous than basic
solutions. In fact, in prototypes with enhanced connections, the damage limit
states are triggered for median values of the lognormal distribution greater than
(up to about three times) those recorded for prototypes with basic connections. As
far as the comparison between partitions and façades is concerned, fragility curves
show that the seismic behaviour of façades is better than that of partitions (median
values of the lognormal distribution obtained for façades higher than up to about
one and a half times those obtained for partitions).
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Numerical simulation of the thermal and mechanical behavior
of cold-formed steel composite floor under fire conditions
Jixian Peng 1, Wei Chen*2, Jihong Ye 3, Zhengliu Wang 4
Abstract
Cold-formed steel (CFS) building structures are generally acknowledged as
green and industrialized buildings, and the fire resistance behavior has become
an important issue. Previous studies were mainly to investigate the fire
performance of load-bearing CFS walls lined with different panels. Based on the
finite element (FE) software package, ABAQUS, this paper presented a
numerical simulation on a new CFS channel joist – ALC (autoclaved lightweight
concrete) composite floor under fire conditions. Finally, the present numerical
simulation of CFS composite floor in fire was compared with previous
full-scaled fire experiments of such floors. The results showed that the
temperature progression of the CFS floor section was well predicted with
acceptable accuracy. The time-dependent vertical deflection of the CFS floor
was well described and the fire resistance time of CFS floor system was well
predicted with an underestimation of less than 6% and an overestimation of less
than 10%.
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Introduction
In recent years, a growing number of mid-rise cold-formed steel (CFS)
structures have been constructed and utilized as residential and commercial
buildings. At the same time, the understanding of the fire performance of such
structures has generated increasing concerns in fire safety design [1]. For the
CFS structures, previous fire experimental and theoretical studies were mainly
focused on the fire performance of CFS wall systems [1-8]. As the only
horizontal separating element, the CFS floor system also plays an important role
in the fire safety of CFS buildings. However, very limited research has been
carried out on the thermal and mechanical behavior of CFS floor systems under
fire conditions [7-10]. Among these investigations, a new CFS channel joist –
ALC (autoclaved lightweight concrete) composite floor was developed by our
research group, with the intent of simultaneously improving the fire performance
and construction efficiency of such floor for potential applications in mid-rise
CFS structures. Five full-scale CFS composite floor assemblies were examined
under fire and uniformly distributed loading conditions. The impact of various
parameters, including the presence of cavity insulation, load ratios and the type
of boards was discussed.
In this paper, the thermal response of newly developed CFS composite floor is
simulated by a two-dimensional heat transfer model. The mechanical behavior
of such CFS composite floor in fire was simulated by a three-dimensional
structural model. The main purpose of present investigation is to provide
reasonably prediction for the fire performance of CFS floor assemblies.
Heat transfer model
The finite element (FE) software package, ABAQUS, was used to check the
suitable of performing numerical simulation of CFS floor assemblies in fire. The
thermal response of CFS floor was simulated by a two dimensional heat transfer
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model which represented the cross section of such floor, as shown in Fig. 1. All
the component members of CFS Floor were modeled by using the four node
linear quadrilateral element (DC2D4). The mesh size of ALC boards and
concrete topping was 25mm×25mm and 25mm×15mm, respectively. A smaller
mesh size of ceiling boards and steel joist was adopted which were about
5mm×1mm and 5mm×1.5mm, respectively. Line contact was set at the interface
of adjacent ceiling boards, the base layer ceiling boards and bottom flange of
steel joists, the top flange of steel joists and ALC boards as well as the ALC
boards and concrete topping. The corresponding thermal contact resistance at the
interface of adjacent ceiling boards was not included. The initial temperature of
the heat transfer model was set as 20°C. The environment temperature on the
fire and ambient side of heat transfer model was specified by the standard ISO
834 time-temperature curve and 20°C, respectively. The emissivity was taken as
0.8. The convection coefficients on the fire side and ambient side surface of heat
transfer model were taken as 25 and 10 W/(m2°C). The cavity radiation on the
floor cavity was considered based on the assumption of greybody radiation and
isothermal and iso-emissive cavity facets [11].The effect of heat convection on
the floor cavity was not included.

Fig. 1 FE model for the temperature response of CFS composite floor
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Varied thermal physical properties, including density, specific heat and thermal
conductivity of the component materials of such floor at elevated temperatures
were adopted in the present modeling. The thermal physical properties of
cold-formed steel are taken from EC3 Part 1.2. The thermo-physical properties
of fire resistant gypsum plasterboard, bolivian magnesium boards and ALC
boards were obtained from authors’ previous experiments [12]. For the rock
wool, Eq.(1) for thermal conductivity [13] and 800 J/(kg°C) for specific heat and
120kg/m3 for density were used in the present modeling. For the concrete
topping, the corresponding thermo-physical property at room temperature were
used as input data, which was 1050 J/(kg°C) for specific heat and 0.93W/(m°C)
for thermal conductivity and 1900kg/m3 for density. In addition, based on the
present fire experiments of CFS floor assemblies, it was assumed that the fall off
of 12mm fire resistance gypsum plasterboard, 12mm bolivian magnesium board,
15mm bolivian magnesium board and rock wool insulation occurred when the
ambient side of such materials achieved 650°C, 600°C, 550°C and 550°C,
respectively.

=
krock 0.036 + 0.000116T
−5

0°C<T ≤ 100°C

krock= 0.0419 + 3.28 × 10 T + 2.63 × 10−7 T 2

T > 1200°C

(1)

where krock represented the thermal conductivity of rock wool insulation.
The heat transfer model was calculated by Full-Newton method. First, an initial
heat transfer step (Step 1) was built. When the average temperature at the
interface of double layers of ceiling boards reached to the critical temperature
(for instance, 650°C for fire resistant gypsum plasterboard), the collapse of face
layer ceiling board was assumed to have occurred and the initial step was
stopped. In Step 2, all the elements on the face layer ceiling boards were killed
and the environment temperature and heat convection were subjected to the fire
side of base layer ceiling boards. The remaining model continued to be
calculated until the collapse of base layer ceiling boards happened. The next
steps took similar process until the presetting time was achieved.
Fig. 2 showed time-temperature profiles obtained from the present heat transfer
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model and fire experiments. The average experimental results of specimens F1
and F3 [14] were used in Fig. 2(a), due to their similar configuration. It can be
seen from Fig. 2 that the FE results of temperature responses were close to the
fire experimental results with acceptable accuracy. The collapse of ceiling finish
was well simulated in the FE modeling, implied by a sudden rise temperature of
the ambient side of ceiling boards which was merged with the temperature of the
fire side.
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Fig. 2 Comparison of time-temperature profiles obtained from heat transfer
model and own experiments
Structural model
The mechanical behavior of CFS floor in fire was simulated by the present three
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dimensional structural model, as shown in Fig. 3. The CFS frame was modeled
by linear quadrilateral element (S4R) with mesh size of about 30mm×30mm.
Each ALC board was simplified as rectangular solid with dimension of
1800×600×100 mm, neglecting the concave-convex profile along the long edges
of such boards. Both the ALC boards and concrete topping was modeled by
8-node reduced integration linear brick element (C3D8R) with mesh size about
50mm×50mm×100mm and 100mm×100mm×30mm, respectively. The ceiling
finish of CFS floor was not included in the present structural model, due to the
collapse of such material at the final stage of fire exposure. Ten steel plates
(200mm×100mm×20mm) were built by C3D8R element with mesh size of
20mm×20mm×10mm and located under the bottom flange of joist supports to
reduce the effect of stress concentration at joist ends. The screw connectors of
CFS floor assemblies were simplified by coupling the translational DOF (degree
of freedom) of connected nodes in X, Y and Z directions. Surface to surface
contact was set at the interface of adjacent ALC board joints as well as the
interface of the web of double C-shape joists. Tie constraints were adopted at the
interface of ALC boards and concrete topping as well as the interface of steel
plate and bottom flange of joist end. The translational DOF of the center node of
each steel plate was fixed in X, Y and Z directions at the left supports of floor.
For the right supports of floor, the translational DOF of the center node of each
steel plate were fixed in X and Y directions. In addition, the translational DOF in
Y direction of bottom flange of joists 1 and 7 (Fig. 3(b)) were fixed because they
were laid on top of the steel ring beams of the furnace.

X
O

Z
Y

(a) Side view of structural model
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Steel plate: fix X, Y, Z
for one node at left end;
fix X, Y for one node at
right end
Y

X
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Z

Joists 7: fix translational DOF in Y direction

(b) Back view of structural model
Fig. 3 FE model for the thermal mechanical response of CF floor
The ideal elastic-plastic model was used to represent strain-stress constitutive
relation of cold-formed steel at room and elevated temperatures. The average
elastic modulus of cold-formed steel material obtained from the present steel
joists was tested as 203GPa and the corresponding 0.2% proof stress (yield
strength) was 385MPa at room temperature. The thermal expansion coefficient
and degenerate material properties of Q345 cold-formed steel at elevated
temperatures were obtained from authors’ previous transient state experiments
[15]. The linear elastic assumption was taken for the ALC boards, concrete
topping and steel plate with the elastic modulus of 1800MPa, 24GPa and
206GPa, respectively. According to the present fire experimental situation, the
vertical loads were applied on the ambient side of structural model as shown in
Fig. 3(a). Steel joists 2~6 adopted the simulated temperature results of points “5”
and “6” in Fig. 2 as the temperature inputs, except for the left and right supports
of steel joists 2~6. In addition, the cross section of steel joists 2~6 assumed to
take the following temperature distribution, as shown in Fig.4. The temperature
gradient along the longitude direction of steel joist was not considered in the
present structural model. Besides, the ALC boards, concrete topping and the
other parts of steel frame used the ambient temperature (20°C) throughout the
modeling.
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Fig. 4 Temperature distribution of the cross section of CFS joists 2~6
In the thermal mechanical modeling, the eigenvalue buckling analysis was firstly
carried out, and the first mode of structural model which was about the local
buckling of steel joist was used for the definition of initial imperfection. The
maximum value of initial imperfection was set as 1.5mm [16]. After that, a
nonlinear analysis was executed by using the full newton method until the
structural failure was achieved. The predicted failure mode of the structural
model was shown in Fig. 5 and similar to the experimental results [14]. Fig. 6
showed the vertical deflection at the mid-span of five floor assemblies and the
predicted fire resistance time obtained from the structural model. In general, the
simulated time dependent vertical deflection of floor assemblies compared well
with the experimental results. The predicted deflection increased faster than
those from experimental results at the final stage of fire exposure. In addition,
the accuracy of the predicted fire resistance time was also acceptable with the
absolute relative error of less than 10%. Therefore, the present finite element
modeling could provide reasonably prediction for the fire performance of CFS
floor assemblies. But, time consuming problem cannot be neglected and at least
6 hours were took for the present heat transfer and thermal mechanical modeling
of every CFS floor assembly in fire (Intel Xeon CPU E3 3.3GHz and 8.0 GB
memory).
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Fig. 5 Failure mode of the structural model at elevated temperatures
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Fig. 6 Comparison of time dependent vertical deflection between experimental
and predicted results at the mid-span of five assemblies
Conclusions
This paper developed a new CFS composite floor that has the advantages of
quick construction and acoustic isolation. The effect of load ratios and
configuration of the ceiling finish were taken into account and the following
conclusions were drawn from this work: Both the heat transfer model and
structural model were built by using the FEM software package, ABAQUS and
the simulation results were close to the experimental results with acceptable
accuracy. Hence, the FEM software could be used for the fire performance
prediction of CFS composite floor.
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INFLUENCE OF GYPSUM PANELS ON THE RESPONSE
OF COLD-FORMED STEEL FRAMED STRAP-BRACED
WALLS
Sophie Lu1, Colin A. Rogers2
Abstract
In cold-formed steel construction the steel frame is supplemented with either
diagonal strap braces or structural sheathing panels (typically steel or wood) to
provide overall stability to the structural system and to directly transfer lateral
wind and seismic loads through to the foundation as per the design provisions
found in AISI S240 (2015) and AISI S400 (2015). Gypsum panels are often
specified to provide a fire-resistance rating for the CFS frame, as well as to ensure
that adequate sound-proofing exists between adjacent rooms or building units.
The engineer may choose to rely on this gypsum to provide additional lateral
resistance, as permitted in the AISI Standards. However, in the majority of cases
the gypsum panels are considered to be non-structural elements of the building
specified by the architect, and as such, are not taken into account in the design of
the lateral load carrying system. Whether considered in the design process or not,
these gypsum panels do augment the shear resistance of the lateral load carrying
system. This study was carried out to evaluate the performance of combined strapbraced / gypsum-sheathed wall systems, with the intent of defining a
corresponding design approach. Described herein are the findings of the
laboratory phase of the project, comprising 35 wall specimens.
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Introduction
In cold-formed steel (CFS) construction the steel frame, which is composed of
closely spaced gravity carrying stud members, is supplemented with either
diagonal strap braces or structural sheathing panels (typically steel or wood) to
provide overall stability to the structural system and to directly transfer lateral
wind and seismic loads through to the foundation as per the design provisions
found in AISI S240 (2015) and AISI S400 (2015). Gypsum panels are often
specified to provide a fire-resistance rating for the CFS frame, as well as to ensure
that adequate sound-proofing exists between adjacent rooms or building units. As
an example, in the case of 1-hour and 2-hour fire resistance rated assemblies, as
required by the National Building Code of Canada (NBCC) (NRCC 2015) for
certain occupancy types, it is necessary to install one to two layers of 15.9 mm
thick Type X gypsum on both sides of the wall. The engineer may choose to rely
on this gypsum to provide additional lateral resistance, as permitted in the AISI
Standards. However, in the majority of cases the gypsum panels are considered to
be non-structural elements of the building specified by the architect, and as such,
are not taken into account in the design of the lateral load carrying system.
On one hand, it is understood that there exists a beneficial structural effect of
installing gypsum panels in a CFS framed building; that is, additional shear
resistance to lateral loading. On the other hand, since the additional resistance of
these panels will likely not be taken into account in design there also exists a
detrimental effect. Firstly, given the similar response to lateral in-plane loading
of CFS framed structural walls and CFS framed gypsum-sheathed walls it is
known that the non-structural gypsum panels will increase the stiffness of the
building, which may result in greater seismic loads. Secondly, in current North
American seismic design, following AISI S400, CFS framed structures must be
designed following a capacity-based approach in which the probable resistance of
the fuse element in the seismic force resisting system is used, along with all
companion gravity loads, to determine the forces applied to the remaining
structural members in the lateral load carrying path. The AISI S400 Standard does
not explicitly require the inclusion of the non-structural gypsum sheathing in the
calculation of capacity forces in a strap-braced CFS framed shear wall. In all
likelihood, the unaccounted for gypsum panels will raise the seismic force levels
beyond the probable resistance of the brace, in a strap-braced wall, or the
sheathing connections, in a shear wall, resulting in capacity forces that are
significantly above those used in design. This may result in force demands on the
chord studs, tracks, holdowns, foundations, etc., that are higher than anticipated,
and ultimately may cause their failure at overall building drift levels that are lower
than, and not consistent with, those expected and used in the development of
seismic design code provisions.
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Various research programs have been carried out to experimentally investigate
the performance of strap-braced walls, e.g. Adham et al. (1990), Serrette &
Ogunfunmi (1996), Barton (1997), Gad et al. (1999), Tian et al. (2004), Fülöp &
Dubina (2004), Kim et al. (2006), Al-Kharat & Rogers (2007, 2008), Moghimi &
Ronagh (2009), Velchev et al. (2010), Macillo et al. (2014), and Iuorio et al.
(2014), among others. Similarly, gypsum-sheathed bearing and shear walls have
been tested by Klippstein & Tarpy (1992), Serrette et al. (1997), Salenikovich et
al. (2000), Bersofsky (2004), Landolfo et al. (2006), Lee et al. (2007), Memari et
al. (2008), Moghimi & Ronagh (2009), Morello (2009), Peck et al. (2012), Davies
et al. (2011) and Liu et al. (2012), among others. However, a variation of strength
and stiffness in previous gypsum sheathed wall tests has been observed; hence, it
is difficult to extrapolate the results and foresee how thicker framing and gypsum
can affect the load sharing. Furthermore, very few tests with 1 or 2 layers of 15.9
mm gypsum panels are available, and little is known about the interaction of the
strap-braced and gypsum-sheathed systems in a single wall.
Thus, in this paper, an experimental program is described, which can be used to
complement the existing database of strap-braced and gypsum-sheathed walls. A
series of 35 tests on strap-braced walls, gypsum sheathed shear walls and gypsum
sheathed bearing walls, having 1-hour and 2-hour fire resistance rating, was
completed. A short discussion of the influence of gypsum panels on CFS framed
strap-braced walls is provided.
Test program
Thirty-five single-storey walls were tested in the Jamieson Structures Laboratory at
McGill University with monotonic and CUREE reversed-cyclic (Krawinkler et al.
2000) displacement-based lateral loading protocols to investigate the effect of 1 to
2-hour fire resistance rated gypsum configuration on the shear behaviour. A 1-hour
fire resistance rating for a load-bearing steel assembly is achieved by affixing one
layer of 15.9 mm (5/8”) Type X fire resistant gypsum on both sides of the steel
frame (ULC, 2006). To construct a 2-hour fire resistant assembly, two layers of 15.9
mm (5/8”) Type X fire resistant gypsum can be affixed to both sides of the steel
frame (ULC, 2006). Two main categories of walls were tested: shear walls and
bearing walls. Shear walls are designed to resist in-plane lateral load, and thus have
holdowns to anchor the studs to the ground. Bearing walls carry gravity loads alone,
hence are not designed to resist lateral load, and thus do not have holdowns. Figure
1 contains a photograph of the test setup and a representative gypsum-sheathed /
strap-braced test wall. A listing of the test specimens is provided in Figure 2. All the
walls were 2.44 m high and 1.22 m long (aspect ratio of 2:1) and the studs were
spaced at 406 mm. The walls were installed in a test frame specifically designed for
in-plane shear loading. The test frame is equipped with a 250kN MTS dynamic
loading actuator with a ±125mm stroke. Out-of-plane movements of the walls were
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Figure 1 – Shear Wall Test Setup and strap-braced shear wall with gypsum panel
Steel
Strapframe
braced
with hold- shear
downs
walls

Name of the specimen

82 A-M

65 A-M
83 A-C

Test specimens
Gypsum-sheathed
shear walls

Gypsum-sheathed strap-braced shear
walls

Gypsum-sheathed
bearing wall

66 A-M

68 A-M

70 A-M

72 A-M

74 A-M

76 A-M

78 B-M

80 A-M

66 B-M

68 B-M

70 B-M

72 B-M

74 B-M

76 B-M

78 C-M

80 B-M

67 A-C

69 A-C

71 A-C

73 A-C

75 A-C

77 A-C

79 A-C

81 A-C

67 B-C

69 B-C

71 B-C

73 B-C

75 B-C

77 B-C

79 B-C

81 B-C

Straps
- Thickness: 1.37 mm
- Width: 69.9 mm
- Grade: 340 MPa

No

Yes

No

Yes

No

Gusset plates
- 177.8 mm x 203.2 mm
- Thickness: 1.37 mm
- Grade: 340 MPa

No

Yes

No

Yes

No

Type X Gypsum
- 2.44 m x 1.22 m
- Thickness: 15.9 mm

NA

NA

1 layer on 2 layers 1 layer on 2 layers
both
on both
both
on both
sides
sides
sides
sides

2 layers
on 1 side;
2 layers + 1 layer on 2 layers
2 layers
resilient
both
on both
on 1 side
channel
sides
sides
on other
side

Chord studs
152 mm x 41 mm x 12.7 mm

Double chord studs put back-to-back
- Thickness: 1.37 mm
- Grade: 340 MPa

Single chord stud
- Thickness:
1.09 mm
- Grade: 230 MPa

Hold-downs
Simpson Strong Tie S/HD15S

Yes

No

Interior studs
- 152 mm x 41 mm x 12.7 mm
- Thickness: 1.09 mm
- Grade: 230 MPa

Spaced at 406 mm o/c

Tracks
- 152 mm x 31.8 mm
- Thickness: 1.37 mm
- Grade: 340 MPa

Extended tracks (1.52 m long)

Figure 2 – Listing of CFS framed wall test specimens
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a)

b)

Figure 3 – Shear wall configurations – CFS frame: a) steel frame with holdowns,
and b) strap-braced shear wall
a)

b)

Figure 4 – Shear wall configurations – CFS frame and gypsum panels: a) one
layer of gypsum on both sides, and b) two layers of gypsum on both sides
resisted with lateral supports that braced the load beam. One steel frame with holddowns but no gussets plates or straps (Figure 3) was tested in order to quantify the
frame contribution in the lateral resistance of shear walls. Two strap-braced wall
with no sheathing (Figure 3) were also tested monotonically and cyclically for
comparison purposes. Eight shear walls were sheathed with gypsum only and had
no straps or gussets (Figure 4). Sixteen shear walls had straps, gusset plates and
gypsum panels (Figure 5). In bearing walls (8 specimens) (Figure 6), no holdowns
were used. In all the walls, the screws in each layer of gypsum were spaced at 300
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mm o/c. For walls with one layer or for the inner layer of double layer sheathed
walls, #6x25 mm (1”) type S drywall screws were used. In the outer layer of
double layer sheathed walls, #6x41 mm (1”-5/8) type S drywall screws were used
and were staggered with respect to the screws of the inner layer. Since the screws
from the outer layer penetrated through the inner layer as well, the inner layer was
attached to the frame every 150 mm. Detailed information on the walls’
construction is found in the work of Lu (2015).
a)

b)

c)

d)

Figure 5 – Shear wall configurations – strap-braced CFS frame and gypsum
panels: a) one layer of gypsum on both sides, b) two layers of gypsum on both
sides, c) two layers of gypsum on one side, and d) two layers of gypsum on one
side and two layers of gypsum and resilient channels on the other side
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a)

b)

Figure 6 – Gypsum-sheathed bearing walls: a) one layer of gypsum on both
sides, and b) two layers of gypsum on both sides
Design of test walls
CFS shear walls need to be designed according to capacity based design principles.
To begin with, the fuse element is chosen so that the wall performs in a ductile fashion.
The probable resistance is then estimated to design the non-fuse components of the
wall. In all test configurations, this force was defined according to the largest fuse
configuration resistance, which corresponds to the sum of the probable resistances of
the straps and the two layers of gypsum on both sides of the frame. The probable
resistance of a gypsum panel was obtained through use of the nominal resistance
values in the now retired AISI S213 Standard (2007) (AISI S400 is the current
equivalent standard) with a magnification factor of 1.33, and an adjustment for the
300 mm screw spacing that was used (150 mm for inner layer of two layer walls). The
probable horizontal resistance of the wall was estimated to be 69 kN (32 kN for straps
& 37 kN for gypsum panels). The corresponding vertical force on the chord studs and
holdowns was 101 kN. See Lu (2015) for a description of the complete design
calculation procedure. In contrast, the components of the bearing wall specimens were
not designed with a capacity approach; standard member sizes were used.
Test observations
In all the shear walls (gypsum panels no strap braces), the steel frame was globally
undamaged, which is consistent with the design assumption. The CFS components
and their fasteners remained elastic except at some localized areas. The lips in the
chord studs and interior studs exhibited some minor local distortion. Local web
buckling was also observed at the bottom of the interior studs. Some distortional
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buckling in the chord studs due to bending was also observed. In the walls with
strap-braces and gypsum panels, the straps subjected to tension have yielded, the
straps subjected to compression have buckled and have provided effectively no
resistance, while the steel frame mainly remained elastic. These were the expected
member behaviours for the strap-braced walls. In bearing walls, uplift was not
restrained by means of holdowns; as such, the tracks and stud-to-track connections
were subjected to higher loads than they were in the shear walls. In the bottom
corners in tension of some walls this led to the screw bearing failure of the flanges
of the tracks or the shear failure of the screw connection between the studs and the
track. Localized damage to the tracks and their flanges were also observed.
When lateral in-plane displacement was imposed on the walls, for the most part, the
gypsum panels rotated as rigid bodies while the steel frame deformed in shear. The
connections between the gypsum panels and the steel frame accommodated this
differential displacement by means of bearing / pull through damage in the gypsum
and bearing damage in the steel frame, as well as fastener tilting. Due to the
differential displacement between the gypsum panels and the steel frame, the holes
through which the screws were attached were enlarged. This failure mode is referred
to as screw tilting. As the displacements of the wall became larger, the screw head
carved into the gypsum, and in some cases pulled entirely through the panel. This
failure mode is referred to as pull-through; it was evident at the screw connections
along the perimeter of the wall since they were subjected to higher differential
displacement. In the specimens tested with a reversed-cyclic protocol, the screw
shear failure was not limited to the corners of the walls; rather, several screws failed
in shear along the edges of the walls. In the walls with two layers of gypsum on one
side and two layers of gypsum and resilient channels on the other side, the side with
resilient channels had a different behaviour; failure was concentrated in the resilient
channels; the sheathing-to-resilient channel and resilient channel-to-frame
connections, as well as the gypsum sheathing remained relatively undamaged. In
bearing walls, damage of the sheathing was limited to some screw locations along
the perimeter of the panels. In the one-layer gypsum-sheathed bearing walls, screw
tilting, screw pull-through, gypsum bearing, gypsum cracking and screw shear were
observable. In the two-layer gypsum-sheathed bearing walls, screw pull-through
and bearing were visible, along with some screw tilting. See Lu (2015) for
photographs and complete descriptions of the walls’ failure mechanisms.
Measured test results
The measured properties of each wall were determined for both the monotonic
(Figure 7) and reversed-cyclic (Figure 8) tests. When multiple specimens of a wall
configuration and loading protocol were tested, the average of the lateral loading
response properties were determined. Illustrative shear resistance vs. deformation
response graphs of strap-braced / gypsum-sheathed walls are provided in Figure 9.
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Steel
Strapframe
braced
with hold- shear
downs
walls

Name of the specimen

82 A-M

Test specimens
Gypsum-sheathed
shear walls

65 A-M

Gypsum-sheathed strap-braced shear
walls

Gypsum-sheathed
bearing wall

66 A-M

68 A-M

70 A-M

72 A-M

74 A-M

76 A-M

78 B-M

80 A-M

66 B-M

68 B-M

70 B-M

72 B-M

74 B-M

76 B-M

78 C-M

80 B-M

Fu (kN)

3.93

31.61

9.60

21.91

37.70

50.04

38.91

40.92

7.64

8.00

Δnet,u (mm)

125.7

124.5

36.7

64.0

46.6

49.8

53.3

54.0

48.9

38.5

Ke (kN/mm)

0.028

1.48

2.24

2.25

2.27

2.71

2.26

2.13

0.810

0.962

Δnet,max (mm)

100.0

100.0

61.0

100.0

61.0

61.0

61.0

61.0

53.2

48.7

Normalized energy,
Energy / Lateral drift (J/mm)

1.29

26.70

8.35

19.27

30.69

39.66

31.55

32.63

6.02

6.49

Fy (kN)

2.03 (2)

28.58 (1)

8.63 (2)

20.18 (2)

35.17 (2)

46.07 (2)

36.35 (2)

38.33 (2)

6.53 (2)

7.04 (2)

Δnet,y (mm)

75.52 (4)

31.9 (3)

4.0 (4)

9.1 (4)

15.6 (4)

17.0 (4)

16.1 (4)

18.1 (4)

8.2 (4)

7.4 (4)

Ductility, μ

1.38

3.14

15.88

11.08

3.94

3.59

3.79

3.39

6.50

6.73

Rd

1.33

2.30

5.52

4.59

2.62

2.49

2.56

2.40

3.46

3.51

Δy,mod.EEEP (mm)

-

31.24 (5)

13.7

22.9

22.5

25.2

23.0

24.8

22.1

16.4

0.71

0.96

1.68

1.99

1.69

1.65

0.35

0.49

Ke,mod.EEEP (kN/mm)

-

1.01

(5)

(1)

Yielding force obtained by determining the plateau region
(2)
Yielding force obtained with the EEEP method
(3)

Yielding displacement corresponding to the point where the plateau region is reached

(4)

Yielding displacement defined in the EEEP method

(5)

Obtained with the modified EEEP method up to the displacement corresponding to the maximum stroke of the actuator

Figure 7 – Monotonic shear wall test results

Lateral resistance parameters were obtained for each wall specimen when it was
possible. The wall resistances (kN) are designated with an identifier beginning with
the letter F. In all the specimens, the ultimate resistance was defined as the highest
load reached during the test. The corresponding displacement at ultimate resistance
is listed as net,u. The in-plane lateral elastic stiffness, Ke, of the wall was calculated
as follows:
𝐾𝑒 =

𝐹0.4𝑢
∆𝑛𝑒𝑡 ,0.4𝑢

where, F0.4u is equal to 40% of the ultimate load Fu, and Δnet,0.4u is the in-plane
lateral displacement of the wall corresponding to F0.4u.
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Steel
Strapframe
braced
with hold- shear
downs
walls

Name of the specimen

NA

83 A-C

Test specimens
Gypsum-sheathed
shear walls

Gypsum-sheathed strap-braced shear
walls

Gypsum-sheathed
bearing wall

67 A-C

69 A-C

71 A-C

73 A-C

75 A-C

77 A-C

79 A-C

81 A-C

67 B-C

69 B-C

71 B-C

73 B-C

75 B-C

77 B-C

79 B-C

81 B-C

Fu (kN)

-

33.54

9.05

21.07

37.46

49.36

41.04

41.86

7.83

8.73

Δnet,u (mm)

-

103.3

41.2

58.5

52.7

44.2

48.3

76.8

56.5

30.4

Ke (kN/mm)

-

1.49

3.57

2.25

1.94

2.30

1.96

2.05

0.82

1.05

Δnet,max (mm)

-

100.0

61.0

61.0

61.0

61.0

61.0

80.5

61.0

53.3

Normalized energy,
Energy / Lateral drift (J/mm)

-

28.6

8.1

17.5

29.9

38.7

32.6

34.8

6.4

7.2

Fy (kN) (1)

-

32.0

8.3

18.9

35.2

46.5

39.1

39.8

6.8

7.8

Δnet,y (mm) (1)

-

21.56

2.96

8.64

18.21

20.50

20.03

19.63

6.40

7.45

Ductility, μ

-

4.64

27.22

7.34

3.37

3.02

3.07

4.05

10.82

7.26

Rd

-

2.88

7.04

3.68

2.39

2.24

2.26

2.65

4.46

3.65

Δy,mod.EEEP (mm)

-

29.7

11.1

20.2

24.4

26.1

24.9

26.1

21.8

14.9

Ke,mod.EEEP (kN/mm)

-

1.13

0.86

1.05

1.54

1.90

1.65

1.61

0.36

0.59

(1)

Obtained with the EEEP method

Figure 8 – Reversed-cyclic shear wall test results
The displacement net,max was defined depending on the maximum code-based
storey drift ratio Δmax,code = 2.5% drift (61 mm) and the values of the lateral inplane displacements Δnet,u and Δnet,0.8u corresponding respectively to Fu and to F0.8u
(post-peak). The resistance of some wall specimens went below F0.8u before
reaching Δmax,code. In these cases, the displacement Δnet,max corresponding to the
ultimate failure was taken equal to Δnet,0.8u. Conversely, several walls maintained
their resistance beyond the maximum code-based storey drift ratio. Thus, for the
walls which reached their maximum capacity Fu at a storey drift greater than 2.5%,
showing that they still had a significant lateral resistance at high displacement, a
less conservative maximum displacement (Δnet,max = 100 mm) was chosen. For all
the other cases, the displacement Δnet,max corresponding to the ultimate failure was
taken equal to code-based drift limit Δmax,code. Force vs. deformation graphs for
each test specimen are available in the work of Lu (2015).
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A small plateau region was observed for the monotonic test of the unsheathed
strap-braced shear wall specimen (65 A-M). In this specimen, the yielding force,
Fy, was taken as the lowest value in the post-yield plateau region. In gypsumsheathed walls, no yield plateau region was typically observable. An equivalent
energy elastic-plastic (EEEP) method was employed to estimate the yield
resistance Fy. This equivalent energy approach is based on the assumption that the
energy dissipated up to ultimate failure can be represented by a simplified bilinear
elastic-plastic curve with the same energy dissipation, which is consistent with
data evaluation approach used to obtain Canadian design shear values in AISI
S240 and S400. The value of net,y is the displacement corresponding to the
calculated Fy force. The ductility factor μ was determined as the ratio of max /
net,y, where max is the displacement corresponding to the failure limit state. The
‘test-based’ Rd value was determined as follows:
𝑅𝑑 =

2𝜇 − 1

The definition of Ke allows for a simple estimate of the elastic stiffness. It is
accurate for systems that behave elastically at small displacements and reach their
ultimate resistances well within the 2.5% inelastic drift limit. However, when
subjected to lateral in-plane loading, gypsum-sheathed walls tend to behave nonlinearly at relatively low drifts and the maximum resistance may be reached at
high drifts. Thus, an alternate definition for the in-plane lateral elastic stiffness,
which takes into account the ductile behaviour of the walls, was considered. This
alternate stiffness was based on an EEEP model where the perfectly plastic region
is at the level of Fu. Thus, knowing Fu, one could determine Ke,mod.EEEP and
Δy,mod.EEEP. See Lu (2015) for example graphs.
Figure 10 shows the additional strength provided by the gypsum panels to a CFS
strap-braced wall; the results of the monotonic tests were relied on in this
illustrative graph. The test results demonstrated that attaching 15.9 mm-thick
Type X gypsum panels to a strap-braced wall could provide 15% (one layer of
gypsum on both sides) to 53% (two layers of gypsum on both sides) additional
strength. One-layer and two-layer gypsum-sheathed bearing walls exhibited
similar ultimate shear resistances because in both cases the steel frame failed at
the stud to track connection, while the gypsum and the drywall screws suffered
only minor damage.
In design, bearing walls are assumed incapable of efficiently transferring lateral
in-plane load (and uplift forces) to the ground since they are constructed without
holdowns. Therefore, gypsum-sheathed bearing walls cannot be used as lateral
resisting systems. Nevertheless, if the lateral resistance of the bearing walls needs
to be considered for the numerical evaluation of the overall dynamic performance
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Figure 9 – Typical shear resistance vs. deformation response of strap-braced /
gypsum-sheathed wall (Configuration 72 & 73 shown): a) monotonic loading
protocol, and b) reversed-cyclic loading protocol
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Figure 10 – Shear wall resistance vs. deformation response of monotonic tests
showing influence of additional layers of gypsum panels
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of building archetypes, then one can use the mean value of the test-based
resistances in the determination of representative wall components in the analysis
models.
Conclusions
The focus of this paper was to characterize the influence of non-structural gypsum
panels, which provide a fire resistance rating from 1 to 2 hr, on the in-plane lateral
performance of strap-braced cold-formed steel framed walls. The gypsum
provides a substantial increase to the in-plane shear resistance of the walls. The
capacity design of the shear wall test specimens (with holdowns) led to the desired
behaviour: the fuse elements were able to maintain their strength in the inelastic
range while the other structural members in the lateral load carrying path
remained mainly elastic. The test results showed that attaching 15.9 mm-thick
gypsum panels to a strap-braced wall could provide 15% (one layer of gypsum on
both sides) to 53% (two layers of gypsum on both sides) additional strength. In
the bearing wall test specimens, for which no capacity design calculations were
implemented, the gypsum panels remained mainly undamaged, while the damage
was mostly concentrated in the steel frame.
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Human-Structure Interaction in Cold-Formed Steel Floor
Systems: An Analytical Perspective
Sigong Zhang 1 and Lei Xu 2
University of Waterloo, Waterloo, ON, Canada, N2L 3G1
Abstract: Designing cold-formed steel (CFS) floors to prevent annoying
vibrations induced by human activities such as walking is still a challenge because
human occupants not only generate impact loads but also behave as dynamical
systems that interacting with structures. Such interaction, known as humanstructure interaction (HSI), can be significant for lightweight floor systems
particularly for the case when the mass of human occupants becomes comparable
to those of the floors. The aim of this study was therefore to investigate the HSI
in vibration of CFS floors subjected to human walking excitations by using the
recently proposed damped plate-oscillator model to predict the dynamic responses
of lightweight steel floor systems with occupants. Major novelties include
considering the influence of stationary and moving occupants on HSI. In
particular, three loading models were developed to predict floor responses
induced by human walking: models of moving force (MF), moving damped
oscillators (MDO), and moving and stationary damped-oscillators (MSDO). By
using these models, comprehensive parametric studies on influences of walking
step frequencies, mass ratios, damping ratios and walking paths to the dynamic
responses of CFS floor vibration are presented.
1. Introduction
Designing cold-formed steel (CFS) floor systems to prevent annoying vibrations
induced by human activities can be complicated because human occupants not
Postdoctoral fellow, Department of Civil and Environmental Engineering,
University of Waterloo, Waterloo, ON, Canada, <s234zhan@uwaterloo.ca>
2
Corresponding author: Professor, Department of Civil and Environmental
Engineering, University of Waterloo, Waterloo, ON, Canada, <lxu@uwaterloo.ca>
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only generate impact loads but also behave as dynamical systems interacting with
structures. Such interaction, known as human-structure interaction (HSI), would
be more evident if the mass of the occupants is comparable to those of structures
(Ellis and Ji, 1997). As a result, additional vibration modes can be observed and
the damping of the system may be significantly increased. CFS floor systems may
have permanent load less than 150 kg/m2 (Petrovic-Kotur and Pavic, 2016), which
is very low in relation to the human body. Thus, HSI may have a significant
influence on the modal properties and dynamic responses and should be
investigated for human-induced vibration of these floors. Although extensive
research has been devoted to the human-induced vibration, rather less attention
has been paid to HSI in lightweight steel floors.
Furthermore, even though it has been known that the intensity of the dynamic
interaction between the structure and human occupants is influenced by the mass
ratio of human to structure, the relationship between the effect of HSI and mass
ratios has rarely studied. Ohlsson (1982) defined heavy floors as those where the
presence of a human does not significantly change modal masses, natural
frequencies, and modal damping ratios. Floors with a modal mass of more than
1000 kg in all modes of interest were classified as heavy floors. Takabatake (1998)
studied the effect of human mass on the dynamic deflections of a clamped
concrete slab and concluded that the effect was negligible. In that case, human
mass was 65 kg and the slab mass was about 720600 kg which yielded to a mass
ratio of human to slab being 0.00009. National Building Code of Canada (NBCC,
2005) suggests that a floor with weight not less than 5 kPa being a heavy floor
and the one with weight between 2.5 kPa and 5 kPa to be the medium weight floor
whereas a floor weights not greater than 1 kPa is a light weight floor. Based on
the NBCC classification, the lightweight CFS floor systems in present study can
be categorized as the lightweight floors. However, effects of HSI on the CFS
floors can be different for various subfloors. Thus, the influence of the mass ratios
on the HSI for lightweight floors should be investigated first. Furthermore, the
influence of the damping introduced by human occupants are also necessary to be
investigated.
Initiated in 1999, multi-phase dynamic tests were carried out by the senior author
with his colleagues at the University of Waterloo to evaluate the vibration
performance of full-scale CFS floor systems. Experimental investigations in
combination with the analytical studies were conducted to formulate
comprehensive approaches to evaluate the performance of the CFS floor systems.
Most recently, the authors developed a damped plate-oscillator model to simulate
the coupled floor-occupant systems by taking into account of HSI (Zhang, 2017).
In this model, occupants are represented by a damped SDOF oscillator (i.e., a
classic mass-spring-damper) and the floor is modelled by an orthotropic plate.
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The dynamic properties of the coupled floor-occupant systems were obtained by
the damped plate-oscillator model and compared with the test results of CFS floor
systems (Zhang et al., 2017). In order to develop appropriate design criteria for
floor vibration, parameters that significantly contribute to vibration performance
of the floors, especially to the HSI, should be identified by performing parametric
studies. This not only enables to find critical design parameters, but also helps to
recognize potential remedial measures to eventually improve the dynamic
response and prevents the annoying floor vibration.
The principal aim of this research is to investigate the HSI in floor vibration of
CFS floor systems caused by human walking and identify the critical parameters
influencing the floor vibration based on the proposed damped plate-oscillator
models. In particular, three loading models being developed to predict floor
responses induced by human walking were investigated and they are models of
moving force (MF), moving damped oscillators (MDO), and moving and
stationary damped-oscillators (MSDO). Influencing factors of HSI on the
vibration performance of the lightweight floors are identified in conjunction with
comprehensive parametric studies for floor vibration induced by human walking.
Four parameters being investigated are: step frequency, mass ratio, damping ratio
and walking path. Their influences on floor vibrations were discussed for
lightweight steel floors.
2. Floor Response Induced by Human Walking: Loading Models
A variety of approaches have been reported in the literature for modelling floor
vibration induced by human walking (Caprani and Ahmadi, 2016). The simplest
one only considers the concentrated force induced by human walking without
taking into account the HSI in spite of its widely recognised importance for a
reliable prediction of the vibration response (Shahabpoor et al., 2017). This model
is denoted herein as moving force (MF) model as shown in Fig. 1a. A more
realistic estimation of the floor response was developed by taking into account of
HSI based on the damped plate-oscillator model (Zhang et al., 2017) in which
human occupants are represented by damped oscillators. Based on the proposed
model, a moving damped-oscillator (MDO) model as illustrated in Fig. 1b can be
established to consider HSI during human walking. Furthermore, human
occupants do not only excite the floor systems but also receive the vibration
response. Human occupants that perform walking can be referred to as active
occupants. Other humans sitting or standing on the structure may be the passive
ones who are referred to as stationary occupants (Pedersen, 2011). Besides
difference in loading, the dynamic properties of human body also differ between
the active and stationary occupants as well as acceptability of vibrations. It is
known that a walking person accepts much larger vibrations than a stationary
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person (Ohlsson, 1986). In residential occupancies, the thresholds of vibrations
are determined by a seated person rather than one that is standing or in motion
(Onysko et al., 2000). Thus, as shown in Fig. 1c, the model of moving and
stationary damped-oscillators (MSDO) is desirable to determinate the vibrations
felt by a stationary person (receiver), sitting or standing on the floor, when another
person (impactor) applies a footfall impact at any other locations on the floor. All
these three loading models were outlined in Zhang (2017) and corresponding
properties of the whole system which included the human occupants and the CFS
floor system were also specified. Then, representative dynamic responses induced
by human walking were predicted by these models and compared with test results
(Zhang, 2017). It concluded that the damped plate-oscillator model can be
effectively applied to predict the dynamic responses of floors induced by human
walking with taking into account of HSI provided that the accurate evaluation of
the structural properties of floors and dynamical properties of the human model.

(a) Moving force model

(b) Moving damped-oscillator model

(a) Model of moving and stationary damped-oscillators
Figure 1: Loading models: a) moving force model (MF), b) moving damped-oscillator
model (MDO), and c) model of moving and stationary damped-oscillators (MSDO)

3. Parametric Studies
Floor vibration due to human walking is primarily influenced by four parameters:
step frequency, mass ratio of human to floor, floor damping ratio, and the walking
paths. In this section, parametric studies were conducted by means of the

945

foregoing three loading models based on the damped plate-oscillator models in
Zhang, et al. (2017).
3.1 Step frequency
For normal human walk on a horizontal surface, the step frequency (i.e., footfall
rate) range was found between 1.5 and 2.5 Hz (Bachmann and Ammann, 1987;
Zivanovic et al., 2005). It has long been known that the step frequency dominates
the resulting dynamic load. In general, the peak of the force of single-footfall
shown increases with the step frequency (Wheeler, 1982). Thus, for relatively
higher step frequency, larger dynamic response will be induced. Furthermore, if
the natural frequencies of floors are in coincidence with one multiple of the step
frequency, resonance response will occur and the magnitude may be larger than
that of the higher step frequency.
Table 1: Configurations of full-scale CFS floor specimens
Floor
Span
Width
Mass
Dx
Dy
ζ1
Specimen
(m)
(m)
(kg)
(Nm)
(Nm)
(%)
LF14.5B
4.42
4.88
683.9
2555300
237160
2.9
LF17.0A
5.18
4.88
2047.7
3398100
293980
4.8
-Dx and Dy are flexural stiffness; ζ1 is the damping ratio of the first mode.

In present parametric studies, the influence of the step frequency on the dynamic
response of the lightweight steel floors induced by human walking is first
investigated by applying MF, MDO and MSDO models, respectively. CFS floor
LF17.0A (Parnell, et al., 2010) in Table 1 is selected and with an 80 kg human
walking parallel to the joists. For simplicity, the damping ratio of the floor is taken
as 0.015 and the step length is 0.7 m. The step frequency varies from 1.5 Hz to
2.5 Hz. The RMS values of acceleration history are illustrated in Fig. 2 for the
loading models. It can be found that the RMS values have an upward tendency
with the increase of the step frequency. However, significant increases can be
observed at the step frequencies of 1.8 Hz and 2.1 Hz, which may result from their
multiples are matched to the fundamental frequency of the floor of LF17.0A (i.e.,
12.6 Hz as shown in Table 1) and as a result, resonances occur at these frequencies.
These findings support the previous discussion on the influence of step frequency.
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Figure 2: The influence of the step frequency on the dynamic response of floor

3.2 Mass ratio
As stated previously, HSI is significant if the human mass is comparable to that
of the structure but is negligible when the human mass is relatively small
comparing to the mass of structure. The relationship between the effect of HSI
and the mass ratio is herein studied. To create different mass ratios, CFS floor
LF14.5B (Parnell, et al., 2010) in Table 1 was adopted with various masses of
human occupants. The RMS values of the acceleration histories were calculated
from two loading models: MF and MDO. The comparison is illustrated in Fig. 3.
It can be found that the differences between the results obtained from MF and
MDO models increase along with increasing mass ratios. It indicates that the
influence of HSI becomes more significant with the increase of the mass ratios of
human occupants to floors. When the mass ratios of human to floor is less than
0.05 such as that in floor LF17.0A shown in Table 1, the difference is negligible
and the effect of HSI is insignificant. In contrast, the influence of HSI is
significant for the mass ratio greater than 0.1 such as that of LF14.5B. It can be
concluded that although CFS floor systems can be defined as lightweight floors
compared with concrete floors, the effect of HSI may not always be significant.
For CFS floor systems with sheathing panel and concrete topping, the effect of
HSI is not evident. Based on the parametric studies, CFS floor systems with single
layer of cementitious panel or wood panel can be referred to as ultra-lightweight
floor systems, the effect of HSI should be accounted for in the design process.
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Figure 3: The influence of mass ratio on the dynamic response of floor induced by human
walking

3.3 Damping ratio
Two floor specimens shown in Table 1, LF14.5B and LF17.0A, were adopted to
investigate the influence of floor damping ratios within the range of 0.005 to 0.06.
The specimen of LF14.5B represents an ultra-lightweight steel floor and the other
one LF17.0A is a lightweight steel floor. The step frequency is assumed as 2 Hz
and the step length is 0.7 m. RMS and maximum transient vibration value (MTVV)
defined in ISO 2631-1 (1997) obtained from the three loading models are shown
in Figs. 4 and 5. It can be found from Fig. 4 that the RMS accelerations obtained
from MF model decrease rapidly with the increase of the damping ratio in the
range between 0.005 and 0.02. However, for MDO and MSDO models, the
decrease is considerably slower and insignificant. It can be concluded that the
damping ratio of the floor may not play an important role in the floor vibration
for LF14.5B because the effect of HSI is significant. Furthermore, although the
effect of HSI is not notable for LF17.0A, the damping associated with human
occupants also introduce significant damping to a floor. Then, the influence of
damping of unoccupied floors do not importantly change the floor response as
illustrated in Fig. 5.
This finding may bring many benefits to design practice. Damping is a challenge
issue because the damping capability of a structure is difficult to assess and the
scatter in quantification of damping parameters for lightweight floors reported in
the literature is considerably large (Weckendorf et al., 2015). Moreover, on-site
measurements of floor responses have demonstrated that damping ratios to be
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significant higher than that obtained in laboratory conditions (Toratti and Talja,
2006; Xu and Tangorra, 2007). However, Figs. 4 and 5 imply that the damping
ratios of the unoccupied floors may have a limited influence on the floor responses
as the human occupants will increase the floor damping ratio of the system
considerably. The inconsistencies on the damping ratio between the laboratory
and field studies will be reduced because of the presence of human occupants
induced damping. Thus, damping ratios obtained from lab tests could be used for
design lightweight CFS floors in practice.

(a)

(b)

Figure 4: The influence of damping ratio on the dynamic responses of floor specimen
LF14.5B induced by human walking
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(a)

(b)
Figure 5: The influence of damping ratio on the dynamic responses of floor specimen
LF17.0A induced by human walking

3.4 Walking path
Human occupants may walk randomly on floors and change path direction
frequently, which can be either unexpected or unanticipated in advance. For the
reason of simplicity, the occupants are assumed to walk across the structures along
a certain path suitable for producing maximum responses even though it is rarely
encountered in everyday life. In the context of residential and office floors, it is
widely accepted that footfall loading induced by a single human has proved to be
the major source of vibration disturbance (Pavic and Reynolds, 1999). The goal
of this parametric study is to determine the difference of the floor responses
associated with four different walking paths: parallel and perpendicular to the
floor joists, diagonal path and circular path as shown in Fig. 6. Both test results
and analytical predictions obtained from the proposed loading models were
presented.
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(a) Parallel

(b) Perpendicular

(c) Diagonal
(d) Circular
Figure 6: Walking paths on the floor

Walking tests reported in references of Parnell et al. (2010) were performed by an
82 kg man walking perpendicular and parallel to the direction of the floor joists.
Test results of LF14.5B and LF17.0A in Table 1 are plotted in Fig. 7. It can be
observed that human walking perpendicular to the joists produces greater
acceleration response for both floor specimens. This observation may be
conservative because only floor edges at the joist ends are supported and the two
other edges parallel to the joists are free. Thus, the perpendicular path will be
more critical than the parallel path. On the other hand, in the analytical modelling,
four edges of the floor specimen of LF17.0A are assumed as simply supported. It
can be found from Fig. 8 that human walking perpendicular to joists would not
produce larger responses than those induced by human walking parallel to joists.
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(a) LF14.5B

(b) LF17.0A
Figure 7: Acceleration histories and running RMS values of floor specimens induced by
human walking parallel and perpendicular to the joists

Figure 8: Predicted acceleration histories and running RMS values of LF17.0A induced
by human walking parallel and perpendicular to the joists
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The second comparison is performed for human evaluation tests on the floor
specimens with edges at the joist ends being partially restrained against rotation
as reported in Liu (2001). Acceleration histories of three walking paths: parallel,
perpendicular and diagonal path were recorded and the signal length is 50 s.
Typical repeated signal segments are selected from each 16 s segment and
compared with each other as shown in Fig. 9. It can be observed that acceleration
responses induced by human walking perpendicular to the joists are close to those
of human walking along diagonal path, and also greater than those of waking
parallel to floor joists but the differences are not notable as the test results shown
in Figs. 7.

(a) Parallel vs Perpendicular

(b) Perpendicular vs Diagonal
Figure 9: Acceleration histories and running RMS values of floor responses induced by
human walking along different paths

953

What was not investigated in the tests is walking with a circular path on the floor,
as shown in Fig. 6d. The circular path can be investigated by the proposed loading
models either MDO or MSDO. Fig. 10 illustrates the dynamic responses induced
by human walking perpendicular to the joists as well as walking along the circular
paths on the floor of LF14.5B. The acceleration responses are obtained by MDO
model and the radius of the circular path shown in Fig. 6d is set as same as the
step length. It can be observed from Fig. 10 that the response of circular path is
almost the same as that of perpendicular path.

Figure 10: Dynamic responses induced by human walking along different paths on
LF14.5B

5. Conclusion
In the present study, HSI in vibration of CFS floor systems induced by human
walking was studied with using recently developed damped plate-oscillator model.
Parametric studies were conducted to investigate the influences of walking step
frequencies, damping ratios, mass ratios and walking paths.
It can be concluded that the influence of HSI on floor response is primarily
depending on the mass ratio of human occupants to floor. Based on the parametric
studies herein, if the mass ratio is less than 0.05 such as CFS floor systems with
sheathing panel and concrete topping, the effect of HSI is negligible. However,
when the mass ratio is greater than 0.1 such as CFS floor systems with subfloors
which has only one layer of cementitious panel or wood panel, the influence of
HSI can be significant. Thus, from the perspective of HSI, CFS floor systems can

954

be divided into two categories: one is ultra-lightweight floor systems for floors
with subfloors have only one layer of cementitious panel or wood panel, and the
other is lightweight floors which have sheathing panel and concrete topping.
Furthermore, the damping ratios of human occupants can introduce significant
damping to unoccupied lightweight floors. The effect of damping associated with
unoccupied lightweight floors has limited influence on floor vibration responses.
For that reason, the inconsistencies of damping ratios between the laboratory and
field studies will be reduced if the damping associated with human occupants are
accounted for. Therefore, damping ratios obtained from laboratory tests may be
used in design particularly in the case ultra-lightweight floors.
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